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PREFACE 
Cold-formed steel members have been used in virtually every area of construction. In 
order to review the research findings and the design methods developed in this field, 12 Interna-
tional Specialty Conferences on Cold-Formed Steel Structures have been held since 1971. 
Since 1994, significant progress has been made in the development of design standards 
and in various studies of cold-formed steel members and structural systems throughout the world. 
The Thirteenth International Specialty Conference on Cold-Formed Steel Structures was held in St. 
Louis, Missouri on October 17-18, 1996. It was sponsored by the American Iron and Steel Institute 
(AISI), Metal Building Manufacturers Association (MBMA), Rack Manufacturers Institute (RMI), 
Steel Deck Institute (SDI), and the University of Missouri-Rolla (UMR) in cooperation with the 
American Society of Civil Engineers (ASCE) Committee on Cold-Formed Members, Canadian 
Sheet Steel Building Institute (CSSBI), Metal Lath/Steel Framing Association (MLlSFA), Division 
of NAAMM, Structural Stability Research Council (SSRC) Task Group on Thin-Walled Metal 
Construction, the University of Strathclyde in Scotland, and the Centre for Advanced Structural 
Engineering of the University of Sydney in Australia. 
This publication contains 45 papers presented at the Conference. These papers not only 
report the results of recent research but also discuss the technical developments in cold-formed 
steel design and construction. 
As directors of the Conference, we are very grateful to all the sponsors and supporting 
organizations for their financial and technical support and to all authors for their contributions in 
the field of cold-formed steel structures. Appreciation is also due to members of the Planning Com-
mittee (R.L. Brockenbrough, w'S. Easterling, D.S. Ellifritt, S.J. Errera, E.R. Estes, S.R. Fox, G.J. 
Hancock, R.B. Haws, R.B. Heagler, A.L. Johnson, D.L. Johnson, w'R. Midgley, T.B. Pekoz, T.M. 
Petry, J. Rhodes, W.L. Ries, P.A. Seaburg, R.L. Serrette, and w,L. Shoemaker) for review and 
selection of papers and their advice in preparation of the conference. 
We very much appreciate the welcoming remarks presented by Chancellor J.T. Park, Mr. 
R.B. Haws, Dr. WL Shoemaker, Mr. G. Prest, and Mr. R.B. Heagler. We would like to thank all of 
the session chairmen listed in the program for their time and effort. 
Finally, we express our sincere thanks to the many faculty and staff members of the Uni-
versity of Missouri-Rolla, Chancellor J.T. Park, Dean O.R. Mitchell, Or. T.M. Petry, Mrs. Sue 
Turner, Mr. W.L. Ries, Mr. R.A. Blaylock, Mrs. Debby Thrnbull, Mrs. Cheryl Dennis, and many 
others. Their advice, encouragement, and contributions have been of great value to the conference. 
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Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
St. Louis, Missouri U.S.A., October 17-18,1996 
GOLDEN ANNIVERSARY OF THE AISI SPECIFICATION 
INTRODUCTION 
by 
Wei-Wen Yul , Don S. Wolford2, and 
Albert L. Johnson3 
The use of cold-formed steel members in building construction began in about the 1850's in the 
United States and Great Britain. However, such thin-walled steel members were not widely used 
for buildings until after 1946 when the first edition of the Specification for the Design 0/ Light 
Gage Steel Structural Members was published by the American Iron and Steel Institute (AISI, 
1946). This first design standard was based primarily on the research work sponsored by the 
Institute at Cornell University under the direction of Professor George Winter after 1939 
(Winter, 1959a and 1959b). It was revised subsequently by the AISI Committees in 1956, 1960, 
1962, 1968, 1980, and 1986 to reflect the technical developments and the results of continuing 
research (yu, 1991). All the above mentioned seven editions of the AISI Specification adopted 
the conventional, allowable stress design (ASD) method. In 1991, AISI published the first 
edition of the Load and Resistance Factor Design Specification/or Cold-Formed Steel Structural 
Members (AISI, 1991). Both AISI allowable stress design (ASD) and load and resistance/actor 
design (LRFD) Specifications were combined into a single document in 1996 (AISI, 1996). 
The purpose of this paper is to summarize the historical developments of the AISI Specification 
during the past 50 years. A review of the past experience and background information will 
undoubtedly benefit the planning of future research and the development of new design criteria 
for cold-formed steel structural members and structural systems. 
DEVELOPMENTS OF THE AISI SPECIFICATION 
(1) 1946 Edition (AISI, 1946) 
During the 1930's the acceptance and the development of cold-formed steel construction 
in the United States faced difficulties due to the lack of an appropriate design 
specification. Various building codes made no provision for cold-formed steel 
construction at that time. 
Curators' Professor Emeritus of Civil Engineering and Director of the Center for Cold-
Formed Steel Structures, University of Missouri-Rolla, Rolla, Missouri. 
Consultant, Middletown, Ohio. 
Director of Technology, Niobrara Engineering & Research Company, Southfield, 
Michigan. 
2 
It became evident that the development of a new design specification for cold-formed 
steel construction was highly desirable not only because the performance of thin cold-
formed structural members under load differs in several significant respects from that of 
heavy hot-rolled steel sections, but also the forms, shapes, connections, and fabrication 
practices which have been developed in cold-formed steel construction differ in many 
ways from those of heavy steel structures. As a result, design specifications for heavy 
hot-rolled steel construction cannot possibly cover the design features of cold-formed 
steel construction completely. 
Realizing the need of a special design specification and the absence of factual background 
and research information, the AISI Committee on Building Codes sponsored a research 
project at Cornell University in February 1939 for the purpose of studying the 
performance of light-gage, cold-formed steel structural members and of obtaining factual 
information for the formulation of a design specification. Research projects have been 
carried out continuously at Cornell University starting under the direction of Professor 
George Winter. During the first seven years of study (1939-1946), the research program 
concentrated on the study of beams, studs, roof decks, and connections under the 
supervision of an AISI Technical Subcommittee. In order to respond to numerous 
requests from building officials, engineers, architects, and builders for design standards 
to govern the use of light gage steel members for structural purposes in buildings, the 
Technical Subcommittee prepared the first edition of the Specification in 1946 under the 
chairmanship of Milton Male. It was primarily on the basis of the available analytical and 
experimental results obtained from the Cornell research (Winter, 1940, 1943, 1944, 
1946). 
The 1946 edition of the Specification contained the following six sections: 
Section 1 General 
Section 2 - Design Procedure 
Section 3 - Allowable Design Stresses 
Section 4 - Connections 
Section 5 - Design of Braced Wall Studs 
Section 6 Tests 
This first edition of the Specification was applicable only to steel sheet or strip less than 
3/16 in. (4.76 mm) in thickness. Two ASTM Specifications (A245 and A246) were listed 
in Section 1.2 on Material. The yield point of steel ranged from 25 to 33 ksi (172-228 
MPa). 
For design purposes, the basic design stress was based on a safety factor of 1.85. The 
Effective Design Width approach was used for stiffened compression elements and the 
Reduced Working Stress approach was used for unstiffened compression elements. A 
form factor "Q" was used for column design to account for the reduction of column 
strength due to the effect of local buckling of compression elements. For beam design, 
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the allowable design stresses for lateral buckling and shear buckling of beam webs were 
based on elastic buckling stresses with a maximum of yield point in tension and shear, 
respectively. 
For connections, design provIsIOns were provided only for welds. The design 
requirements for wall studs were based on the theoretical and experimental investigations 
conducted by Green, Winter, and Cuykendall (1947). 
Design Manual (AISI, 1949). 
In January 1949, AISI published the first Light Gage Steel Design Manual, which was 
prepared by the AISI Manual Subcommittee under the chairmanship of Tappan Collins. 
The Design Manual included the following five parts and an Appendix: 
Part I - Explanatory Comments and Design Charts 
Part II Tables of Properties 
Part III 1946 Edition of the Specification 
Part IV - Supplementary Information 
Part V - Examples 
Appendix - Supplementary Tables 
Correlation of the Cornell University Research Investigation with the Specification 
Even though most of the findings of the research projects conducted at Cornell University 
had been published through normal channels, a need was noted as early as 1947 for a 
systematic discussion of the background of the Specification. This led to the preparation 
of a document, "Correlation of the Cornell University Research Investigation with the 
Specification," which was published in mimeographed form by AISI in 1947, and 
republished in a revised form in 1950. 
(2) 1956 Edition, (AISI, 1956) 
Since the pUblication of the AISI's first design standard in 1946, the Specification has 
gained both national and international recognition. It was accepted as the design standard 
for cold-formed steel structural members in the Basic Building Code, the National 
Building Code, the Southern Building Code, and the Uniform Building Code. 
Promulgation of the Specification into model national codes, state codes, and local codes 
has continued throughout the Specification's history. At Cornell University, research 
projects were continued to study the bending capacities of hat sections, braced and 
unbraced channels and Z-beams, web crippling strengths, combined axial load and 
bending, and bolted connections. In keeping with the rapid technical developments and 
to reflect the results of the continued research at Cornell University (Winter, 1947, 
1956a, 1956b), the Specification was rewritten and enlarged in 1956 under the 
chairmanship of W.D. Moorehead. In this second edition, the order of presentation of 
4 
the material was changed and substantive changes and additions were made. The major 
changes and additions are as follows: 
Section 1 - General 
ASTM A303 Specification was added. 
Section 2 - Design Procedure 
The provisions for effective design widths were simplified. The 
design provisions for multiple-stiffened elements were added. The 
maximum hIt ratio for beam webs was established. 
Section 3 - Allowable Design Stresses 
Design provisions were added for angle struts, unbraced channels 
and Z-beams, bending stress for webs, combined bending and 
shear stresses in webs, web crippling load for single unreinforced 
webs, wind and earthquake stresses, and tubular compression 
members. 
Section 4 - Connections 
New provisions were added for welds and bolted connections. 
Section 5 - Bracing Requirements 
Bracing requirements for channels and Z-shaped beams were 
added. 
Design Manual (AISI, 1956) 
The second edition of the Specification was published in Part I of the 1956 edition of the 
AISI Light Gage Cold-Fonned Steel Design Manual. Other parts of the AISI Design 
Manual included the following items: II - Supplementary Information, III - Illustrative 
Examples, and IV - Charts and Tables of Structural Properties. 
Commentary (AISI, 1958) 
Following the publication of the 1956 edition of the Specification, the mimeographed 
copy of the "Correlation of the Cornell University Research Investigation with the 
Specification" was republished in 1956 by adding a Temporary Supplement to discuss the 
changes made in the second edition of the Specification. At the request of the AISI 
Committee on Building Research and Technology, Professor George Winter prepared the 
5 
first formal Commentary in 1958 to provide a record of the reasoning behind, and 
justification for the various provisions of the Specification. 
(3) 1960 Edition (AISI, 1960) 
The rapidly expanding use of and experience with cold-formed steel construction made 
it advisable to issue a revised edition of the AISI Specification in 1960 during the 
chairmanship of Tappan Collins. In this third edition, the basic safety factor was reduced 
from 1.85 to 1.65. This revision brought the safety factor in line with other specifications 
for the structural use of steel in buildings, and was considered to be justified by the 14 
years of experience since the publication of the first edition of the specification and the 
enviable safety record established during that time by structures designed according to 
the AISI Specification. Other major changes were related to the following provisions: 
Section 1 - General 
Thickness limitation was deleted. Two ASTM Specifications on 
high strength low alloy steel sheets and strip (A374 and A375) 
were added. 
Section 2 - Design Procedure 
Effective design width equations were revised according to the 
reduced safety factor of 1.65. 
Section 3 - Allowable Design Stresses 
The basic design stress and the allowable stresses for compression 
on unstiffened elements and lateral buckling of beams were 
increased by 12 % as a result of using a reduced safety factor of 
1.65. In addition, the inelastic buckling behavior was considered 
for lateral buckling of beams. 
The safety factor used for determining the allowable stress for 
axially loaded compression members was reduced from 2.15 to 
1.95. 
Section 4 Connections 
Minor changes were made on the allowable shear strengths of 
resistance welds, built-up compression members, and spacing of 
connections in compression elements. The design provisions for 
using high strength bolts were added. 
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Design Manual (AISI, 1961) 
The 1960 Edition of the Specification was published in Part I of the 1961 Edition of the 
Light Gage Cold-Formed Steel Design Manual. Additional illustrative examples and 
charts and tables were added to Parts III and IV of the Design Manual, respectively. 
Commentary (AISI, 1961) 
The Commentary on the 1956 Edition of the Light Gage Cold-Formed Steel Design 
Manual, published by the Institute in 1958, was updated in 1961 by Professor Winter to 
provide the background for the changes made in the 1960 edition of the Specification and 
the 1961 edition of the Design Manual. 
(4) 1962 Edition (AISI, 1962) 
It has long been known that any cold working, such as cold stretching and bending, 
affects the mechanical properties of steel. Based on the initial research work conducted 
at Cornell University, the AISI Specification was revised in 1962 during the 
chairmanship of D.S. Wolford to recognize the possibility of utilizing the added strength 
due to cold work of forming. Previous editions provided that all design provisions were 
to be based on the material properties before forming. The 1962 edition of the AISI 
Specification, for the first time, permitted the use of as-formed strength as a basis for 
design in those situations where such utilization is safe and justified. In addition to this 
main change, the interaction equations for combined axial and bending stresses were 
revised to recognize the secondary moment effect. For frames which depend upon their 
own bending stiffness for lateral stability, the effective length in the plane of the frame 
was refined to be not less than the actual unbraced length. 
Design Manual (AISI, 1962) 
In Part I of the 1962 Edition of the Design Manual, the Specification was revised to 
reflect recent technical developments and the results of continuing research, particularly 
those relating to the utilization of as-formed strength. 
Part II of the Manual, Supplementary Information, was enlarged to include design 
procedures for beams having laterally unbraced compression flanges. In Part III, the 
illustrative examples were revised to conform with the revisions made in the 
Specification. 
Commentary (AISI, 1962) 
In order to provide the background for the changes and additions made in the 1962 
edition of the Design Manual, the Commentary on the 1962 Edition of the Light Gage 
Cold-Formed Steel Design Manual was revised by Professor Winter and republished by 
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the Institute in October 1962. 
(5) 1968 Edition (AISI, 1968) 
In early 1960's, the AISI sponsored research topics were expanded to include studies of 
effects of cold-forming, fusion welding, shear diaphragms, bracing of beams and columns 
with diaphragms, folded plates, hyperbolic paraboloids, torsional-flexural buckling, and 
cold-formed stainless steel members. The major project on torsional-flexural buckling 
was initiated by a report of failure in Europe caused by torsional-flexural buckling mode 
of truss members. 
Following the extensive investigations of the above mentioned research topics, a major 
revision of the Specification was carried out in 1968 during the chairmanship of J.B. 
Scalzi. The primary expansion was the inclusion of design provisions for compression 
members which may be subject to torsional-flexural buckling (pekoz and Winter, 1969). 
Numerous other revisions were also made throughout the Specification. Prior to the 
revision of the Specification, special studies were carried out by a joint AISI-AISC Task 
Force to coordinate the AISC Specification for the design of hot-rolled shapes and the 
AISI Specification for the design of cold-formed steel structural members. 
Specifically, the major revisions made in the 1968 edition of the Specification are 
outlined as follows: 
Section 1 - General steel 
ASTM A303 was replaced by ASTM A570 steel. 
Section 2 - Design Procedure 
Definitions of several new terms were added and the unit for stress 
was changed from psi to ksL All design equations were revised' for 
the ksi unit. 
Section 3 Allowable Design Stresses 
Design equations for utilh:ing cold work of forming were added 
(Karren, 1967; Karren and Winter, 1967; Winter and Uribe, 
1968). 
Design equations for lateral buckling of beams were revised in 
terms of (OS.Jdlyc) instead of (L/ry)' A bending coefficient Cb was 
used in the design equation. 
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The design provisions for shear stress in webs were revised to 
recognize the inelastic shear buckling and the safety factor used for 
medium and large hit ratios was reduced from 2.22 to 1.67. Web 
crippling equations were changed in terms of Fy instead of the 
basic design stress. 
For compression members, specific design provisions were added 
for singly-symmetric and non symmetric shapes which may be 
subject to torsional-flexural buckling. For flexural buckling of 
compact compression members using materials 0.09 inches (2.29 
mm) or thicker, the safety factor varies from 1.67 to 1.95. When 
Llr> 120, a slightly higher allowable stress was allowed for 
bracing and secondary members. 
New provisions were added for combined axial and bending 
stresses to deal with the design of members which may be subject 
to torsional-flexural buckling. 
For cylindrical tubular members, an equation for inelastic local 
buckling was added. 
Section 4 - Connections 
The design equation for tension stress on net section of bolted 
connections was generalized for using multiple bolts. 
Section 6 - Tests for special cases 
Test requirements for flat elements of formed sections and for 
mechanical properties of virgin steel were added. 
Design Manual (AISI, 1968-1972, 1977) 
During the period from 1968 through 1977, several printings of the 1968 edition of the 
Specification, Commentary, Supplementary Information, Illustrative Examples, and 
Charts and Tables were published by AISI. In 1977, AISI published a new edition of the 
Cold-Fonned Steel Design Manual. It represents a major improvement in format and 
useability. Since the Manual was in a loose leaf binder, this made the charts and tables 
much easier to use, and it made possible prompt revisions of portions of the Manual 
without waiting for republication of the entire Manual. 
(6) 1980 Edition (AISI, 1980) 
In 1973, the Advisory Group on the Specification was formed at AISI to handle the 
9 
development and modification of the Specification and to supervise the research activity 
under the AISI sponsorship. The Advisory Group worked under the Specification writing 
authority of the AISI Committee on Construction Codes and Standards. The Advisory 
Group was established with a balance among producers, users, and general interest 
members. This approach has been maintained, and the work of the current Committee 
on Specifications follows the philosophy established by ASTM and ANSI. The first 
chairman of the Advisory Group was RB. Matlock and the second chairman was D.S. 
Wolford. In 1977, K.H. Klippstein assumed the chairmanship of the Advisory Group 
(Johnson, 1978). 
As far as the Specification was concerned, AISI issued Addendum No.1 in November 
1970 to add ASTM Specifications for A606, A607 and A611 steels. 
In February 1977, the AISI Committee approved Addendum No.2, in which the scope 
of the Specification was extended to cover cold-formed steel members up to one inch 
(25.4 mm) in thickness. As a consequence, ASTM Specifications were expanded to 
include plate and bar steels, as well as sheet steels. This expansion to thicker steels was 
stimulated by the increased capacity of cold-forming equipment, and was validated by a 
research project conducted at the University of Missouri-Rolla (Yu, Liu and McKinney, 
1974). Also included in Addendum No.2 was the new requirement covering the 
delivered minimum thickness. This provision stated that the uncoated minimum steel 
thickness of the cold-formed product as delivered to the job site shall not at any location 
be less than 95 percent of thickness used in design. The fourth modification included in 
Addendum No. 2 was dealing with the reduction of the web crippling load due to the 
presence of bending moment. 
In addition to the modifications included in Addenda Nos. I and 2, a number of other 
important topics were revised in the 1980 edition of the Specification as outlined below 
(Johnson, 1980). 
Section 1 - General 
New ductility requirements were added for the mmlmum 
elongation and the minimum ratio of tensile strength to yield point. 
For steels with less ductility (Grade E of A446 and A611), reduced 
allowable basic design stress was specified in the Specification. 
Section 2 - Design Procedure 
The maximum hIt ratio for unrein forced webs was increased from 
150 to 200. For webs with transverse stiffeners, the maximum hIt 
ratios were also increased to be consistent with theAISC 
Specification. New provisions were added for transverse stiffeners 
attached to beam webs. 
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Section 3 Allowable Design Stresses 
The provisions for web design were revised extensively on the 
basis of the research work conducted at the University of Missouri-
Rolla: (1) The allowable shear and bending stresses were revised 
in keeping with the increased maximum hIt ratio. The allowable 
shear stresses recognized the possible use of transverse stiffeners. 
The allowable bending stresses were revised for considering the 
postbuckling strength of beam webs (LaB£lUbe and Yu, 1982). (2) 
The web crippling provisions were revised and expanded. (3) New 
interaction equations were added for combined bending and web 
crippling (Hetrakul and Yu, 1978). 
A new section was added to permit the designer to utilize the 
inelastic reserve capacity of beams under specified limitations. 
These new provisions were based on Cornell research work (Reck, 
Pekoz and Winter, 1975; Yener and Pekoz, 1985). 
The design equation for determining the allowable compression 
stress for bracing and secondary members was deleted because of 
the lack of an accepted definition for that type of member. 
A new section was added for the case of torsional buckling of 
doubly-symmetric and point-symmetric shapes. 
Section 4 Connections 
The provisions for arc welds were completely revised based on the 
Cornell research (Pekoz and McGuire, 1979) and the coordinated 
effort by AISI and American Welding Society. Of particular 
importance were design provisions for arc spot welds and arc seam 
welds. These provisions were applicable for steels with connected 
parts 0.18 inches (4.57 mm) and less in thickness. 
Provisions for bolted connections were completely revised based 
on research at the University of Missouri-Rolla (Yu, 1982). All 
design equations were in terms of tensile strength Fu rather than 
yield point Fy • Criteria for bolted connections without washers 
were added. The allowable shear stress on bolts was increased and 
small diameter high strength bolts were covered with listing of 
, ASTM A354 and A449 bolts. The revised design provisions were 
, for connections in which the thickness of the thinnest connected 
part is less than 3/16 inch (4.76 mm). 
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SectionS - Bracing Requirements 
Provisions for the design of wall studs which are braced by 
sheathing were completely revised and expanded. The design was 
based on the shear stiffness of the sheathing material, rather than 
on the extensional stiffness formerly used. These revisions were 
based on research at Cornell University (Simaan and Pekoz, 1976) 
As a result of the cooperative effort by the Metal Building 
Manufacturers Association and AISI, more direct guidance was 
added to the Specification for bracing channels and Z-sections 
when one flange is connected to deck or sheathing. In addition, it 
was specified that no other braces will be required when all loads 
and reactions on a beam are transmitted through members which 
frame into the section in such a manner as to effectively restrain 
the section against rotation and lateral displacement. 
Section 6 - Tests for Special Cases 
This section was rewritten to improve clarity. Larger load factors 
were used to determine the load-carrying capacity when limited by 
connection failure. 
Design Manual (AISI, 1983) 
The Cold-Formed Steel Design Manual based on the 1980 edition of the Specification 
was published by AISI in 1983. Same as the 1977 edition of the Manual, it included the 
following five Parts: I - Specification, II - Commentary, III - Supplementary Information, 
IV - Illustrative Examples, and V - Charts and Tables. Unlike previous editions of the 
Commentary, which were in a textbook format, the discussions contained in the 
Commentary on the 1980 edition of the Specification were presented in the same 
sequence as that in the Specification. This new format was adopted to better facilitate 
practical use in a well-established field. 
(7) 1986 Edition (AISI, 1986) 
The 1980 edition of the Specification was revised in 1986 during the chairmanship of S.!. 
Errera. It represents six years of intensive effort by the Advisory Group and its 21 
subcommittees (Johnson, 1982 and 1986). The Specification was reformatted by using 
chapters instead of sections in order to simplify the Specification without changing the 
substance (pinkham, 1986). The most important change in design procedure was the 
adoption of the unified approach related to the utilization of postbuckling strength of 
structural elements, including uniformly compressed stiffened and un stiffened elements, 
webs of flexural members, stiffened elements with stress gradient and elements with edge 
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stiffeners. This approach was based on Pekoz's thorough and detailed study of research 
results (pekoz, 1986a and 1986b). 
The major revisions of the Specification are summarized as follows: 
A. General Provisions 
Non-dimensional format was adopted to facilitate its use in any compatible 
system of units. 
ASTM Specification A 792 for zinc-aluminum sheet was added. Provisions 
for Grade E steels were clarified, and specific guidance was given for 
design provisions governed by Fy and Fu. 
Guidance on loading conditions were added. A list of reference documents 
was added. It included related design specifications, as well as the 
manuals issued by user industries. 
B. Elements 
The definition of web depth was defined as the flat portion of the web. 
Alternative methods for calculating effective widths of uniformly 
compressed stiffened elements for use in deflection calculations were 
offered. Provisions for uniformly compressed stiffened elements with 
circular holes were introduced. Effective widths under stress gradient were 
considered for webs, stiffened elements, unstiffened elements and edge 
stiffeners. Allowable stresses for unstiffened elements were replaced by 
an effective width approach. Design provisions for elements with less than 
"adequate" edge stiffeners were added. 
C. Members 
Member strengths were given in terms of force or moment, rather than 
stress. Safety factors were given explicitly. The unified approach permits 
numerous simplifications in formulation of design provisions. 
New equations were added to determine the critical lateral buckling 
moment for singly-symmetric sections. 
The presentation of web crippling strength was simplified. 
The Q factor was eliminated from the design equations for columns. The 
design provisions for combined axial load and bending were simplified for 
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singly-symmetric shapes. 
The design of cylindrical tubular members was clarified and expanded, 
with separate treatment for bending and compression. 
D. Structural Assemblies 
The purpose and requirements for lateral bracing were clearly defined. 
Detailed provisions for anchorage of bracing for roof systems under 
gravity load with top flange connected to sheathing were added on the 
basis of the research work conducted at the University at Oklahoma 
(Murray and Elhouar, 1985). 
Wall stud design provisions for determining the allowable load were 
revised. A test alternative for determination of wall sheathing parameters 
was permitted in addition to the use of tabulated values. Design provisions 
for the interaction of bending and axial load in wall studs were liberalized. 
E. Connections and Joints 
Allowable shear strengths for resistance spot welds were increased for 
thinner sheets. 
Provisions for oversize and slotted holes were added. Allowable tension 
stresses for bolts were added. Provisions were introduced for bolts subject 
to a combination of shear and tension. 
Shear rupture was considered at beam-end connections. Connections to 
other materials were considered, with specific guidance for bearing 
stresses. 
Attention was called to the need for consideration of puil-over of sheet 
around fastener heads, as well as pull-out of fasteners. 
F. Tests for Special Cases 
Potential misinterpretation of the test provisions was avoided through 
rewording definitions and requirements. 
Appendices 
Three infrequently used sections on cold work of forming, flange curling, 
and shear lag effects were moved to Appendices to improve the readability 
of the main text of the Specification. 
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1989 Addendum 
In 1989, AISI issued an Addendum to the 1986 edition of the Specification based on the 
results of continuing research, advances in design techniques, development of new steels, 
and the needs of the design profession and consuming industries (Errera, 1990). The 
major changes are summarized as follows: 
A. General Provisions 
All ASTM Specifications were updated. 
The use of steel with a lower FjFy ratio was permitted for certain flexural 
members provided that the additional criteria on local and uniform 
elongation can be satisfied. 
The design criteria for cold work of forming were moved from the 
Appendix to the main text. 
The reference documents were updated. 
B. Elements 
The design provisions for flange curling and shear lag effects were moved 
from the Appendices to the main text. 
C. Members 
For lateral buckling strength of flexural members, the sequence of the 
design provisions was rearranged and clarified. 
For beams having one flange through-fastened to deck or sheathing, 
reduction factors were provided for the calculation of nominal moment 
(LaBoube and Thompson, 1982; LaBoube et al., 1988; LaBoube and 
Golovin, 1990). 
The allowable moments used for combined bending and shear, combined 
bending and web crippling, and combined axial load and bending were 
clarified. 
D. Structural Assemblies 
For wall studs, the design provIsions were improved with a list of 
limitations. Stub column tests were recognized as a suitable basis for the 
design of studs with perforations. The effective length factors K., Ky, and 
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~ were removed from design equations to avoid unconservative designs. 
A new section was added for floor, roof or wall steel diaphragm 
construction. Factors of safety were provided for welded and mechanical 
connections under various loading conditions (SDI, 1981). 
E. Connections and Joints 
A new design equation was added to determine the tensile load on arc spot 
welds. This equation was primarily based on Canadian experimental data 
(Fung, 1978). 
Design Manual (AlSI, 1986) 
The Design Manual for using the 1986 edition of the Specification was published by AISI 
in November 1986. It also contained the following seven Parts: I - Specification, II 
Commentary, III Supplementary Information, IV - Illustrative Examples, V Charts 
and Tables, VI - Computer Aids, and VII - Test Procedures. The Design Manual was 
republished in January 1991 to include the 1986 edition of the Specification with 
December 11, 1989 Addendum. Also included in the 1991 Design Manual was the 
revised Commentary. 
(8) LRFD Specification, 1991 Edition (AlSI, 1991) 
In 1991, the name of the AISI Advisory Group was changed to Committee on 
Specifications under the chairmanship of R. L. Brockenbrough and the vice chairmanship 
ofJ.M. Fisher. 
The first edition of the AISI Load and Resistance Factor Design (LRFD) Specification 
was published in 1991. It was developed from a research project sponsored by AISI at 
the University of Missouri-Rolla under the direction of Wei-Wen Yu with consultation 
of T. V. Galambos and initial contribution of M.K. Ravindra (Hsiao, Yu and Galambos, 
1990). In this LRFD Specification, separate load and resistance factors were applied to 
specified loads and nominal resistance to ensure that the probability of reaching a limit 
state is acceptably small. These factors reflect the uncertainties of analysis, design, 
loading, material properties and fabrication. They were derived on the basis of the first 
order probabilistic methodology as used for the development of the AlSC Load and 
Resistance Factor Design Specification for Structural Steel Buildings. 
This Specification contained six chapters of the LRFD recommendations for cold-formed 
steel structural members and connections. The nominal strengths used in the LRFD 
Specification were the same as that used for the ASD method. The load factors and load 
combinations were based on ASCE 7 - Load Standard with minor modifications. The 
background information for the design criteria was discussed in the AISI Commentary 
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and other related references (AISI, 1991). 
LRFD Design Manual (AISI, 1991) 
The contents of the AISI LRFD Cold-Formed Steel Design Manual are similar as the ASD 
Cold-Formed Steel Design Manual (AISI, 1986), except that Parts I and II are the LRFD 
Specification and the Commentary thereon. All illustrative examples (part IV) and 
Computer Aids (part VI) were prepared on the basis of the LRFD Specification. 
(9) 1996 Edition (AISI, 1996) 
The AISI Allowable Stress Design (ASD) and Load and Resistance Factor Design 
(LRFD) Specifications were combined into a single document in 1996 during the 
chairmanship of R.L. Brockenbrough and vice chairmanship of J.W. Larson. In this 
combined ASD/LRFD specification, the format has been slightly modified. The safety 
factor, 0, and the resistance factor, ,p, are provided in each section along with the 
nominal strength equation. The detailed revisions and additions of the Specification are 
summarized by Brockenbrough in a sepMate conference paper (Brockenbrough, 1996). 
Design Manual (AISI, 1996; Kaehler and Seaburg, 1996) 
The 1996 edition of the AISI Design Manual has been reorganized and expanded for use 
with the 1996 edition of the AISI combined ASD/LRFD Specification. The newly revised 
Design Manual includes the following eight Parts: 
Part I - Dimensions and Properties 
Part II Beam Design 
Part III - Column Design 
Part IV - Connections 
Part V - Specification 
P,art VI - Commentary 
Part VII - Supplementary Information 
Part VIII - Test Procedures 
The contents of the new Design Manual are discussed by Kaehler and Seaburg in a 
separate conference paper (Kaehler and Seaburg, 1996). 
(10) AISI Staff Support 
During the past 50 years, many AISI staff members have made significant contributions 
to the development of the AISI Specification. They include B.L. Wood, J.A. Schad, 
W.O. Kirkland, E,O. Stephenson, J.C, Spence, W.W. Yu, A.L. Johnson, R.A. 
LaBoube, R.B. Haws, D.F. Boring, K.C. Slaughter, S.P. Bridgewater, and many others. 
Their tireless effort and technical support provided to the AISI committees proved to be 
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important factors for the success of the cold-formed steel design technology. 
OTHER SPECIFICATIONS AND ORGANIZATIONS 
In the past, close liaison has been maintained between the AISI committee and other specification 
writing committees located in Canada, Europe, Australia and the United States (AISC, ASCE, 
ACI, etc.) through cross-memberships. The AISI Specification is also used as a reference 
standard in several specialized structural design standards such as those of MBMA, RMI, sm, 
SIT, etc. A collaborative effort among Canadian, Mexican, and United States specification 
writing groups has recently been initiated (Schuster, 1995). Many members of the AISI 
committee have been very active in various professional societies, research councils, and trade 
associations which are concerned with cold-formed steel research and design. 
RELATED PUBLICATIONS 
1. Translations 
Since 1960, the AISI Specification and Design Manual have been translated into German, 
Spanish, Italian, Chinese, and others. Many other specifications for the design of cold-formed 
steel structural members have been prepared on the basis of the AISI Specification with 
modifications to satisfy the national requirements for loads and the design criteria for hot-rolled 
steel shapes. 
2. Stainless Steel Design Specification 
Booiuse the mechanical properties of stainless steels are significantly different from those of 
carbon steel, AISI published the first edition of the Specification for the Design of Light Gage 
Cold-Fonned Stainless Steel Structural Members in 1968. The first Specification was prepared 
on the basis of the extensive research conducted by Johnson and Winter (1966) at Cornell 
University and the experience accumulated in the design of cold-formed carbon steel structural 
members. This Specification was revised and published by AISI in 1974 (AISI, 1974) to reflect 
the results of continuing research conducted by Wang, Errera and Winter (1975) and Errera, 
Popowich and Winter (1974). This AISI Specification was superseded by the ASCE Standard 
in 1990 (ASCE, 1991). 
3. Automotive Steel Design Manual 
In order to provide guidelines for the design of automotive components, AISI developed the first 
"Guide for Preliminary Design of Sheet Steel Automotive Structural Components," in 1981. It 
was based on the 1980 edition of the AISI Specification for the Design of Cold-Fonned Steel 
Structural Members with the factors of safety removed to provide the automotive engineer with 
an ultimate strength of the component. In October 1986, AISI published the first edition of the 
Automotive Steel Design Manual (AISI, 1986), which contained five sections. From 1987 
through 1996, six revisions have been issued by AISI. A computer software package AISIICARS 
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in now available for design use. 
4. Textbooks and Design Handbooks 
Since the publication of the AISI Specification for the Design of Light Gage Steel Structural 
Members in 1946, the design of cold-formed steel members has been included as a chapter or 
section in a number of textbooks and engineering handbooks (Yu, 1991). In 1973, a textbook 
devoted entirely to cold-formed steel structures was published by McGraw-Hill Book Company 
(Yu, 1973). A revised version of the book was published by John Wiley & Sons in 1985 and 
1991 (Yu, 1985 and 1991). 
5. Preliminary Design Guide for C- and Z-Members 
Preliminary Design Guide for Cold-Formed Steel C- and Z-Members (AISI, 1993) provides a 
simplified method of preliminary design for these members. The Guide was based on the 1986 
edition of the AISI Specification with 1989 Addendum. The design equations have been 
calibrated by LaBoube to generally yield a conservative load or moment capacity, when 
compared to the Specification. It can serve as a mechanism for the casual user or code official 
to quickly verify the adequacy of a cold-formed steel member. 
6. Computer-Aided Design, Decision Tables, and Flow Charts 
Computer programs have been used extensively for research, design, and preparation of design 
tables. In 1991, AISI published a document "Cold-Formed Steel Design Computer Programs" 
for the analysis and design of cold-formed steel structural members. This publication was 
updated and expended by the Center for Cold-Formed Steel Structures in 1993 and 1996 
(CCFSS, 1996). 
The decision table formulation of the AISI Specification was originally developed by Seaburg 
(1971) and modified to conform to the 1986 edition of the Specification by Midgley-Clauer 
Associates (AISI, 1988). Since 1986, the AISI Design Manual contains a series 'of flow charts. 
These charts are excellent means of helping the user to understand the design provisions and to 
provide a clear picture of the items that need to be considered in design. 
EDUCATIONAL PROGRAMS 
1. AISI Programs 
Since 1939, AISI has continuously sponsored a large number of research projects to investigate 
the behavior and structural strength of different types of cold-formed steel members, 
connections, and systems. In addition, the Institute has been very active to sponsor and to 
conduct short courses, seminars, and conferences throughout the United States. The Institute 
also sponsored college professors and established fellowships for graduate students to study cold-
formed steel design. Currently, AISI has developed the following programs through it Education 
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Subcommittee: (1) One-Hour Slide Talk on Cold-Formed Steel Structures, (2) Three-Hour 
Seminar on Lightweight Steel Framing, (3) Six-Hour Lecture Series on Cold-Formed Structural 
Steel Design, (4) Cold-Formed Steel Construction Booklet, (5) Manual on Lightweight Steel 
Framing. Lecture notes for the LRFD seminar are also available from the Center for Cold-
Formed Steel Structures. 
2. Short Courses and Seminars 
The first seminar on the design of light gage cold-formed steel structures was sponsored by AISI 
at West Virginia University in 1965 (Yu, 1965). Since that time, short courses have been 
conducted at Cornell University, University of Missouri-Rolla, University of Wisconsin-
Madison, University of Wisconsin-Milwaukee, University of Pittsburgh, University of Maryland, 
and University of Houston, just name a few. In addition, different seminars have been organized 
and conducted by individual speakers, various professional engineering societies, trade 
associations, and manufacturing companies. 
3. Specialty Conferences 
The fIrst Specialty Conference on Cold-Formed Steel Structures was held at the University of 
Missouri-Rolla in 1971. This year is the Silver Anniversary of the Specialty Conference. 
During the past 25 years, 12 international specialty conferences were held to review the research 
fIndings and the development of design methods. The Golden Anniversary of the AISI 
SpecifIcation will be celebrated at the Thirteenth International Specialty Conference on Cold-
Formed Steel Structures on October 17, 1996. Proceedings containing technical papers have been 
published for all conferences. 
4. Center for Cold-Formed Steel Structures 
The Center for Cold-Formed Steel Structures was established at the University of Missouri-Rolla 
in May 1990. The Center's activities focus on four main areas: Research, Engineering 
Education, Technical Services, and Profession Activity. Currently, the Center is fInancially 
supported by the American Iron and Steel Institute, Metal Building Manufacturers Association, 
Rack Manufacturers Institute, Steel Deck Institute, and the University of Missouri-Rolla. 
CONCLUSIONS 
The fIrst edition of the Specification/or the Design o/Light Gage Steel Structural Members was 
prepared and published by American Iron and Steel Institute in 1946. During the past 50 years, 
numerous important revisions have been made periodically by the AISI Committees to reflect 
the results of continuing research and the advances in design techniques. This paper summarizes 
the improvements made in various editions of the Specification to satisfy the needs of the design 
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THE 1996 AISI SPECIFICATION 
Roger L. Brockenbrough * 
Summary 
The first edition of the AISI specification was adopted in 1946. Thus, the new 
specification represents fifty years of progress in the formal structural application 
of cold-formed steel. The continued efforts of the Committee on Specifications 
and the sponsorship of the American Iron and Steel Institute have made this fifty 
years of progress in cold-formed steel a reality. The new specification combines 
ASD and LRFD provisions in a single document. This affords the design engineer 
the opportunity to become familiar with both methods and facilitates the use of 
whichever method is preferred. In addition, the new specification includes a 
number of new or revised provisions based on the results of continuing research. 
Introduction 
For over five years, there have been two AISI specifications for the design of cold-
formed steel members. The specification in load and resistance factor design 
(LRFD) format (AISI, 1991) was introduced in 1991 as an alternative to the 
specification in allowable stress design (ASD) format (AlSI, 1989), which was last 
revised in 1989. Many parts of the two specifications were similar with common 
equations for nominal strength. The nominal strength was divided by a safety 
factor for ASD design or multiplied by a resistance factor for LRFD design. After 
careful consideration, it was decided to combine the two specifications into a 
common document, the } 996 AISI Specification (AISI, 1996). This greatly 
simplifies the process of maintaining and updating, and makes it convenient for the 
design engineer to use whichever method is preferred. Also, the drafting of the 
specification gave an opportunity to include various new developments and to 
coordinate certain provisions with those of the AISC specifications. The adoption 
of the new specification by the AISI Committee on Specifications for the Design of 
Cold-Formed Steel Structural Members will follow after the public review period 
and final balloting. A comprehensive Commentary drafted by Prof Wei-Wen Yu 
will accompany the specification and facilitate its application. 
*Consulting Engineer, R. L. Brockenbrough & Associates, Inc., Pittsburgh, Pa. 
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Fifty Years of Progress 
The introduction of a new specification affords the opportunity to reflect briefly on 
the history of this document. The first edition of the AISI specification was 
adopted in 1946 (AlSI, 1946). It was based on a considerable amount of research, 
most of which was conducted at Cornell University under the direction of 
Professor George Winter beginning in 1939 (Errera, 1990). With continuing 
research, additional information was developed that found its way into AISI 
specifications in 1956, 1960, 1962, 1968, 1980, 1986, and 1991. In addition to 
Cornell University, significant research activities that led to improved 
specifications have been conducted at the University of Missouri-Rolla, Virginia 
Tech, University of Florida-Gainesville, University of Waterloo, University of 
Sydney and at other institutions. Most of this work in North America has been 
sponsored by AISI, with co-funding on specific projects by the Metal Building 
Manufacturers Association (MBMA), the Steel Deck Institute (SOl), and the Metal 
Lath/Steel Framing Association (ML/SFA). The specifications are developed by 
the AlSI Committee on Specifications, a consensus group of about 40 people with 
balanced representation from producers, manufacturers, users, researchers, and 
others. It is the continued efforts of this group and the sponsorship of the 
American Iron and Steel Institute that has made fifty years of progress in cold-
formed steel a reality. 
Format of New Specification 
The new specification can be used with either English or SI units. Most equations 
are dimensionless, but equivalent SI values have been given in parenthesis where 
specific English units are encountered. 
Following the organization of recent editions, the specification is organized under 
the following six major sections: 
A. General Provisions 
B. Elements 
C. Members 
D. Structural Assemblies 
E. Connections and Joints 
F. Tests for Special Cases 
Section A deals with several important topics induding materials, loads, and the 
basis of design (ASD or LRFD). Special efforts have been made throughout the 
specification to clearly indicate any provisions that apply only to ASD, such as 
safety factors, or only to ASD, such as load factors and resistance factors. 
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Equations for effective width, Section B, are the same for ASD and LRFD. Also, 
equations for nominal strength in Sections B through E are generally the same for 
ASD and LRFD. 





Required design strength 
Nominal strength 
Safety factor 
The safety factors are given in Sections B through E of the specification. For ASD 
design, the loads in the basic load combinations are nominal (unfactored) loads. 
Section A6 gives the general equation that must be satisfied for LRFD: 
where 
Ru Required strength 
Rn Nominal strength 
~ = Resistance factor 
The resistance factors are given in Sections B through E of the specification. For 
LRFD design, the loads in the basic load combinations are factored loads. 
Throughout most of the specification, the equation for nominal strength is given 
and the appropriate n factor (ASD) and ~ factor (LRFD) is given just below. 
However, for clarity, the provisions for combined effects are provided in separate 
sections for ASD and LRFD. This includes bending and shear (C3.3), bending 
and web crippling (C3.S), and combined axial load and bending (CS). 
New Provisions 
The significant new provisions that are included in the new AISI specification are 
summarized in Table 1 and reviewed below. 
B4.2 - This section covers the effective width of uniformly compressed elements 
with an edge stiffener. It is divided into three cases depending on the ratio of the 
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width between stiffeners to the thickness, wIt, and the parameter S, where S = 
1.28(E/f)0.5. The effective width of the element is determined from the equations 
in Section B using the plate buckling coefficient k given in this section. For Case 
II, S/3 < wIt < S, the following new equation is given for k: 
where 
C2 Is! laO 
n 1/2 
ku 0.43 
kG =5.25-5(Dlw)::;4 for lip stiffener 
ka = 4.0 for stiffener other than simple lip 
Is = Moment of inertia of stiffener about its centroidal axis 
Ia= Adequate moment of inertia of stiffener, so that each component 
element will behave as a stiffened element (see specification) 
D Depth of stiffener to center of bend (see specification) 
w = Width offlange (see specification) 
The depth-to-thickness ratio, dlt, of simple lip stiffeners should be limited to 14 
because deeper stiffeners may give unconservative results. 
C3.1.2 - This section, which addresses the lateral buckling strength of flexural 
members has been clarified and improved. Equations for calculating the critical 
moment, Me> that previously applied only to 1- or Z-sections bent about the x axis, 
now applies to singly-, doubly-, and point symmetric sections. The equations are: 
where 
For Me c.2.78My 
M := 10 M (1 lOMy ) 
c 9 y 36Me 
For Me ::;0.56My 
My = Moment causing initial yield in compression 
Me= Elastic critical moment 
Also, the following new equation for the bending coefficient Cb appears: 
where 
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Mma:x =absolute value ofmaxllnum moment in unbraced segment 
Ml =absolute value of moment at quarter point of un braced segment 
M2 =absolute value of moment at centerline ofunbraced segment 
M3 =absolute value of moment at three-quarter point of un braced segment 
Cb is used to modifY the elastic critical moment equation for a uniform moment to 
one that applies for moment gradients, The equation is derived from Kirby and 
Nethercott (1979) and agrees with that used in the AISC LRFD specification 
(AISC, 1993), Compared to the previous equation, it gives more accurate results 
when the moment diagram is non-linear. 
C3.4 - This section, which treats the web crippling strength of flexural members, 
has been modified to include a special provision for calculating the end reaction of 
a Z-section bolted to the end support. Based on recent tests (Bhakta et aI, 1992; 
Cain et ai, 1995), the web crippling capacity is increased by 30 percent if certain 
additional criteria are met. Specifically, a depth-to-thickness ratio of hit s 150, a 
radius-to-thickness ratio Rlt :s; 4, a section thickness t 2: 0,06 in. (1.5 mm), and a 
support member thickness 2: 3/16 in. (4,8 mm). 
Cl.S - This section addresses the strength of flexural members under combined 
bending and web crippling, Based on recent research (LaBoube et ai, 1994), the 








The equation applies for a bearing length-to-thickness mtio Nit s 140, hit s 150, 
Rlt:s; 5.5, and Fy S 70 ksi (483 MPa). Also certain connection requirements must 
be satisfied and the ratio ofthe thicker to thinner section must not exceed 1.3. 
C4 - In the section on concentrically loaded compression members, the column 
equations have been revised to agree with those in the AISC LRFD specification 
(AISC,1993). The new equations are included as follows: 




¢c '" 0.85 (LRFD) 
where Ae is the effective area at the stress F." which is detennined from 
where A = (F; 
c VF. 
~ = Yield point 
Least of elastic flexural, torsional, and torsional-flexural buckling 
stresses. 
The new column equations specifically include the effect of out-of-straightness. In 
contrast to the previous equations, the fonnat enables the use of a single, constant 
safety factor. In a study that reviewed the results of 299 tests, Pekoz and Sumer 
(1992) showed that the new equations were more accurate than the previous ones. 
The revisions to Section C4 also eliminated an additional equation for C- and Z-
sections and single-angle sections with unstiffened flanges, which detennined the 
strength based on the local buckling stress of the unstiffened element and the full 
cross-section area. Studies by Rasmussen (1994) and by Rasmussen and Hancock 
(1992) showed that the additional equation was unnecessary and gave excessively 
conservative results. 
C5 - In the section on combined axial load and bending, equations were added to 
check combined axial tension load and bending. 
Dl.2.2 - This section provides for lateral bracing, of channel- and Z-section beams, 
with neither flange connected to sheathing. Under the previous provisions, 
bracing was required at quarter-points and at center of a loaded length if 
concentrated over a specified length. However, research by Ellifritt et al (1992) 
showed that the specification equations predict loads that are conservative for the 
case when one intennediate brace is used, but may be unconservative where more 
than one lateral brace is used. This is because the restraining nature of the braces 
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may change the failure mode from lateral-torsional buckling to distortional 
buckling at the brace point. Although not a requirement, it is suggested that, 
minimally, a mid-span brace be used for channel- and Z-sections, because it may 
reduce horizontal deflection and rotation at service load by as much as 80 percent. 
D4 - The section on wall studs and wall stud assemblies was expanded to include 
provisions for calculating the effective area of studs with non-circular web 
perforations. The provisions permit the effective area to be calculated in 
accordance with Section B, assuming the web to consist of two unstiffened 
elements, one on each side of the perforation. The method was verified in tests by 
Miller and Pekoz (1994). Based on those tests, certain limitations apply regarding 
perforation size and spacing, and web depth-to-thickness ratio. Alternatively, the 
effective area can still be determined by stub-colurnn tests. 
The table for determining the shear rigidity of sheathing was also revised. The 
values are now independent ofthe stud spacing. 
DS - This section on steel diaphragm construction (floor, roof or wall) was not 
included in the previous LRFD specification, and is revised from that in the ASD 
specification. It provides a table of safety factors for ASD and resistance factors 
for LRFD to be applied to the in-plane nominal shear strength established by 
calculation or test. Safety factors range from 2.0 to 3.0 and corresponding ~ 
factors range from 0.65 to 0.50. Safety factors are about 20 percent higher for 
welded connections than for mechanical connections, because their strength is 
more difficult to predict. Also, safety factors for diaphragms subjected to 
earthquake loads are about 25 percent higher than for those subjected to wind 
loads because the ductility demand is higher. 
E2.2.2 - New expressions for the strength of arc spot welds in tension are 
presented in this section., based on research by LaBoube and Yu (1993). The 
nominal tensile strength P" is taken as the smaller of that limited by weld tensile 
failure and that limited by sheet tearing around the weld perimeter. 
The expression based on weld failure is 
where 
d. = Effective diameter of fused area 
Strength level designation in A WS electrode classification 
Two expressions are given based on sheet tearing: 
where 
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For F: I E(0.00187 ~, [6.59 3150(Fu I E)]tdaFu S L46tdJu 
For Fu I E 2: 0.00187 l~, == 0.70td.Fu 
F.=:: Tensile strength of sheet 
E= Modulus of elasticity 
t Total thickness of steel sheets 
d a = Average diameter of arc spot weld 
For eccentrically loaded arc spot welds, the nominal strength is reduced by 50 
percent. At side lap connections in a deck, the strength is reduced by 30 percent. 
E4 - This new section addresses the strength of screw connections in both shear 
and tension. It is based on a review by Pekoz (1990) of over 3500 tests worldwide. 
Because of the wide scope of application, the safety factor (0 = 3.0, ASD; q, 0.5 
LRFD) is somewhat higher than typically used elsewhere in the specification. 
The nominal shear strength P"" is based on tilting and bearing failure modes. The 
minimum shear strength of the screw is specified as l.25~" to preclude screw 
failure. The nominal shear strength is as follows: 
For '21 t, S 1.0, PIls is the smallest of 
For 12/11 2: 25, P'" is the smaller of 
where 
I I = thickness of sheet in contact with screw head 
'2= Thickness of screw head not in contact with screw head 
Tensile strength of sheet in contact with screw head 
Tensile strength of sheet not in contact with screw head 
d= nominal screw diameter 
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For 1. 0«(2/ (I (2.5, the value of Pm is determined by linear interpolation. 
The nominal tension strength includes a check on pull-out strength (PIW1 ' screw 
pulls out of sheet) and pull-over strength (Pm>v> sheet pulls over head of screw or 
over washer if present). The tensile strength ofthe screw is specified as 1.25 times 
the lesser of these to preclude screw failure. The nominal tensile strength is the 
lesser ofthe following: 
where (c lesser of depth of penetration and thickness 12 , 
where d" larger of screw head diameter and washer diameter (max. ;0 1/2 in. or 
13 mm). 
Conclusions 
The first edition of the AISI specification was adopted in 1946. Thus, the new 
combined specification represents fifty years of progress in the formal structural 
application of cold-formed steel. The continued efforts of the Committee on 
Specifications and the sponsorship of the American Iron and Steel Institute have 
made this fifty years of progress in cold-formed steel a reality. 
Due to the foresight of those that developed the original documents, it was feasible 
to combine ASD and LRFD provisions in a single specification. This greatly 
simplifies the process of maintaining and updating the specification. Also, it 
affords the design engineer the opportunity to become familiar with both methods 
and facilitates the use of whichever method is preferred. 
The new specification· includes various new or revised proVISIOns based on 
continuing research. These provisions affect a number of items including the 
design of edge stiffeners, lateral buckling strength, web crippling strength, column 
strength, wall stud compression strength, diaphragm strength, arc spot weld 
tension strength, and the strength of screw connections. The new column 
equations and the new equation for Cb, the moment gradient factor for the elastic 
critical moment, were adopted to agree with those ofthe AISC LRFD specification 
and to help unifY design methods. 
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Table 1 
Significant New Provisions Included in the AISI Specification 
B4.2- Effective Widths, Unifonnly Compressed Elements with an Edge Stiffener 
New equation for detennining k for the effective width detennination. 
C3.1.2 Flexural Members, Lateral Buckling Strength 
Equation for calculating the critical moment that previously applied only to 
1- or Z---sections bent about the x axis, now applies to singly-, doubly-, and 
point symmetric sections. 
New equation for the bending coefficient Cb. 
C3,4 Flexural Members, Web Crippling Strength 
Web crippling capacity increased by 30 percent for the end reaction of a Z-
section bolted to the end support and meeting other criteria. 
C3.S Flexural Members, Strength for Combined Bending and Web Crippling 
Specific provisions have been added for nested Z-sections over a support. 
C4 Concentrically Loaded Compression Members 
New column equations. Applies also to cylindrical tubular members (C6.2). 
Eliminated additional equation for C- and Z-sections and single-angle 
sections with unstiffened flanges. 
CS Combined Axial Load and Bending 
New provisions for combined axial tension load and bending. 
(Cont'd.) 
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Table 1 (Cont'd.) 
Significant New Provisions Included in the AISI Specification 
D3.2.2 Lateral Bracing, Channel- and Z-Section Beams, Neither Flange Connected 
to Sheathing 
Eliminated provision for bracing at quarter-points and at center of loaded 
length. 
D4 Wall Studs and Wall Stud Assemblies 
New provisions for calculating the effective area of studs with non-circular 
web perforations. 
Revised table for determining shear rigidity of sheathing. 
D5 Floor, Roof or Wall Steel Diaphragm Construction 
New table of safety factors (ASD) and resistance factors (LRFD) for 
diaphragms. 
E2.2.2 Arc Spot Welds, Tension 
New provisions for arc spot welds in tension. 
E4 Screw Connections 
New section on screw connections, including shear and tension. 
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A NEW AISI COLD-FORMED STEEL DESIGN MANUAL 
Richard Kaehler 1 and Paul A. Seaburg 2 
1. Introduction 
The Specification Committee of the American Iron and Steel Institute is currently 
developing a new Cold Fonned Steel Design Manual. The work is being done under 
contract with Computerized Structural Design with oversight provided by AISI 
Subcommittee 26 - Design Manual. This paper describes the purpose and contents of 
this Manual. It is expected the Manual will be published in conjunction with the new 
edition of the Specification for the Design of Cold-Fonned Steel Structural Members 
early in 1997. The Manual will contain the combined versions of the Allowable Stress 
Design and Load and Resistance Factor Design Specifications in addition to useful new 
design infonnation. 
II. History of the Manual 
In April 1946, the American Iron and Steel Institute published the first edition of its 
"Specification for the Design of Light Gage Steel Structural Members". The "Light Gage 
Steel Design Manual" followed in January, 1949. This Manual(l), priced at ONE 
DOLLAR, consisted of 77 pages intended "to supplement the Design Specification and to 
facilitate its application to ordinary design problems". It included section properties and 
other design infonnation for a useful series of basic sections including 2 back-to-back 
channels with stiffened and unstiffened flanges, 2 back-to-back equal leg unstiffened 
angles, single channels and zees with stiffened and unstiffened flanges and equal leg 
unstiffened angles. The properties were tabulated for thicknesses varying from .048 to 
.135 inches. It was indicated in the Forward that designers are by no means limited to 
the use of sections listed in the Manual because of the great variety of shapes that could 
be fonned however the designer should seek the advice of manufacturers or fabricators 
before specifying any special sections. The explanatory comments stated that 
fundamental design procedures which are universally applied in the selection of hot-
rolled steel shapes are equally applicable in dealing with light gage cold-fonned sections. 
It further explained the need to account for wide and thin compression elements by using 
reduced section properties or reduced allowable stresses. Several charts in the Manual 
provided the effective width ratio (bit) in tenns of actual flat width ratio (wit) and 
compressive stress leveL Those engineers who used this first Manual recall its 
convenient 9 1/4" by 6 1/4" size. 
Updated manuals have been published in response to Specification changes since 1946. 
Each manual followed the original concept of including section property tables with the 
understanding that the designer is not limited to the sections published nor were these 
sections necessarily readily available to them. The latest Manual covering the ASD 
Specification was published in 1986. A similar Manual for the LRFD Specification was 
published in 1991. These Manuals are in 8.5" by 11" page fonnat approximately 1.5 
inch thick and bound in three-ring notebooks to pennit easy insertion of changes and 
additions. The Manuals have seven parts including numerous example problems which 
illustrate the proper application of the Specification provisions. 
I Vice President, Computerized Structural Design, Inc .• Milwaukee, Wisconsin. 




Within AISI, there has been concern over the usefulness of the current version of the 
Manual. AISI conducted a mail survey of current holders of the Manual. It found that 
some of the Manual contents are seldom used and that there is a need for other types of 
information used more regularly in working with cold-formed steel products. In 
response to these concerns, AISI Subcommittee 26 Design Manual (SC/26) proposed 
in 1992 that an entirely new manual be developed. It was decided that this edition 
would cover the combined version of the ASD and LRFD Specifications, which was 
then under development. The project was estimated to require a three-year development 
period and funding of $162,000. SC/26 specified the format and contents which were 
then used by AISI to issue an RFP to write the new manual. Six organizations 
responded to this RFP. The firm Computerized Structural Design (CSD) in Milwaukee, 
Wisconsin, was selected to do the work. The project has been underway since 1994 
with completion scheduled for late 1996 and pUblication in early 1997. The CSD work 
is under the direction of James M. Fisher with Richard C. Kaehler serving as the project 
engineer for CSD. Oversight is provided by AISI SC/26 currently chaired by Paul A. 
Seaburg. 
III. Objectives of the 1996 Manual 
The objective of the new Manual is to provide a more useful reference for both the 
specialist and occasional user of cold-formed steel products. It is aimed at both students 
and practicing architects and engineers. Since the AISC Manual of Steel Construction 
(2) is one the best known references for steel designers, a similar format is being used in 
the AISI Manual. The Manual will provide much of the same type of information and in 
a similar layout to that of the hot-rolled shapes. This similar presentation style is also 
intended to help the designer apply conventional steel design approaches. For example, 
illustrations show that given a maximum moment value, the designer can determine an 
acceptable cold-formed section from a group of available sections. 
The Manual gives equal treatment to both ASD and LRFD by illustrating both approaches 
with examples and tabulated information. This will be particularly helpful to those 
persons now unfamiliar with LRFD. 
Currently, there are no recognized standard cold-formed sections. This presents a 
problem in producing tables of section properties and other section specific tables. Since 
the start of this work, manufactures of steel studs have agreed on standard dimensions 
for shapes useful in residential construction. The new Manual takes advantage of this by 
including these shapes. It is possible that the stud manufactures may have started a trend 
toward standardization of other available products. For other sections, however, the 
shapes shown are simply representative of shapes now being used. This should be very 
useful to the designer, nevertheless, by providing a good ballpark check on his/her own 
hand or computer generated calculations. Computer progranuners should find the entire 
contents of the Manual very useful in verifying the accuracy of their own programs. 
Others will find it valuable in checking programs they may wish to purchase. 
IV. New Features of the 1996 Manual 
The new manual is comprised of eight sections, the first six of which parallel the AISC 
Manual of Construction. To provide an easy transition from ASD to LRFD, wherever 
practical, a single design aid is provided which functions equally well for ASD and 
LRFD. Specific new features by section include: 
I. Dimensions and Properties 
The cross sectional dimensions have been updated to more realistically reflect the 
shapes commonly used by the stud, rack, metal building and component industries. 
Basic information on steel deck is now included. 
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A new, descriptive naming system was developed to provide a short hand name for 
each of the tabulated cross sections. These names are used in the subsequent tables, 
graphs and examples much in the same way that the AISC Manual uses the 
conventional names for hot-rolled shapes (Le. W12x22). For example, an 8 inch 
deep Z with a 2.5 inch flange, stiffener lips and a thickness of 0.060 is called an 
8ZS2.5x060. Although this does not fully define every parameter, such as bend 
radii and stiffener lip length, it provides an easily grasped, general description of the 
section, the details of which can be found in the tables from this section. 
As in the past, the tabulated section properties were computed using the "linear 
section properties" method. Although slightly more exact solutions are available, this 
method is practical to use without a computer program so that tabulated propertes can 
be replicated with hand calculations. The equations have been updated to properly 
account for lip angles other than 90 degrees on Z-sections. There are now fewer 
torsional properties computed using a mix of square and round corner assumptions 
This section now contains example calculations for gross and net sections properties 
of various member types. The examples in the beam, column, connection and testing 
sections now focus more on the application of provisions from Specification chapters 
A, C, D, E and F, referring back the examples in this section for techniques used to 
calculate sections properties per Specification chapter B. 
2. Beam Design 
In addition to providing effective moments of inertia and section moduli for two yield 
strengths, 33 ksi and 55 ksi, the beam property tables now give the maximum 
moment at which each flat element is still fully effective. This permits the user to 
bypass unnecessary element checks with a quick inspection, rather than through 
calculations. 
Unbraced beam charts similar to those in the AISC Manual are provided for C- and 
Z-sections, giving moment capacity versus unbraced length. New tables for 
combined bending and shear as well as web crippling have been added. 
New ASD and LRFD example problems fully cover the design of C and Z purlin 
systems, including flexure, shear, web crippling and bracing anchorage forces. As 
in other chapters, example problems are evenly divided between ASD and LRFD 
solutions. 
3. Column Design 
Tables are provided giving the effective area at yield for 33 ksi and 55 ksi. In 
addition, the tables give the maximum compression force at which each flat element 
is still fully effective. 
Tables similar to those found in the AISC Manual have been developed for C-
Sections, which give the axial capacity at various unbraced lengths for two yield 
strengths. A separate table allows the convenient evaluation of combined 
compression and bending for fully braced sections. 
4. Connection Design 
The material in this section may prove to be the most useful of the design chapters to 
many working designers, since it is largely independent of cross-sectional shape. 
Although connection design capacities are given for specific thicknesses of material, 
reasonably accurate results can be obtained by interpolation in most cases. 
The design tables cover weld strengths of 60 ksi and 70 ksi, various grades of bolts 
and material ultimate strengths of 45 ksi and 65 ksi. Weld information includes 
tables for the capacities of fillet and arc spot welds. Table IV-I for fillet weld strength 
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limited by shear tearing, reproduced below, illustrates a number of features common 
to many of the design tables. The table gives the nominal shear strength of a one 
inch length of weld. This one table covers two material strengths, seven material 
thicknesses and six geometric configurations. To use this table, 
1) Choose the appropriate row for the thickness of material. 
2) Choose columns in the grey area for Fu = 65 ksi or in the non-gray area for Fu 
= 45 ksi. 
3) If the weld force is transverse to the weld, choose the column labled "Trans.", 
else choose a column having the appropriate Length-to-Thickness ratio for the 
weld. 
4) The nominal strength, in kips per inch, is taken from the intersection of the 
chosen row and column. The appropriate n or 41 is found in the column above 
the strengths. 
5) Since the resistance given is the 'nominal' strength per unit length, 
For ASD: The weld capacity = P'n * the weld length I n 
For LRFD: The weld capacity 41 * P'n * the weld length 
FILLET WELDS 
Table IV·1 
SHEAR OF SHEET 
n ~ see Table 











Note - TABLE VALUES MUST BE FACTORED 
Factored Strengths are: 
ASD: Pa::: P'n' LI n 
LRFD: 0Pn = 121' P'n • L 
L "weld length In Inches 
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Tables are provided for bolt tension. shear and bearing. Tables for the new screw 
provisions for shear and pull-out are also included. Example problems cover welded, 
bolted and screwed connections. 
5. Specification 
The new 1996 edition of the "Specification for the Design of Cold-Formed Steel 
Structural Members" makes up this section. The new Specification incorporates the 
results of much cold-formed research conducted since the publication of the 1989 
ASD and 1991 LRFD Specifications. Designs may performed using ASD or LRFD 
methods from this single document. 
6. Commentary 
An all new Commentary has been developed by Dr. Wei-Wen Yu of the University 
of Missouri-Rolla. Unlike recent editions of the Commentary, this edition provides 
background theory and references for all sections of the Specification, not just the 
recent developments. In addition to the more than 100 pages of the background 
information presented, there are references to more than 150 publications for further 
information. 
7. Supplementary Information 
This chapter includes a number of design aids carried over from previous editions, 
plus a newly revised version of the "Suggested Cold-Formed Steel Structural 
Framing Engineering, Fabrication, and Erection Procedures For Quality 
Construction". 
8. Test Methods 
Several new test methods are now included in this section including the "Standard 
Methods for Determination of Uniform and Local Ductility", new since the 1989 
ASD Manual. New since the 1991 LRFD Manual are "Test Methods for 
Mechanically Fastened Cold-Formed Steel Connections" and" Cantilever Test 
Method for Cold-Formed Steel Diaphragms". 
An example problem illustrates the proper application of the new provisions for 
determining resistance factors, cp, and factors of safety, Q from test data. 
V. Conclusions 
The new Manual reflects AISI's major commitment to providing students, educators and 
design professionals with a truly useful tool for the study and application of the 
Specification. These users will find the 1996 Manual as convenient to use as the 1949 
edition and considerably more informative. 
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DESIGN OF COLD-FoRMED STEEL STIFFENED ELEMENTS 
WITH MULTIPLE LONGITUDINAL INTERMEDIATE STIFFENERS 
Benjamin Schafer! & Teoman Pekoz2 
ABSTRACT 
Current specification procedures for calculating the bending strength of members with 
multiple longitudinal intermediate stiffeners in the compression flange have been found to 
be inadequate. A new procedure for calculating the effective width of stiffened elements 
with multiple intermediate stiffeners is presented. The new method introduces the 
calculation of a buckling coefficient for overall buckling of the entire stiffened element as a 
unit, and local buckling of the subelement plates between stiffeners. The expression for 
calculating overall buckling is derived and verified via comparison to numerical methods. 
The minimum buckling coefficient from the two modes (local and overall) is used to 
calculate the critical buckling stress for the element. Using Winter's equation the effective 
width of the element is determined. The effective width is distributed as two strips at the 
corners, in a manner similar to elements without intermediate stiffeners. The resulting 
section is found to be a reliable predictor of the bending strength of members with multiple 
intermediate stiffeners in the compression flange. 
1 INTRODUCTION 
The use of longitudinal stiffeners in the compression flange of cold-formed steel members 
is known to increase the ultimate strength of the member. Of course, the stiffeners also 
increase the complexity of the behavior. Due to the introduction of the stiffener, two 
modes of buckling (local and overall) occur in the element. Understanding which of these 
modes dominate, and thus how these modes can be used to predict the post-buckling 
capacity is required. It has been shown that current specification methods for the 
prediction of the strength of these sections are inadequate [Schafer and Pekoz (1994)]. 
The methodology for this paper is to first examine the elastic buckling behavior, and then 
determine how to use that information for prediction of the ultimate strength. At all times, 
,-,,,,uU""v Research Assistant, Department of Civil and Environmental Engineering, 
Cornell University, Ithaca, New York 
2Professor, Department of Civil and Environmental Engineering, Cornell University, 
Ithaca, New York 
47 
48 
it was kept in mind that the final method should be a procedure which can be performed 
by hand, and thus appropriate for inclusion in a cold-formed steel design specification. To 
this end, a general solution for the elastic buckling is developed. The general solution is 
truncated and a simple method for determination of the elastic buckling stress is presented. 
Next, using effective width concepts analogous to that originally used by Winter (1946) a 
simple procedure is determined for calculating the ultimate strength. The proposed method 
is then compared to existing experimental and numerical data. 
2 ELASTIC BUCKLING 
In order to examine and understand the behavior of a plate/stiffener assembly the elastic 
buckling behavior must be known. Using the simplifying assumption that a stiffened 
element may be adequately modeled as a simply supported plate, a variety of methods for 
calculating the elastic buckling behavior exist In Schafer and Pek6z (1994) several 
methods are discussed and compared for approximating the elastic buckling stress of 
elements with mUltiple intermediate stiffeners. In Schafer (1995) different numerical 
methods for calculating elastic buckling behavior are investigated and compared. A 
classical method for calculating the elastic buckling behavior based on using a Fourier 
series for the deflected shape of the plate/stiffener assembly is fully developed here. 
2.1 Solution by Fourier Series 
The Fourier series solution is first developed in general form (arbitrary number of sine 
terms). A computer program is implemented for the solution using the general form. Then, 
the exact equations are derived and presented when only the first sine term is included. 
This, truncated Fourier series solution, is presented as a hand method for calculation of the 
buckling stress for overall buckling. 
2.1.1 Derivation 
The procedure for deriving the buckling stress begins by postulating a functional form for 
the deflected shape of the plate/stiffener assembly. The next step entails calculating the 
internal strain energy and external work of the system. This begins by determining the 
internal strain energy of the plate and the external work of the load on the plate. The 
internal strain energy and external work of the stiffeners comes next. With the energies 
known the potential energy can be formulated. The potential energy of the plate/stiffener 
assembly is equal to the sum of the internal strain energy minus the sum of the external 
work. By the Rayleigh-Ritz method it is known that the variation of the potential energy 
with respect to the displacement coefficients (Le. the coefficients of the Fourier series) 
must be zero. This variation is completed, and leads to a infinite system of equations. By 
truncating the Fourier series we are left with a number of equations equal to the number of 
sine terms kept. The resulting system of equations provide a complete description of the 
elastic buckling behavior. 
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Figure I Schematic of SS Plate with Two Stiffeners in Pure Compression 
As discussed the deflected shape is assumed to be in the form of a double Fourier series. 
The summation over m terms is in the longitudinal direction, and the summation over n 
terms is in the transverse direction. 
w == I, I, am. sin(m1tX)sin(ll1tY) 
m 11 a b 
Eq 1 
The calculation of the internal strain energy of the plate is a well known result 
[Tirnoshenko and Gere (1936)] and is usually expressed as: 
Eq2 
The external work of the uniform load on the plate can be shown to be: 
w" Eq 3 
Now we tum to the internal strain energy of the stiffeners. Including only the bending 
energy, the strain energy of a given stiffener "P' is: 
1t 4 Eli" 4(" . (1l1tCi.)J2 
3 £,.m £,.am.sm 
4a m • \ b 
Eg 4 
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The external work of the uniform load on a given stiffener "i" is: 
Eq5 
The total potential energy can then be expressed as: 
Eq6 
The variation of the potential energy with respect to am. leads to a system of m x n linear 
equations. At this point several variable substitutions are made in order to express the 





With these substitutions the system of equations can be expressed as: 
Eq7 
anm [(m 2 + 11 2p 2t - kp2]+ I, (2y i 2kp 23 im2)sin(mrai)I, amp sin(p1ta;)= 0 Eq 8 
, 
for only one longitudinal sine term, namely m = I, the expression simplifies to: 
(11.[(1 + n2p2t _kP2]+ I,(2y i - 2kp 23 i)sin(n1ta i )I,a1P sin(p1ta i)= () Eq 9 
, p 
this leads to a system of equations which may be placed in the form [K]nx., {a} rod (), 
where lZ is the number of transverse sine terms included. For nonzero {a} the condition 
det[K] = () must be true. Using this condition one can find the solution for k, given p. 
2.1.2 Truncated Fourier Series Solution 
In the previous section the clastic buckling solution is presented for an arbitrary number of 
transverse sine terms (Equation 9). For plate/stiffener assemblies loaded in pure 
compression one sine wave in the transverse direction may provide an adequate 
description of the deflected shape for the overall buckling of the plate. Figure 2 shows an 
example where using only the first sine term to represent the overall buckling of the 
plate/stiffener assembly is adequate. 
Figure 2 Displaced Shape of Plate with Multiple Stiffeners (Overall Buckling) 
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If only the first transverse term L~ kept, namely n 1, then the solution to Equation 9 of 
the previous section is simplified. In this case, k may be solved for directly. 
(1 + p2 )2 + 2 L,Y i sin2(n:<x;) 
k= ; 
P 2( 1+ 2 L,o i sin2 (n:<x i)J 
Eq 10 
In addition, by taking the derivative with respect to p, one can show that the critical Per 
(the p when k is a minimum) is; 
Eq 11 
Using this result, the critical buckling coefficient (minimum k) is found to be: 
(1 + P~J + 2L, '1 i sin2 (n:<x i) 
k == j 
cr P~r(I+2L,OiSin2(1t<Xi)J Eq 12 
Since the solution is for only one transverse sine term, the deflected shape is an 
approximation of the overall buckling of the plate stiffener assembly (as shown in Figure 
2). This mode of buckling, described here as overall buckling of the element, is also called 
stiffener buckling, or distortional buckling, in the literature. Regardless of the terminology, 
the characteristic shape of the buckling mode is the same. 
2.2 Examination of Truncated Fourier Series Solution 
Using a computer program written in MATLAB the solution to Equation 8 is found for an 
arbitrary number of sine terms in the longitudinal or transverse direction. The longitudinal 
sine terms do not interact. Therefore, only the first longitudinal term is required and 
Equation 9 can be used to investigate the transverse sine terms. This section begins with 
an investigation of how many transverse sine terms are needed before the solution 
satisfactorily converges. Next, calculation of the local buckling stress is considered. 
Finally, a tlUncation of the Foutier series using only the first term (Eq 10) is compared to 
the finite strip solution. 
2.2.1 Influence of the Number of Transverse Sine Terms 
In order to examine the influence of the number of included transverse terms, Equation 9 
is solved for three sets of examples. Example 1 consists of a plate with 3 evenly spaced 
stiffeners, at four different stiffener sizes. Example 2 consists of a plate with 2 stiffeners 
with location symmetrical about the centerline, and four different plate subelement widths. 
Example 3 consists of a plate with 4, 6, 8, or 10 evenly spaced stiffeners. 
In addition, Equations 11 and 12 are also used directly to calculate the critical plate 
buckling coefficient by hand. Table 1 summarizes the results of the analysis, "Numerical" 
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refers to the computer solution, "Hand" refers to the first term Fourier series solution CEq 
11 and 12). Kcr in Table I is defined as the minimum plate buckling coefficient. 
Table I Results for Study of Needed Number of Transverse Terms 
tlumberaJ location Numerical Halld 
stiffeners ai iii ')'I #Ienns Kcr Kcr 
3 evenly 0,05 5 I 9,32 9.30 
spaced 3 9.32 
- -
6 9.32 
25 I 18.42 18.42 
- 6 18.42 
50 I 25.30 25.30 
- - 6 25.30 
- 100 I 35,88 35,04 
- - 6 35.88 
2 0.1,0,9 0.05 25 I 8.34 8.34 
-
- 6 8.10 
-
0,2,0,8 - 1 13.03 13,02 
- 6 12,90 
0,3,0,7 I 16.20 16.18 
-
6 16,18 
0.4,0.6 I 17.92 17,89 
- 6 17,90 
4 evenly 0,025 10 I 14.49 14.47 
spaced . 6 14.49 
6 I 16,07 16.04 
- 6 16,07 
8 1 17.23 17,21 
- 6 17,23 
10 - 1 18,10 18.09 
- - 6 18,10 
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Figure 3 Typical Aspect Ratio vs, Buckling Coefficient Curves 
Comparing the hand and numerical solutions in Table 1 it is concluded that for the 
problems studied only one transverse sine term is needed to capture the critical plate 
buckling coefficient. Inherent in this conclusion, is the assumption that the critical buckling 
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mode is analogous to that shown in Figure 2. This should be the case for any reasonable 
stiffener arrangement. An investigation of the entire picture (rather than just the minimum) 
reveals the role of local buckling. Figure 3 shows the complete results for Example 1 (3 
stiffeners), when Y= 25. It is clear from the figure that the first sine term does not account 
for the local buckling. However, in all the cases studied overall buckling governed the 
behavior. 
2.2.2 Local Buckling and Overall Buckling 
Overall buckling is distinct from local buckling, which is defined as the buckling of the 
plate subelements. A plate subelement is defined as the flat plate between stiffeners or the 




Figure 4 Plate Subelements control Local Buckling 
The local buckling mode is sometimes of interest for plates with multiple stiffeners. Local 
buckling characteristics can be accurately approximated by assuming that the subelement 
is simply supported. Therefore, a plate buckling coefficient of 4 is employed for 
calculation of the local buckling stress of the plate subelement. The critical buckling length 
for local buckling in pure compression is equal to the sube1ement width. For a subelement 
plate of width hi, and overall plate width of bo, the local buckling coefficient is: 
Eq 13 
2.2.3 Comparison to Finite Strip Solution 
Accurate numerical methods exist that give the elastic buckling characteristics of members 
with arbitrary geometry. One such procedure called "finite strip" is implemented in the 
program BFlNST. An excellent summary of the method is presented in Hancock (1994). 
In order to study the accuracy of the presented solution method, six example problems are 
compared using BFlNST, and the first term of the Fourier series solution. 
The example problems are based on the geometry of the compression flange of hat shaped 
members analyzed in Schafer and Pekoz (1994). The stiffeners are modeled as a v-shaped 
groove. The moment of inertia of the stiffeners about their own axis is selected to be equal 
to the minimum moment of inertia specified in the AISI Specification [AISI (1991»). Table 
2 summarizes the overall geometry of the example problems and presents the results for 
the three methods. The theory developed for the Fourier series solution assumes that the 
stiffeners are symmetrical about the axis of the plate. For the example problem the 
stiffeners are on one side of the plate. For calculating y, the moment of inertia of these 
one-sided stiffeners is taken about the axis of the plate. 
54 
Table 2 Comparison of Solution Method with Finite Strip 
number bit of Kcr ~cr 
of plate first term first term 
stiffeners subelemellt BFINST Fourier BFlNST Fourier 
2 30 17.4 15.3 3.2 3.3 
2 50 19.6 17.4 3.2 3.4 
3 30 16.7 15.3 3.0 3.3 
3 50 18.9 17.3 3.2 3.3 
i 
4 30 16.3 15.2 3.1 3.2 
4 50 18.7 17.3 3.\ 33 
In the example problems studied overall buckling governed the behavior. The first term 
approximation of the Fourier series gives a reasonable approximation of both, k"" the 
minimum plate buckling coefficient and, ~cy, the critical buckling aspect ratio. 
2.3 Proposed Method for Elastic Buckling Calculations 
Based on the examples it is concluded that the first telm approximation of the Fourier 
series solution is adequate for calculating the overall buckling characteristics. Local 
buckling can be approximated assuming simple supports for the plate subelements. The 





(~cr)m.em/l= (2~'Y' sin 2 (na,)+lr Eq 16 
(1 + ~;r r +21:,1 i sin2 (na,) 
(kcr)overall = ---,----'-' ------,:-~;r(1 + 21:,0, sin 2 (na , )J Eq 17 
3 ULTIMATE STRENGTH 
The equations developed give solutions only for elastic buckling. Post-buckling strength 
exists in the sections considered. Unfortunately, analytical solutions for the ultimate 
strength are cumbersome, because the problem involves consideration of large deflections 
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and nonlinear material behavior. In order to account for the post-buckling strength, the 
element is examined using a simple effective width procedure. 
3.1 Effective Width 
The effective width concept is used to provide a methodology for the design of members 
in the post-buckling range. For a stiffened element under uniform compression a nonlinear 
longitudinal stress develops across the element. The nonlinear longitudinal stress diagram 
is replaced by a uniform stress over two strips at the edges, each of width bef/2. Empirical 
formulas have been derived for finding the width of the strips, i.e. befl- Von Karman (1932) 
is generally attributed with the first attempt for calculating the effective width. A 
correction to that original formula that is used extensively throughout the world is 
attributed to Winter (1946). 
3.1.1 Local Buckling Based Effective Width 
For members with multiple longitudinal intermediate stiffeners it may seem natural, in 
predicting the capacity, to assume the stiffeners break up the member in to many smaller 
stiffened elements (plate subelements). This assumes that the local buckling of the member 
(Le. Figure 4) governs the behavior. For instance Figure 5 shows the effective strips for 
local buckling only, and a postulated nonlinear stress diagram based on this assumption. 
effective width (local buckling only) postulated longitudinal stress 
Figure 5 Postulated Local Buckling Based Effective Width 
Use of a simple approach such as shown in Figure 5 yields highly unconservative strength 
prediction in almost all cases [Schafer and Pekoz (1994)]. The authors are unaware of an 
example from numerical analysis or experimental work with mUltiple longitudinal 
intermediate stiffeners that exhibits a stress distribution fully dominated by local buckling 
as suggested in Figure 5. As a result of the failure of this approach a variety of methods 
for determining the ultimate strength of these elements has emerged. A thorough 
discussion of several different procedures including: Eurocode, Canadian Specification, 
AISI Specification, Column Buckling Model, Average Stress Procedure, Equivalent 
Effective Width Method, and Modified Kwon and Hancock can be found in Schafer and 
Pekoz (1994). The procedure presented in this paper is an alternative to those methods. 
3.1.2 Including Overall Buckling. Effective Width 
For all cases with multiple stiffeners: including the numerical examples in this paper, the 
experimental work of Konig (1978), Papazian et al. (1994), and the numerical analysis of 
Schafer (1994), some 62 different geometry's in all, the elastic overall buckling stress is 
-lower than the local buckling stress .. From finite element analysis it is found that when 
both overall buckling and local buckling exist, the longitudinal membrane stress 
dIstribution at failure is similar to the distributions shown in Figure 6. 
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Figure 6 Longitudinal Stress Profiles from Finite Element Analysis [Schafer and Pekoz (1994)) 
The shape, or overall trend in the stress distribution for the overall buckling mode is 
similar to that of one for a stiffened element without intermediate stiffeners (Le. the 
classical effective width solution). Analysis shows that the maximum compressive stresses 
are typically carried at the edges, as shown in Figure 6. Therefore, it is postulated by the 
authors that for all elements with multiple stiffeners it is conservative and reasonable to 
assume effective portions on the edges only, rather than separate reductions in the plate 
subelements. As such, it is proposed that two strips of width b,ff2 at the edges be 
considered as the effective width. The suggested effective width procedure is shown 
schematically in Figure 7. 
effective width (overall buckling) postulatcd longitudinal stress 
Figure 7 Postulated Distortional Buckling Based Effective Width 
It was found that the stiffeners can be approximated as if they are bending about the plane 
of the plate (Table 2). As a result, it is assumed that the effective strips are distributed at 
the centerline of the plate. Since overall buckling describes the behavior of the entire 
element, the reduction from the effective width formula is applied over the entire element. 
For simplicity, the effective portion can be assumed as a flat plate at the centerline of the 
actual plate. 
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3.2 Formula for Determining Effective Width 
The effective width of an element can be presented in terms of the average failure stress 
across the element (f,,). In these terms one can readily examine several different 
expressions for the effective width on the same plot (see Figure 8). The curves show the 
form of several different models: elastic, Winter [Winter (1946)], Modified Winter [Kwon 
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Figure 8 Possible Effecti ve Width Curves 
Von Karman's curve represents the first attempt to directly account for the nonlinear 
longitudinal stress distribution. It has been found to be inadequate, due to the residual 
stresses and imperfections which exist in actual plates. Winter's formula is an empirical 
correction to Von Karman's procedure. Winter showed his formula to adequately 
represent the strength of stiffened and unstiffened elements undergoing local buckling. The 
Modified Winter curve is a further correction proposed by Kwonand Hancock. The 
Modified Winter curve attempts to account for the slightly different behavior observed in 
edge stiffened members undergoing distortional buckling. Johnston's Parabola is a 
conservative approximation and in general is a safe lower bound. The elastic curve fails to 
capture the actual behavior. Using elastic buckling directly can lead to either conservative 
or unconservative design depending on the ratio of/e,l!; .. 
It has already been mentioned that the overall buckling mode, postulated as the typical 
failure mode, is analogous to local buckling of a stiffened element without intermediate 
stiffeners. Therefore, the well established Winter formula is selected as a possibility for the 
effective width calculation. Although the distortional buckling mode which the Modified 
Winter curve is designed to account for is slightly different than the overall buckling mode 
expected here, they do share similarities. Both an edge stiffened element undergoing 
distortional buckling, and a stiffened element with intermediate stiffeners undergoing 
overall buckling, have a shorter wavelength local buckling mode present, that may cause a 
slight reduction in the post-buckling range, as reflected in the Modified Winter curve. 
Therefore, the Modified Winter curve is also selected for further study. 
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3.3 Proposed Method for Ultimate Strength 
The first step is to ealculate the plate buckling coefficient for the two modes. With the 
(ka)loca/ and (kcr)ovemll known, the smaller of the two is seleeted for use in determining the 
critical buckling stress. The critical buckling stress and the uniform compressive stress if,) 
acting on the element are used to calculate the reduction factor (x). The reduction factor is 
then used to distribute an effective portion of the entire area to two strips at the edges of 
the plate. This is done by multiplying the reduction factor (X) times the gross area of the 
stiffened element (Ag) divided by the plate thickness. Since the role of the stiffeners is to 
provide stability to the compression flange, thc effective width is limited to the full flat 
plate width (bo). The strips are placed at the centerline of the plate with width b.J/2 and 
thickness equal to the plate thickness. The method is summarized in the following 
equations: 
Effective Width Determination 
bel! X( ~g ) S bo Eq 18 
with: X (Winter) Eq 19 
or, X (Modified Winter) Eq20 
Eq 21 
4 EVALUATION OF PROPOSED METHOD 
In order to evaluate the proposed method, experimental results [Konig (1978)], [Papazian 
(1994)] and finite element analysis [Schafer (1995a)] have been gathered for comparison. 
In all cases the bending moments are recorded in Nm. In all cases the critical buckling 
stresses are calculated using Equations 14-17. The three methods compared are the AISI 
Specification and two variations of the proposed method. The first variation of the 
proposed method uses Winter's equation (Eq 19) for calculating the effective width. The 
second variation uses the Modified Winter equation (Eq 20). 
4.1 Experiments by Papazian, Schuster, and Sommerstein 
The results for the test to predicted ratios and buckling stresses are presented in Table 3. 
Members 9 . .18 are for 2 stiffeners, 14 .. 26 are for 3, and 16 .. 24 for 4 stiffeners. Table 3 
indicates that of the proposed methods, Winter's expression is less conservative than the 
Modified Winter. This conservatism is particularly important for the members with small 
overall buckling stresses, i.e., the four stiffener members. 
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4.2 Experiments by Konig 
All of Konig's tests shown in Table 4 are for members with two stiffeners. The B series 
members may not be indicative of common practice. The B series has an overall wit of 460 
and the ratio of j"If:" is approximately 0.05. For small ratios of fe/f:" the difference between 
Winter's expression and the Modified Winter expression can be large (see Figure 7). If the 
B series members are ignored Winter's test to predicted average is 1.03 and Modified 
Winter is 1.11 for the test to predicted ratios. 
4.3 Numerical (Finite Element) Results by Schafer 
The results for the 64 numerical analysis are summarized in Table 5 Summary Statistics of 
Test to Predicted Ratios for. The details of the results are in Table 6 and Table 7. The 
Winter expression yields excellent results for the 64 members analyzed. 
4.4 Summary of Comparison 
The experimental data covering 30 experiments and 64 numerical analysis for hat sections 
with two to four intermediate longitudinal stiffeners in the compression flange show the 
proposed methods to be markedly better than the current AISI Specification. Figure 9 
Average Test to Predicted Ratio Results dramatizes this fact. It shows that the AISI 
Specification averages nearly 20% on the unconservative side for the 94 members. 
Winter's curve is proposed as the expression for determining the effective width. 
Figure 9 Average Test to Predicled Ratio Results 
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5 CONCLUSIONS 
A method for the calculation of the ultimate strength of a stiffened element with multiple 
longitudinal intermediate stiffeners is proposed and validated. A simple solution (Eq 14-
17) is derived and validated for calculating the elastic buckling stress of these elements. 
The method yields the critical buckling stress for the two buckling modes (local and 
'overall) of the element. Examination of existing experimental and numerical data reveal 
that the overall buckling mode dominates the behavior. In fact, for all geometry's studied 
(62 different configurations) the overall buckling stress occurred at a lower value than the 
local buckling stress. Consistent with this observation, a simple effective width consisting 
of two strips at the corners is proposed. Winter's equation and a slight modification are 
compared for determination of the effective width. With the effective width known the 
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ultimate strength can be readily calculated. Comparison to existing data shows that either 
formulation (Winter or modified Winter) works better than existing procedures, and the 
original Winter's equation appears to give the best results. 
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Table 3 Test to Predicted Ratios & Buckling Stress for Papazian, Schuster and Somrnerstein Experiments 
Observed Mlest ~ Modified ~ critical stress (MPaJ 
Member Moment AISI Maul Winter Mwtnfer Winter Mm,wincer overall local 
9 1082 1609 0.67 1095 0.99 1045 1.04 215 435 
10 1063 161I 0.66 1097 0.97 1047 1.02 215 426 
II 1627 1680 0.97 1688 0.96 1659 0.98 197 448 
12 1752 1633 1.07 1646 1.06 1633 1.07 
13 3666 4113 0.89 3944 0.93 3722 0.98 
18 3701 4117 0.90 3949 0.94 3726 0.99 
14 1076 1601 0.67 1165 0.92 1070 1.01 
15 1076 1602 0.67 1165 0.92 1069 1.01 
19 1563 1602 0.98 1633 0.96 1612 0.97 
20 1589 1620 0.98 1651 0.96 1630 0.97 
25 3628 4136 0.88 4133 0.88 3744 0.97 
26 3678 4090 0.90 4093 0.90 3707 0.99 
16 1014 1648 0.62 1199 0.85 1054 0.96 56 
17 1013 1648 0.61 1199 0.84 1054 0.96 56 292 
21 1664 1623 1.03 1665 1.00 1634 1.02 67 419 
22 1677 1561 1.07 1610 1.04 1580 1.06 67 419 
23 3636 41I8 0.88 4242 0.86 3717 0.98 58 508 
24 3462 4096 0.85 4220 0.82 3715 0.93 58 508 
Average 0.85 0.93 1.00 
Std. Dev. 0.16 0.07 0.04 
Table 4 Test to Predicted Ratios and Buckling Stresses for Konig's Experiments 
Observed M.W1 ~Modified~ cri#cal stress (MPa) 
Member Moment AlSI Maul Willier Mwinfer Wi1ller Mm.winttr overall local 
A42 12460 16738 0.74 11770 1.06 10780 1.16 102 284 
A51 13180 16728 0.79 12450 1.06 11530 1.14 127 309 
A52 13270 17561 0.76 13060 1.02 12090 LID 130 319 
A61 14350 17588 0.82 14130 1.02 13220 1.09 161 367 
A62 13270 16847 0.79 13430 0.99 12540 1.06 152 340 
B41 994 716 1.39 1259 0.79 1003 0.99 17 34 
B42 1054 741 1.42 1287 0.82 1024 1.03 16 35 
B51 1054 1470 0.72 1465 0.72 1182 0.89 23 37 
B52 1114 1540 0.72 1506 0.74 1211 0.92 22 37 
B61 1144 1621 0.71 1651 0.69 1347 0.85 27 40 
B62 1144 1626 0.70 1677 0.68 1378 0.83 29 41 
B71 1174 1605 0.73 1762 0.67 1483 0.79 35 42 
Average 0.86 0.85 0.99 
SId. Dev. 0.26 0.16 0.13 
Table 5 Summary Statistics of Test to Predicted Ratios for Schafer and Pektlz Analysis 
FEM /0 Predicted AlSI Willler Modified Willier 
Ralios[or ... Average Std. Dev. Average Std. Dey. Average Std. Dey. 
AIIData i 0.80 0.11 1.01 0.08 1.13 0.08 
Web=]()(Jmm 0.84 0.11 1.06 0.07 1.18 0.07 
Web=50mm 0.77 0.11 0.95 0.05 1.08 0.04 
2 Stiffeners 0.76 0.13 1.03 0.06 1.12 0.06 
3 Stiffeners 0.81 0.08 1.01 0.09 1.14 0.08 
4 Stiffeners 0.84 0.10 0.98 0.10 1.14 0.09 
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Table 6 Test to Predicted Ratios and Buckling Stresses for Schafer and Pekoz - Web= I OOmm 
M!nH. ~ Modified ~ critical stress (MPa) 
Member FEM AISI Moisi Winter MwinJeT Winter Mm.witiftr overall local 
n2-wt2D-I2 3553 3604 0.99 3459 1.03 3367 1.06 356 1835 
n2-wt30-12 3969 4603 0.86 3725 1.07 3546 1.12 208 815 
n2-wt35-12 4180 5367 0.78 3846 1.09 3624 1.15 173 599 
n2-wt50-12 4442 5917 0.75 3866 1.15 3505 1.27 90 294 
n2-wt70-12 4242 5956 0.71 4097 1.04 3599 1.18 58 150 
n2-wt20-1l 3350 3464 0.97 3173 1.06 3084 1.09 329 1835 
n2-wt30-1l 3684 4434 0.83 3440 1.07 3269 1.13 194 815 
n2-wt35-1l 3776 5110 0.74 3480 1.09 3261 1.16 149 599 
n2-wt45-Il 3991 5473 0.73 3634 1.10 3334 1.20 106 362 
n2-wt50-Il 4184 5599 0.75 3708 1.13 3371 1.24 92 294 
n2-wt70-I1 4032 5662 0.71 3871 1.04 3399 1.19 55 150 
n2-wt20-IO.5 3303 3324 0.99 2869 1.15 2776 1.19 274 1835 
n2- wt30-10.5 3460 4084 0.85 3161 1.09 2991 1.16 171 815 
n2-wt35-10.5 3470 4855 0.71 3242 1.07 3030 1.15 137 599 
n2-wt50-IO.5 3283 5356 0.61 3224 1.02 2891 1.14 67 294 
n2-wt70-10.5 3341 5433 0.61 3403 0.98 2952 1.13 42 150 
n3-wt20-12 3933 4619 0.85 3680 1.07 3481 1.13 183 1835 
n3-wt30-12 4431 5568 0.80 3928 1.13 3605 1.23 110 815 
n3-wt35-12 4542 4673 0.97 4012 1.13 3633 1.25 90 599 
n3-wt50-12 4633 4711 0.98 4191 1.11 3667 1.26 55 294 
n3-wt70-12 4164 4598 0.91 4341 0.96 3663 1.14 34 150 
n3-wt20-11 3590 4385 0.82 3368 1.07 3184 1.13 173 1835 
n3-wt30-IJ 3940 5045 0.78 3581 1.10 3278 1.20 101 815 
n3-wt3S-11 4125 4683 0.88 3653 1.13 3298 1.25 81 599 
n3-wt45-11 4208 4645 0.91 3759 1.12 3311 1.27 57 362 
n3-wt50-11 4183 4651 0.90 3801 1.10 3312 1.26 49 294 
n3-wt70-I1 3941 4555 0.87 3924 1.00 3295 1.20 29 150 
n3-wt20-IO.5 3619 3982 0.91 3103 1.17 2928 1.24 161 1835 
n3-wt30-1O.5 3435 4490 0.77 3284 1.05 2997 !.I 5 91 815 
n3-wt35-IO.5 3384 4629 0.73 3342 1.01 3007 1.13 72 599 
n 3-wt50-10.5 3534 4592 0.77 3467 1.02 3006 1.18 42 i 294 
n3-wt70-1O.5 3118 4512 0.69 3565 0.87 2978 1.05 24 150 
n4-wt20-12 4069 5258 0.77 3808 1.07 3499 1.16 III 1835 
n4-wt30-12 4568 5971 0.77 4035 1.13 3584 1.27 68 815 
n4-wt35-12 4569 4262 1.07 4110 1.11 3600 1.27 55 599 
n4-wt50-12 4526 4277 1.06 4272 1.06 3610 1.25 34 294 
n4-wt70-12 3799 4125 0.92 4407 0.86 3588 1.06 21 150 
n4-wt20-1I 3663 4266 0.86 3477 1.05 3195 1.15 106 1835 
n4-wt30-1I 4167 4695 0.89 3669 1.14 3255 1.28 62 815 
n4-wt35-11 4194 4254 0.99 3733 1.12 3264 1.28 50 599 
n4-wt50-1l 4109 4287 0.96 3866 1.06 3258 1.26 30 294 
n4-wt70-11 3659 4152 0.88 3976 0.92 3226 1.13 18 150 
n4-wt20-1O.5 3398 4266 0.80 3194 1.06 2933 1.16 99 1835 
n4-wt30-IO.5 3613 4695 0.77 3356 1.08 2972 1.22 56 815 




n4-wt5O-IO.5 3388 4274 0.79 3519 0.96 2955 1.15 26 294 
n4-wt70-IO.5 3051 4150 0.74 3605 0.85 2917 1.05 15 150 
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Table 7 Test to Predicted Ratios and Buckling Stresses for Schafer and Pek6z - Web=50mm 
Mfem ~ Modified ~ critical stress (MPa) 
Member FEM AISI Maisi Winter Mwinfer Winter Mm.winler overall local 
L-n2-wt30-12 1713 2069 0.83 1747 0.98 1665 1.03 208 815 
L-n2-wt40-12 1768 2516 0.70 1837 0.96 1715 1.03 143 459 
L-n2-wt50-12 1763 2645 0.67 1812 0.97 1646 1.07 90 294 
L-n2-wt60-12 1755 2736 0.64 1961 0.89 1767 0.99 82 204 
L-n2-wt70-12 1804 2570 0.70 1917 0.94 1689 1.07 58 150 
L-n2-wt10-11 1264 1076 1.17 1208 1.05 1179 1.07 736 7339 
L-n2-wt20-11 1514 1574 0.96 1494 1.01 1453 1.04 329 1835 
L-n2-wt30-11 1596 2009 0.79 1617 0.99 1538 1.04 194 815 
L-n2-wt40-11 1686 2416 0.70 1611 1.05 1488 1.13 110 459 
L-n2-wt50-11 1714 2543 0.67 1739 0.99 1585 1.08 92 294 
L-n2-wt60-11 1714 2633 0.65 1787 0.96 1600 1.07 71 204 
L-n2-wt70-11 1682 2660 0.63 1814 0.93 1597 1.05 55 150 
L-n2-wt30-IO.5 1518 1868 0.81 1489 1.02 1410 1.08 171 815 
L-n2-wt40-IO.5 1554 2326 0.67 1482 1.05 1361 1.14 95 459 
L-n2-wt50-IO.5 1520 2450 0.62 1517 1.00 1364 1.11 67 294 
L-n2-wt60-IO.5 1622 2537 0.64 1533 1.06 1352 1.20 49 204 
L-n2-wt70-IO.5 1559 2487 0.63 1599 0.97 1393 1.12 42 150 
L-n3-wt30-12 1741 2478 0.70 1840 0.95 1692 1.03 110 815 
L-n3-wt40-12 1768 2166 0.82 1911 0.93 1713 1.03 75 459 
L-n3-wt50-12 1814 2174 0.83 1961 0.93 1720 1.05 55 294 
L-n3-wt60-12 1858 2168 0.86 1998 0.93 1721 1.08 43 204 
L-n3-wt70-12 1802 2125 0.85 2029 0.89 1718 1.05 34 150 
L-n3-wt30-11 1651 2260 0.73 1681 0.98 1542 1.07 101 815 
L-n3-wt40-11 1695 2139 0.79 1740 0.97 1555 1.09 67 459 
L-n3-wt50-11 1721 2153 0.80 1782 0.97 1557 1.11 49 294 
L-n3-wt60-Il 1749 2150 0.81 1813 0.96 1554 1.13 37 204 
L-n3-wt70-11 1671 2111 0.79 1838 0.91 1549 1.08 29 150 
L-n3-wt30-IO.5 1526 2042 0.75 1545 0.99 1413 1.08 91 815 
L-n3-wt40-IO.5 1644 2112 0.78 1593 1.03 1419 1.16 59 459 
L-n3-wt50-IO.5 1587 2131 0.74 1628 0.97 1417 1.12 42 294 
L-n3-wt60-IO.5 1529 2132 0.72 1653 0.92 1411 1.08 31 204 
L-n3-wt70-10.5 1458 2096 0.70 1673 0.87 1405 1.04 24 150 
L-n4-wt30-12 1765 2650 0.67 1889 0.93 1682 1.05 68 815 
L-n4-wt40-12 1816 2003 0.91 1952 0.93 1693 1.07 46 459 
L-n4-wt50-12 1841 2005 0.92 1997 0.92 1694 1.09 34 294 
L-n4-wt60-12 1761 1990 0.88 2031 0.87 1690 1.04 26 204 
L-n4-wt70-12 1670 1937 0.86 2059 0.81 1685 0.99 21 150 
L-n4-wt30-11 1692 2395 0.71 1721 0.98 1531 1.11 62 815 
L-n4-wt40-11 1717 1997 0.86 1774 0.97 1536 1.12 42 459 
L-n4-wt50-11 1744 2002 0.87 1811 0.96 1532 1.14 30 294 
L-n4-wt60-11 1722 1989 0.87 1839 0.94 1526 1.13 23 204 
L-n4-wt70-11 1617 1939 0.83 1862 0.87 1519 1.06 18 150 
L-n4-wt30-IO.5 t513 2146 0.71 1577 0.96 1401 1.08 56 815 
L-n4-wt40-JO.5 1583 1989 0.80 1621 0.98 1400 1.13 37 459 
L-n4-wt50-IO.5 1522 1998 0.76 1652 0.92 1394 1.09 26 294 
L-n4-wt60-IO.5 1490 1987 0.75 1674 0.89 1385 1.08 20 204 
L-n4-wt70-IO.5 1445 1939 0.75 1692 0.85 1377 1.05 15 150 
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ABSTRACT 
This paper investigates the ultimate strength of cold-formed steel plates in uniform 
compression and pure bending with the goal of determining the statistical characteristics 
(mean and variance) of the ultimate strength. Plate thickness, longitudinal residual stress 
magnitude, and imperfection magnitude are considered as random variables. Based on 
existing data appropriate distributions are determined for these three random variables. 
Using ABAQUS for the strength prediction, two methods: Monte Carlo simulation and 
Taylor series approximation, are employed to determine statistical characteristics of the 
plates. The results are compared to the deterministic approach of the AlSl Cold-Formed 
LRFD Specification. 
1 INTRODUCTION 
The sensitivity of some cold-formed steel members to imperfections results in a relatively 
wide range of scatter when the ultimate strength of cold-formed steel members are 
evaluated experimentally. As a result of this variability, it is important to perform a 
probabilistic examination in addition to the usual deterministic approaches. While it is 
impossible to address all cold-formed steel members for any conceivable loading, it is 
possible to examine the probabilistic behavior of cold-formed steel elements. Since typical 
members can be idealized as a composition of different elements, a study of the elements 
themselves allows an insight into member strength. Comparison of the probabilistic results 
to existing specifications may highlight the shortcomings of existing approaches and also 
serve to show the actual variability that exists in the strength prediction of typical cold-
formed steel elements and members. 
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To lay a foundation for comparison, a deterministic approach is presented first. This 
approaeh is typical of the specifications and codes used throughout the world for strength 
prediction of cold-formed steeL Next, the random variables: thickness, residual stress 
magnitude, and imperfection magnitude are discussed and appropriate distributions are 
determined. With that established, the details of the model for an element in pure 
compression and pure bending are presented. With the problem fully defined, Monte Carlo 
simulation and Taylor series approximation are used to determine the mean and variance 
of the ultimate strength of the elements. With the statistical characteristics of the elements 
known discussion and comparisons are made to the deterministic approach. 
2 DETERMINISTIC APPROACH 
Before beginning a probabilistic examination of cold-formed steel members the 
deterministic approach of the AISI Specification[ I] is presented. In order to examine the 
capacity of a cold-formed steel member the strength of the component elements must be 
determined. For instanee, a hat-shaped member in flexure (with the top in compression) 
consists of the component elements shown in Fig. 1. Where the numbering refers to: (1) 
stiffened element under uniform compression; (2) stiffened elements under stress gradient; 




Figure I: Hat Seetion and Definition of Cold-Formed Steel Elements 
Each component element is typically investigated as a separate plate. Therefore, element 1 
can be considered as a simply supported plate under uniform compression. Element 2 is 
considered as a simply supported plate under a linear stress gradient, tension stress on the 
bottom, compression stress on the top. The ultimate strength of these plates is 'determined 
by using an effective width approach. A plate with an effective width acting at the yield 
stress of the material is found such that it has the same strength as the actual plate which 
fails with a nonlinear stress distribution. 
2.1 Stiffened Element in Pure Compression 
The ultimate strength of a stiffened element in pure compression is determined by first 
calculating the elastic buckling stress and then using Winter's equation to determine the 
effective width. Winter's equation is an empirical correction to Von Karman's earlier work. 
The expression accounts for the experimental scatter Winter observed in his and others 
tests. The equations presented below use the same expressions as in the AISI Specification 
but are rewritten in a more convenient form for the purposes of this study. The ultimate 
load a plate may carry in pure compression (Pu") can be expressed as: 
Full = APer 
for Fer < 2.2Fy 
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A= rK·[1-0.22fK:\!L V Fy V F, ) f~r 
Fer = F"wt 
where Fer is the linear elastic buckling stress. Using such an approach the width to 
thickness ratio (wit) completely determines the ultimate strength for a particular set of 
material properties. Fig. 2 shows how the yield strength, ultimate strength as predicted by 
AISI, and elastic buckling strength compare for different wit values (E=2.03x105MPa, 









Figure 2: Element in Uniform Compression 
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Figure 3: Element in Pure Bending 
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2.2 Stiffened Element under a Stress Gradient 
For elements under a stress gradient, the AISI Specification uses an effective width 
procedure similar to that of an element in pure compression. The elastic buckling load is 
calculated for the entire element, with the plate buckling coefficient suitably modified [0 
account for the loading. Winter's equation is then used to determine an effective width for 
the entire element. This information is used to determine effective portions for the 
compression zone of the element. Figure 3 shows how the yield strength, and nominal 
strength as predicted by AISI, compare for different hit values (E=2.03x105MPa, 
F y=345MPa). 
3 PROBABILISTIC MODEL 
In order to perform a probabilistic examination of cold-formed steel elements the random 
and deterministic parts of the problem must be determined. Two component elements 
selected for further study and the possible parameters investigated are shown in Fig. 4. All 
the parameters listed could potentially be considered random variables. In some cases the 
variation would be small or not of interest. In order to focus the investigation, only three 
quantities: plate thickness (1), residual stress magnitude (R), and imperfection magnitude 
(l) are considered random. Thickness is selected as a random quantity, primarily because 
of a provision in the AISI Specification discussed below. Residual stresses are selected for 
study, because while it is generally agreed that they influence the strength, no agreed upon 
magnitude exists for typical cold-formed steel members. Imperfections are considered 
because cold-formed steel members are known to be imperfection sensitive, but the exact 
mechanisms that cause these imperfections are not known. Hence, a deterministic 
procedure is not particularly meaningful when examining imperfections. All other 
quantities are deterministic. Thus, for the purposes of this study, when investigating the 
ultimate strength of a particular element only the variation from T, R, and I contribute to 
the variation present in the ultimate strength. 
T 
I 






Possible Parameters to be considered: 
• length of plate 
width of plate 
thickness of plate 
• modulus of elastiCity 
yield stress 
• magnitude of residual stresses 
magnitude of imperfections 
• distribution of imperfections 
• distribution of residual stresses 
plate boundary conditions 
STIFFENED ELEMENT UNDER 
STRESS GRADIENT: 
I~I" : ~I I~'======~/-=====~ 
Possible Parameters to be considered: 
fl/f2 - ratio of applied stress 
length of plate 
height of plate 
thickness of plate 
modulus of elasticity, yield stress 
magnitude of residual stresses 
magnitude of imperfections 
• distribution of imperfections 
distribution of residual stresses 
plate boundary conditions 
Figure 4: Component Elements (Plates) for Investigation 
3.1 General Input Parameters 
3.1.1 Thickness 
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The statistical characteristics of the thickness of cold-formed steel has been previously 
investigated[2), Galambos et al. report that the thickness (1') exceeds the thickness 
I 
thickness (mm) 
Figure 5: Probability Density Function for T 
(td) by 6% and the coefficient of variation 
(standard deviation/mean) of T1td is 
reported as 0.053. The AISI specification 
states that if the delivered thickness is 
95% of tbe design thickness then the 
section is adequate. As a result, for 
comparison to the AISI Specification, it is 
appropriate to assume that T is 
approximately equal to (d' For this study 
the nominal thickness of interest will be 
Imm. Therefore, the random variable T 
will bc assumed normally distributed with 
mean of lmm and standard deviation of 
0.053mm as shown in Fig. 5. Approximating T as a normal distribution is a reasonable and 
simplifying assumption. However, it should be remembered that the normal distribution is 
defined from [-=,+=). Therefore, negative values of T are possible. Of course, in this case 
the probability content is negligible for negative realizations of T. 
3.1.2 Imperfections 
The magnitude and distribution of imperfections in cold-formed steel sections has only 
seen limited study. Imperfections are a function of the thickness of the sheet, the forming 
process, shipping, handling, installation and other factors. A simplified method for 
modeling imperfection distributions (often used in analytical solutions) is to assume a 
distribution equal to one of the buckling (eigen)modes. In this analysis, the first mode is 
used as the distribution of the imperfection. In order to determine imperfection 
magnitudes, studies for C-shaped sections and trapezoidal sections are examined[3,4). The 
maximum deviation on each measurement line as estimated from graphs is recorded in 
Appendix Table A 1. A histogram of the imperfection data and a lognormal distribution 
fitted to the data are shown in Fig. 6. Based on this examination the random Variable I is 
assumed to have a lognormal distribution with a mean of 0.73mm and a standard deviation 
of O.0424mm. 
3.1.3 Residual Stress 
The creation of residual stresses is a complex process, storing of the coils, the rolling of 
the member, final straightening, etc. all contribute to the creation. Nonetheless, efforts 
have been made to characterize residual stresses. Collected data[4,5,6) on residual stresses 
are shown in the Appendix Table A2. Typical residual stress distributions have tension on 
the outside, and compression on the inside. of the plate thickness. The stresses are higher 
at the corners, and the net stress or membrane stress is generally close to zero. A 
histogram of the absolute value of the surface residual stress in the flat regions and a 
uniform, probability density function are plotted in Fig. 7, From this limited data it is 
concluded that the net residual stress can be considered zero in the flat sections; tension 
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on top, compression on bottom, as observed by Weng[5]. The higher state of residual 
stress in the small corner areas is neglected in this analysis. For this study, R is assumed to 
be uniformly distributed over a range of 0 to 55%Fy. 
1.5.-----.-----r---.-----.---..., 
2.5 
max. imperfection (mm) 











10 20 30 40 50 60 
surface residual stress as %F y 
Figure 7: Histogram and Probability Density Function for R 
3.1.4 Material Properties 
To model elastic perfectly plastic behavior the modulus of elasticity, Poisson's ratio, and 
the yield stress are sufficient. For this study all of these parameters are considered 
deterministic with E=2.03x105MPa, v=O.3, and F,.=345MPa. For virgin steel (no residual 
stress) a typical tensile coupon is essentially elastic perfectly plastic. However, tensile 
coupons taken from cold-formed steel elements generally exhibit nonlinear behavior. This 
nonlinear stress-strain behavior is largely due to the residual stresses existing in the 
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section. Therefore, by including residual stresses in the model the nonlinear portion of the 
stress-strain diagram is actually captured. In addition, because the residual stresses are 
random, the variation inherent in the material behavior is also partially captured. One 
factor not considered in this study, is the variability of the yield stress of the material. In 
general, the yield stress is expected to be greater than the design yield stress, in this 
analysis it will be assumed equal and deterministic. This assumption introduces a certain 
degree of conservatism in to the analysis. 
3.2 Stiffened Element Under Uniform Compression 
3.2.1 Length 
The length of an element in a cold-formed steel section is generally much larger than the 
width. For plates with length to width ratio (lIw) greater than 4 the elastic buckling stress 
is reliably estimated by a single buckling coefficient value. Analysis is conducted using a 
plate with I/w equal to 4 to avoid the effect of length on the solution. 
3.2.2 Width 
The width to thickness ratio (wit) of the plate is important for determining the ultimate 
load the plate may carry. In order to fully examine the behavior of stiffened elements under 
uniform compression, a continuum of different wit ratios should be investigated. For 
solutions by simulation, computation of the statistical characteristics at a variety of wit 
values is prohibitive because of the number of computer runs required. However, if Fig. 2. 
captures the overall behavior adequately, then any element with a wit greater than 50 is 
significantly effected by local buckling, and thus of interest. As an example, and for 
simplicity, wit shall be taken as 100. 
3.2.3 Boundary Conditions 
The boundary conditions of the plate have an important role in determining the ultimate 
strength. The AISI Specification assumes that a stiffened element under uniform 
compression can be modeled as a simply supported plate. This assumption is generally 
conservative, simple, and justified by the fact that at failure significant yielding occurs at 
the edges of the plates, thus limiting the rotational stiffness in these corner regions. 
Modeling a simply supported edge leads to ambiguity in the boundary conditions. The 
moment on all the edges should remain zero, but how does this translate into restrained 
degrees offreedom? Two possible solutions are: the lateral sides are free to displace in the 
plane of the plate, but they must remain straight (Case 1), and the lateral sides are 
completely free to displace in the plane of the plate (Case 2.) 
ABAQUS was used to analyze the following problem: What is the ultimate load in 
uniform compression for the two cases? Given: 1=400mm, w=100mm, T=lmm, 
E=2.03x105MPa, F,.=345MPa, R=27.5%F,., I=O.72mm. Fig. 8 shows the two cases and 
analysis results. Case 1 corresponds to a plate connected to a "stiff' web, this model is 
typically used to examine the problem analytically[7,8J. Case 2 corresponds to a plate 
connected to a weak, or slender web. The behavior and ultimate strength of these two 
members is quite different. The AISI specification uses the same procedure for analysis of 
the elements regardless of whether it is connected to a stiff or slender web. Case 2 is 
selected for this study, 
Case 1: Connected to Stiff Web 
2 
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P,"r. = 2.66 p,., p,,/1. = 2.19 Pcr 
Figure 8: Comparison of Plate Boundary Conditions 
3.3 Stiffened Element Under Stress Gradient 
3.3.1 Ratio of Applied Stresses 
A stiffened element under a stress gradient covers loading from pure compression to pure 
tension. However, it is typical that the stiffened element referred to is a web of a member, 
rather than an element under arbitrary load. For webs, the stress distribution is that of 
tension on one side, compression on the other. The most basic of this type of loading is 
pure bending, and therefore for this analysis the pure bending case is investigated. 
3.3.2 Height 
In order to fully examine the behavior of stiffened elements under pure bending, a variety 
of different hit ratios should be investigated. As Fig. 3 demonstrates the most interesting 
elements in pure bending are influenced by local buckling in the compression region. In 
order to investigate a typical element which is susceptible to buckling in bending, hit is 
selected as 200. 
3.3.3 Boundary Conditions 
The AISI specification assumes that a simply supported plate is adequate for evaluating 
the element strength. If the lateral (unloaded) sides are forced to stay straight it is 
analogous to a flexural member with strong flanges. If the lateral sides are free to wave 
this corresponds to a slender flange. For this analysis, the lateral sides are assumed free to 
wave in the plane of the plate. The loaded edges are restricted to only move linearly across 
the edge. 
4 PROBABILISTIC MODEL: SOLUTION METHODOLOGIES 
4.1 Monte Carlo Simulation 
Thickness (T), residual stress (R), and imperfection magnitude (I) are selected as random. 
Using the distributions of Figures 5-7, realizations of T, R, and I are generated. Analysis is 
conducted for a sample of T, R, and I. The results are recorded (in this case the ultimate 
strength at failure), a new sample of T, R, and I is selected, and another analysis is 
conducted. If enough samples are used and the process is "stable" then the generated 
sample mean and variance of the simulation give a reliable approximation of the actual 
mean and variance of the process. 
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4.2 Taylor Expansion 
With ABAQUS as a tool, the ultimate strength becomes a scalar field in T, R, and I that 
can be sampled pointwise. A Taylor expansion of an unknown function is possible in this 
situation, because the derivatives necessary for the expansion can be readily approximated 
by central differences. Thus, it is possible to determine a functional form for the ultimate 
strength of the element. If the ultimate strength is denoted as U, then for a second order 
expansion this results in an equation of the following form: 
U aT + bR + cI + dT' + eR' + fI2 + gTR + hR! + jT! + k 
Where, a through k are determined by the Taylor expansion. Since the distribution of the 
random variables T, R, and I is known, the mean and variance of U can be readily 
calculated. (In fact, any moment of U can be generated.) 
5 PROBABILISTIC MODEL: RESULTS 
5.1 Plate in Uniform Compression 
Monte Carlo Simulation 
The greatest difficulty in using MC simulation is determining the necessary number of 
samples. Of course more is better, but the analysis time for each sample is on the order of 
a few hours. (Analysis for this work is conducted on a V AXstation-4000-60 using 
ABAQUS version 5.3-1.) The mean of the ultimate strength multiplier through 100 
samples of T, R, and I is shown in Figure 10. The output from the analysis is A, the 
ultimate strength of the plate is P./l = AP"T' 21r--~--r--~--r---, 
After only a few samples it is clear that T is 2,05 
the most influential parameter of the problem. J 
The AISI Specification for the ultimate [ 
iii 
strength is a function of T. Simulation of the '" 1.95 
ultimate strength via the AISI Specification ~ 1.9V 
using 500 samples of T is shown in Figure 9. i 
After 100 samples the AISI simulation settles ,., 
number of MmpJ~\ 
down considerably. This is and indication that 
100 samples is an adequate amount for the 
MC simulation. Figure 9: Results for AISI Simulation 
Figure 10 visually demonstrates the 
convergence of the strength multiplier A. Numerically, it is found that the MC simulation 
gives a mean for A of 2.17 and a variance of 0,048, In addition to examining the mean and 
standard deviation of A, how the random variables T, R, and I are related to A is also 
investigated (Figures 11-13). For the 100 samples, it is clear by looking at Figure 11, that 
thickness is well correlated with the final answer. Conclusions about the effect of residual 
stress and imperfection are not as straightforward. However, if a linear regression is 
performed on the thickness data (fit a straight line to data in Figure II) the residuals reveal 
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Figure 12: Sample results for Residual Stress Figure 13: Sample Results for Imperfection 
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Taylor Expansion 
To calculate the central differences necessary for the derivatives in the Taylor expansion 
step sizes for T, R, and 1 are needed. The data from the Me simulation is examined in 
order to determine the step sizes. Figure II shows that the strength is approximately linear 
in T. Therefore, a linear regression is performed on T and the residuals for Rand 1 are 
examined. This reveals that the residuals of 1 are roughly linear. Therefore 1 is also 
regressed and the R residuals are recalculated. By studying the residuals, regions around 
the mean which are linear with respect to the variables can be determined. Based on this 
analysis, the following step sizes are seleeted: 
Ll.t = 0.053 (one standard dev.), I'lr = 7.5, ili = 0.4257 (one standard dev.) 
With the step sizes known a functional form can now be readily determined. Analysis is 
completed on ABAQUS to determine the required points for the central difference 
calculation. The expansion leads to the following expressions for Ie: 
First Order Expansion: 
Ie 2.64T - 0.00333R - O.l41I - 0.257 
Second Order Expansion: 
Ie = 30.9T - 0.0564R + 1.481 -14.2T2 + 8.89 X 10-5 R2 
+0.055212 +0.0503TR 0.00157RI 1.66TI 14.2 
With the functional forms known, the mean and variance of Ie can be readily calculated. 
For the first order expansion the mean of Ie is 2.19 and the variance is 0.0484. For the 
second order expansion the mean of Ie is 2.18 and the variance is 0.2394. 
5.2 Plate in Pure Bending 
Taylor Expansion 
Investigation of elements under stress gradient are conducted using Taylor expansion. The 
step sizes for the random variables are selected the same as in the uniform compression 
case. The output from the analysis is ex, the ultimate flexural strength of the element under 
stress gradient is: 
Mull =aM y • 
The first and second order expansions lead to the following expressions for ex: 
First Order Expansion: 
ex = 0.811T - 0.00053R - 0.00941I - OJ 5682 
Second Order Expansion: 
ex 0.946T - 0.0027IR+ 0.2251 + 1.78 x 10-5 R2 
+0.00126TR 7.83xIO-5 RI 0.233TI -0.28 
With the functional forms known, the mean and variance of ex can be readily calculated. 
For the first order expansion the mean of ex is 0.633 and the variance is 0.0020. For the 
second order expansion the mean of ex is 0.638 and the variance is 0.0105. 
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6 DISCUSSION AND COMPARISON TO AISI SPECIFICA nON 
6.1 Plate in Uniform Compression 
For the case studied, the nominal A value determined using AISI is 1.94. (i.e. the ultimate 
strength is 1.94Pcr). Figure 14 shows a histogram of the MC simulation results and a 
normal distribution fit to those results. Investigation of the MC simulation data reveals 
that 13 of the 100 members are predicted to have a strength less than the AISI prediction. 
In order to evaluate the Taylor series approximation, and for later use, a distribution for Ie 
is needed. Based on Figure 14 it is concluded that a normal distribution adequately 
captures Ie. Since the MC simulation and the Taylor expansions have different means and 
variances the percentage of expected understrength members will vary for the different 
methods. Figure 15 shows the expected percentage of understrength elements based on 
the MC simulation results. For the MC simulation (now fitted to the normal distribution) 
the expected percentage of understrength members is 14.5%, for the first order Taylor 
expansion it is 6.1%, for the second order Taylor expansion it is 31.2%. The large 
variability in the Taylor expansion results is due to the step sizes selected for calculating 
the derivatives. 
Relying primarily on the MC simulation results for discussion: the nominal AISI prediction 
lies approximately one standard deviation below the expected average. The percentage of 
understrength members may at first seem larger than expected, but this is without 
consideration of resistance factors. For a resistance factor of 0.85, typical for 





Figure 14: Histogram and Distribution for 'A, 
6.2 Plate in Pure Bending 
A similar analysis to that conducted for the uniform compression case is also conducted 
for the pure bending example. For the example element in pure bending the nominal AISI 
ex value determined is 0.604 (i.e. the ultimate strength is 0.604My). Figure 16 shows the 
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assumed distribution of (J. and the expected percentage of understrength members using 
the mean and variance from the first order Taylor expansion. The expected percentage of 
understrength elements in pure bending is 25.5% for the first order expansion and 37.1% 
for the second order expansion. For a resistance factor of 0.9, those values become 2.3% 
and 17.9% respectively. The prediction of elements under a stress gradient is less 
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Figure 15: AISI Comparison to A 
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Figure 16: AISI Comparison to ct 
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6.3 Example: Flexural Strength of a Hat Section 
The analysis of elements in pure eompression and bending are of interest primarily because 
when placed together the elements approximate the behavior of cold-formed steel 
members. The example mentioned previously is that of a hat section, as in 1. Consider 
a section as shown in the inset of 17. For this hat section in bending, the web and 
tension flanges are not prone to buckle. If they are considered deterministic, then the 
variability in the ultimate strength is dependent on the compression flange only. Using the 
same procedure as the AISI Specification it is found that for this section (E=2.03x 105MPa 
and F\'=345MPa) the flexural capacity Mil may be expressed as; 
Mil = 0.2IA? -1.481..2 + 4.611.. + 0.90 kN m 
With the functional form of Mil now known and the distribution of A known (from the MC 
simulation performed on a plate in uniform compression) M" can be readily solved by 
simulation. Samples of A are generated using a normal distribution characterized by the 
mean and variance found from the MC simulation. Figure 17 shows a histogram of Mil 
after 1000 samples. The flexural capacity prediction of the AISI Specification is 5.81kNm. 
The simulation yields a flexural capacity with mean 6.08kNm and standard deviation 
0.27kNm. It is found that 147 of the 1000 samples (14.7%) have a flexural strength less 
than that predicted by the Specification. If a resistance factor of 0.9 is used no 
understrength members are observed in the sample of 1000. The resistance factor 
significantly decreases the probability of understrength members, because in the example 
the variance in the capacity is rather small. For cases with greater uncertainty the 
resistance factor would not have such a dramatic effect. In addition, the Specification was 
shown to be less conservative for slender webs, therefore members dominated by these 
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7 CONCLUSIONS 
Based on an examination of existing literature in cold-formed steel, typical distributions 
for thickness, residual stress and imperfection magnitude are determined. Using ABAQUS 
general models for the strength of a simply supported plate in uniform compression and 
pure bending are developed. Probabilistic analysis of the ultimate strength is conducted by 
MC simulation and Taylor expansion for the plate in uniform compression and Taylor 
expansion for the plate in pure bending. Analysis by MC simulation indicates that the 
ultimate strength is approximately normally distributed. Analysis by Taylor expansion 
yields similar mean values but different variances for the members studied. The variance 
from the Taylor expansion is influenced by the selection of step size for use in the central 
difference approximation of the derivatives. 
A comparison of the statistical results to the AISI Specification indicate that the 
Specification is less conservative in its prediction of a plate in pure bending than in pure 
compression. Ignoring resistance factors, the expected probability of an understrength 
member is -15% for an element in pure compression and -25% for an element in pure 
bending. However, for the flexural member example problem, with the resistance factor 
included, no understrength members were observed in a sample of 1000. In the future, a 
Specification procedure that treats the inherent variability of the inputs in cold-formed 
steel strength prediction directly, and yields a probability based answer to the user may 
prove useful - for now, Winter's empirical correction factor still appears viable albeit in 
some cases quite conservative. 
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APPENDIX 
a e : T bl Al I mpe ection D ata 
Magnitude nfMaxlmWll Imperfectl"" (mm) 
~ ..... Specimen Line 1 Line 2 Line 3 Line 4 LineS 
Kwon CHl-S·SOO 0.35 0,35 0.55 0,75 1.25 
C~Section CHI-6-800 0.55 0.35 0.}8 0,75 0.75 
(=1.lOmm CHI-7-400 0.90 0,75 0.60 0,45 0_55 
CHI-7-600 0.50 0.30 0.38 0.50 0,70 
CHI-7-800 0.55 0.70 0,90 1.20 1.30 
CH2-7-SOO 0.35 0.25 0,45 0,80 0,95 
CH2-7·IOOO 0,25 0.50 0,70 0,90 0.60 
CH2-8-IOOO 0,75 0,40 0,20 0.80 1,45 
CH2·lO·lo()( 0.45 0,45 1.30 0.80 0.50 
CH2-12-10()( 0.90 0,75 0,80 0,80 1.15 
CH2-14-10()( 0,75 0.65 0,60 0.50 0,50 
Bernard ST22 0,60 0.50 0,45 0_25 0,25 
Trap_ Sect 0,80 0,65 0,60 0,45 0,20 
t=O.595mm IST43 1.20 1.10 0,70 0.30 
L80 LSO 1.10 0.30 
IST44 0,70 0,60 OAO 0,55 0.35 
0,90 0,60 0.30 0,10 
IST46 2,30 1.70 1.20 0,60 DAD 
2,30 L70 1.20 0,60 0.30 
Overall A "eroee ~ 0_72 Overall Standard Deviation ~ 0,43 
Table A2' Residual Stress Data 
FLATS I CORNER 
Residual Stress as %fy I Residual Stress as %fy 
Specimen Outside Illude Net Outside In'lde Net 
Ingvarsson UJ 4 -3 I 56 -38 18 
C-Section) U2 1 -2 -I 50 -31 19 
Weng RFCB 22 -24 .2 54 -41 13 
(C·Section) RFCI4 53 -53 0 80 -56 24 
PBCI4 24 -24 0 53 -47 6 
R13 53 ·53 0 70 ·59 II 
RI4 53 -44 9 71 -62 9 
P3300 21 ·21 0 42 ·40 2 
P4100 17 -20 ·3 40 -40 0 
DCIl 23 -23 0 46 ·50 -4 
DCI4 26 -28 ·2 53 ·40 13 
PII 35 -37 -2 61 -53 8 
PI6 32 ·41 ·9 60 -54 6 
Bernard R41O·] 13 -13 0 3 0 3 
(Trapezoid R412-1 ·5 6 1 -4 2 ·2 
Section) R412·2A ·3 4 ] ·2 2 0 
R412-2B 12 ·10 2 8 -4 4 
mean 22.41 ·22.71 -0,29 4359 -35,94 7,65 
st. dev, 18.53 18,51 3.44 26.35 22,14 7,87 
Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
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EFFECTIVE WIDTH OF A SIMPLE EDGE-STIFFENER 
SUBJECTED TO A STRESS GRADIENT 
C.A. Rogersl and R.M. Schusterl 
SUMMARY 
The most recent editions of the North American Design Standards present a unified effective 
width approach for the design of compressive elements. This paper outlines a comparison of 
various modifications to the existing procedure used to calculate the effective width of a simple 
edge-stiffener subjected to a stress gradient. The comparison involves three methods where the 
magnitude of the compressive stress is altered, and two stress gradient methods where the plate 
bucking coefficient is based on the ratio of compressive stresses at the top and bottom of the flat 
width of the simple edge-stiffener. Analysis of these methods was carried out using specimens 
tested at the University of Waterloo and data available in the literature. Results of the comparison 
indicate that the variation in statistical values between the five effective width methods is 
marginal. Therefore, it is recommended that the current procedures used to calculate the effective 
width of simple edge-stiffeners subjected to a stress gradient remain unchanged in the North 
American Design Standards. 
1 INTRODucTION 
The latest editions of the North American Design Standards[1,2] present a unified effective 
width approach where all compressive elements are analysed using the basic effective width 
expression, with plate buckling coefficients that reflect the actual boundary conditions. Although a 
simple edge-stiffener of a section in bending is under a stress gradient, current Standards specity 
that this type of element be designed assuming a uniform compressive stress. The present method 
used to determine the effective width of a simple edge-stiffener is given by Pek6z[3], as well as, 
the S 136[4] and AISI[S] Commentaries. The objective of this work was to refine the procedure 
used to calculate the effective width of a simple edge-stiffener subjected to a stress gradient. This 
objective was accomplished by using the results of C-section tests carried out at the University of 
Waterloo(6], and applicable available data found in the literature[7,8,9,lO). The existing 
procedure which is used to calculate the effective width of an edge-stiffener subjected to a stress 
gradient was refined by comparing various plate buckling coefficient methods and magnitudes of 
the compressive stress. The most accurate method was determined by statistically comparing the 
test-to-predicted bending moment ratios of the applicable test specimens. 
I Ph.D. Research Student, School of Civil and Mining Engineering, University of Sydney, Australia 
Former M.A.Sc. Research Student, Department of Civil Engineering, University of Waterloo, Canada 
2 Professor, Department of Civil Engineering, University of Waterloo, Canada 
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2 SIMPLE EDGE-STIFFENERS SUBJECTED TO A STRESS GRADIENT 
In cross-sections subjected to bending, where the edge-stiffener (lip) is of a simple shape, i.e., 
without stiffeners of its own, the buckling coefficient is given as 0.43 in the North American 
Design Standards[1,2]. The actual stress is assumed to be uniform at the maximum compressed 
position of the lip, i.e., at the top ofthe flat width (see f3 in Figure 1). Pekoz[3] recommends that 
this simplified conservative approximation be used since there is a lack of experimental data 
regarding edge-stiffener behaviour under a stress gradient. 





-.~~~~.---~ .. -.. ---- ---_ .. ~ 
neutral axis 
Figure 1 - Unstiffened Element Subjected to a Stress Gradient 
Equations for the buckling coefficient of an unstiffened element subjected to a stress gradient 
have been formulated by Kollbrunner and Meister[ll], Thomasson[12] and Cohen[13]. These 
researchers define the plate buckling coefficient, k, based on a ratio of compressive stresses at the 
top and bottom of the flat width ofa simple edge-stiffener. 
3 S136 EFFECTIVE WIDTH OF COMPRESSED SIMPLE EDGE-STIFFENERS 
The flat width of a simple edge-stiffener, d, is calculated as the out-to-out width of the lip, di, 
minus the thickness, and minus tbe inside bend radius. The flat width ratio, d/t, has a limit of 14 as 
given in Clause 5.6.2.3 ofthe S136 Standard[l]. The plate buckling coefficient, k, equals 0.43 and 
the lip is assumed to be subjected to a uniform compressive stress, f3, which is located at the top 
of the flat width (see Figure 1). The limiting flat width ratio, Wlim, is calculated and compared 
with the flat width ratio of the lip, d/t. 
Wlim = 0.644.JkE I f withf f3 and k = 0.43 (1) 
If the limiting flat width ratio is exceeded, i. e., d/t > Wlim, then the lip must be reduced in width 
according to the basic effective width equation. 
de 0.95tfEf [1 0.208~ fEfJ (2) 
Where de is the effective width of the lip, which may be further reduced if the lip does not have an 
adequate moment of inertia to support the flange. Inadequately stiffened elements typically fail in 
the distortional mode with both the flange element and the edge-stiffener buckling out-of-plane at 
about the same time. If the flange element is inadequately stiffened, i.e., Ie < 1, then the effective 
width of the lip is represented by d, where de de·I,. 
4 PLATE BUCKLING COEFFICIENT - STRESS GRADIENT ApPROACHES 
Five methods were used to determine the nominal moment resistance of the applicable test 
sections. The first three methods alter the magnitude of the compressive stress (see Figure 2) and 
keep the plate buckling coefficient constant (k=0.43). The f3 position refers to the maximum 
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compressive stress in the element, which is specified in the current S136 Standard[l]. The f5 
position refers to the third point compressive stress and the f6 position refers to the mid-point 
compressive stress. The final two methods involve the calculation of a plate buckling coefficient, 
k, which is dependent on the ratio of stresses f3 and 4. For these two procedures the compressive 
stress, f3, is kept constant in the characteristic stress function. 
r:J~f 
neuttal axis r~·~ 
Figure 2 - Edge-Stiffener Stress Position Comparison 
The initial stress gradient method, recommended by Cohen[13], is formulated as follows, 
f 




where 0.43 k ~ 1.70. 
Another version of the previous stress gradient approach is contained in the Eurocode 3 
Standard[14], under Clause A3.3 - Singly Supported Elements Case Ira., where the plate buckling 
coefficient is calculated as given in Eqs. 5 and 6. 
f \If = ~ (5) 
f3 
k == 0.578 
\If + 0.34 
(6) 
The Eurocode[ 14] stress gradient method uses the inverse ratio of the compressive stresses but 
otherwise yields the same results as Cohen's[l3] formulation, hence, it can be considered 
equivalent for this paper. These plate buckling equations are valid only when the edge-stiffener 
remains in compression over its entire length, i.e., 0 ~ \If ~ 1, and 0.43 ~ k s; 1.70. 
The ISO Standard[15] presents the stress gradient approach for simple edge-stiffeners under 
Clause 3.2.2 case Ira., where the plate bucking coefficient is determined as follows, 




where both f3 and 4 are compressive stresses (f4 S; f3) and the plate buckling coefficient is in the 
following range; 0.43 ~ k ~ 1.70. 
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All other components of the analysis are based on the effective moment resistance method 
specified in the S136 Standard[l]. A comparison of the effective width modifications was 
completed by analysing the resulting test-to-predicted bending moment ratios of the applicable 
test sections. An attempt to isolate the contribution of the simple edge-stiffener to the bending 
moment resistance was made by using test beams which have locally stable webs, i.e., fully 
effective, according to the S136 Standard[1]. Cold formed sections tested by other researchers 
were used only when the web element was found to be fully effective. However, C-sections tested 
at the University of Waterloo[ 6] were considered applicable when the web element was greater 
than 90% effective. 
5 COMPARISON WITH WATERLOO TEST DATA 
The Waterloo[6] Case I flange specimens, CI-I, are fully effective at their yield stress, hence, 
cold work of forming was applied for the moment resistance calculations. The existing unified 
effective width formulation accurately predicts the moment resistance of the C-sections, as do all 
other stress gradient methods (see Table 1 and Table A,2 of the Appendix). The plate buckling 
coefficients range from 0.430 to 0.570 using the 1SO[15] and CohenlEurocode [13,14] stress 
gradient expressions (see Table 2). 
The C2-1 specimens are subject to local buckling of the flange andlor edge-stiffener, hence, 
cold work offorming was not applied. The 1S0[15] and CohenfEurocode[13,14] stress gradient 
methods closely predict the moment resistance of the sections as does the existing S136[I] 
method (see Table 1 and Table A,2 ofthe Appendix). The plate buckling coefficients range from 
0.430 to 0.699 (see Table 2). 
The results of test series C2R are summarised in Table I and Table A,2 of the Appendix. 
Again, the five stress gradient methods result in similar test-to-predicted bending moment ratios, 
and the plate buckling coefficients range from 0.430 to 0.693 (see Table 2). 
Test series C2-2 also contains sections which are fully effective. Specimen DW25 does not 
utilise cold work of forming properties since the edge-stiffener and/or flange is partially effective 
at the yield stress. The five gradient methods yield the same test-to-predicted ratios for all of the 
specimens in this series (see Table 1 and Table A,2 of the Appendix). The plate buckling 
coefficients range from 0.430 to 0.711 (see Table 2). 
Test series four, C3, can be accurately predicted by the five gradient methods (see Table 1 and 
Table A,2 ofthe Appendix). The existing SI36[1] method, as well as, the CohenlEurocode[13,14] and 
the 1SO[15] methods result in near similar test-to-predicted bending moment ratios. The plate 
buckling coefficients range from 0.430 to 0.738 (see Table 2). 
Overall, the Waterloo test specimens are accurately predicted by all five of the stress gradient 
methods. Mean, standard deviation and coefficient of variation values show no indication of an 
advantage to revising the current S 136 Standard[I] procedure used to calculate the effective 
width of a simple edge-stiffener subject to a stress gradient (see Table 1 and Table A.2 of the 
Appendix). 
Table 1 - Statistical Comparison of MTlMp Ratios 
Method Mean 8.0. C.o.V. Method Mean 8.0. C.o.V. 
81361 1.12 0.094 0.087 81361* 1.07 0.065 0.063 
81362 1.12 0.095 0.089 81362* 1.07 0.065 0.064 
81363 1.12 0.095 0.088 8136,* 1.07 0.065 0.063 
8136. 1.12 0.096 0.090 81364* 1.07 0.065 0.064 
8136s 1.12 0.097 0.090 8136,* 1.07 0.066 0.064 
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Table 2 - Plate Buckling Coefficient Values, k 
CI-DW30-I-A 0.430 0.430 0.494 C2R-DW55-I-A 0.430 0.552 0.638 
CI-DW30-I-B 0.430 0.430 0.494 C2R-DW55-I-B 0.430 0.555 0.643 
CI-DW40-I-A 0.430 0.441 0.510 C2R-DW65-I-A 0.430 0.597 0.691 
CI-DW40-1-B 0.430 0.441 0.510 C2R-DW65-1-B 0.430 0.598 0.693 
CI-DW60-1-A 0.430 0.465 0.539 
CI-DW60-1-B 0.430 0.465 0.538 C2-DW25-2-A 0.430 0.451 0.522 
CI-DW80-1-A 0.430 0.492 0.570 C2-DW25-2-B 0.430 0.449 0.520 
CI-DW80-1-B 0.430 0.492 0.570 C2-DW40-2-A 0.430 0.481 0.557 
C2-DW40-2-B 0.430 0.481 0.556 
C2-DW20-I-A 0.430 0.447 0.517 C2-DW50-2-A 0.430 0.505 0.584 
C2-DW20-1-B 0.430 0.444 0.513 C2-DW50-2-B 0.430 0.502 0.581 
C2-DW35-1-A 0.430 0.495 0.573 C2-DW60-2-A 0.430 0.534 0.617 
C2-DW35-I-B 0.430 0.495 0.573 C2-DW60-2-B 0.430 0.533 0.617 
C2-DW45-I-A 0.430 0.521 0.602 C2-DW70-2-A 0.430 0.567 0.656 
C2-DW45-I-B 0.430 0.515 0.596 C2-DW70-2-B 0.430 0.568 0.657 
C2-DW55-1-A 0.430 0.551 0.638 C2-DW80-2-A 0.430 0.606 0.701 
C2-DW55-I-B 0.430 0.551 0.638 C2-DW80-2-B 0.430 0.614 0.711 
C2-DW65-1-A 0.430 0.602 0.698 
C2-DW65-1-B 0.430 0.604 0.699 C3-DW20-1-A 0.430 0.495 0.573 
C3-DW20-1-B 0.430 0.495 0.572 
C2R-DW20-1-A 0.430 0.440 0.509 C3-DW30-1-A 0.430 0.536 0.620 
C2R-DW20-1-B 0.430 0.439 0.508 C3-DW30-1-B 0.430 0.539 0.623 
C2R-DW35-1-A 0.430 0.497 0.575 C3-DW35-1-A 0.430 0.595 0.689 
C2R-DW35-1-B 0.430 0.499 0.578 C3-DW35-1-B 0.430 0.596 0.690 
C2R-DW45-1-A 0.430 0.506 0.585 C3-DW45-1-A 0.430 0.639 0.740 
C2R-DW45-1-B 0.430 0.511 0.591 C3-DW45-}-B 0.430 0.637 0.738 
Note: * Cold work oj Jorming used. 
1) S136 IIni/orm compressive stress at the top oj the flat width (Current). 
2) S136uni/orlll compressive stress at the mid-poillt oJthe flat width. 
3) S136 uni/orm compressive stress at the third point oJthe flat width. 
4) CohenlE'urocode stress gradiellt. 
5) ISO stress gradient. 
6 COMPARISON WITH AVAILABLE TEST DATA 
A limited number of available test specimens have web elements that are fully effective and are 
included in this paper. These consist of all four C-sections from Desmond et al.[7], test B-lO-1 
from LaBoube & Yu[8], tests 2G,16,l&2(N) and 2G,16,3&4(N) from Shan et aJ.[9], and 
specimens B2 and B4 to Bl0 from Winter[IOl The resulting test-to-predicted bending moment 
ratios and plate buckling coefficients are summarised in Tables 3 and 4, as well as, Table A.3 of 
the Appendix. 
The test-to-predicted bending moment ratios for test section E-45.6B-4 from Desmond et 
a1.[7] range from 1.10 for the existing S136[1] method to 1.07 for the ISO[15] method (see Table 
A.3 of the Appendix). All other sections exhibit a smaller range in test-to-predicted bending 
moment ratios between the various stress gradient methods. Plate buckling coefficients range 
from 0.489 to 0.726 for the CoheniEurocode[13,14] method and from 0.566 to 0.842 for the ISO 
method (see Table 4). 
The single applicable section from LaBoube & Yu[8] has a consistent test-to-predicted 
bending moment ratio of 1.06 for all five simple edge-stiffener effective width methods (see Table 
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A3 of the Appendix). The plate buckling coefficients are approximately 0.518 for the 
CohenJEurocode[13,14] method and 0.600 for the ISO[15] method (see Table 4). 
The two test sections from Shan et a1.[9] also show constant test-to-predicted bending moment 
ratios for each of the stress gradient methods (see Table A3 of the Appendix). The plate buckling 
coefficients range from 0.529 to 0.561 for the CohenJEurocode[13, 14] method and from 0.612 to 
0.649 for the 1S0[15] method (see Table 4). 
The eight applicable C-sections from Winter[lO] produce test-to-predicted bending moment 
ratios which range from 1.00 to 1.14 (see Table A3 of the Appendix). This range of values 
remains constant for each of the stress gradient methods. The plate buckling coefficients range 
from 0.466 to 0.564 for the CohenJEurocode[13,14] method and from 0.540 to 0.652 for the 
IS0[15] method (see Table 4). 
As found with the Waterloo[6] test data, all of the stress gradient methods can be used to 
accurately predict the bending moment resistance of the applicable available test 
specimens[7,8,9,10]. Mean, standard deviation, and coefficient of variation values show no 
indication of an advantage to revising the current S136[1] procedure used to calculate the 
effective width of a simple edge-stiffener subject to a stress gradient (see Table 3). 
Table 3 - Statistical Comparison of MTfMp Ratios 
Method Mean S. D. C.o.v. 
S136t 1.10 0.059 0.058 
S1362 1.09 0.059 0.058 
S1363 1.09 0.059 0.058 
S136. 1.09 0.059 0.059 
SI361 1.09 0.060 0.059 
Table 4 - Plate Buckling Coefficient Values, k 
Specimen kr,2,3 k. ks Si!ecimen k'23 k. ks 
Desmond et al. [7] LaBoube & Yu[8] 
E-45.6B-l 0.430 0.489 0.566 B-lO-la 0.430 0.517 0.599 
E-45.6B-2 0.430 0.515 0.595 B-lO-lb 0.430 0.518 0.600 
E-45.6B-3 0.430 0.623 0.722 
E-45.6B-4 0.430 0.726 0.842 Winter[lO] 
B2 0.430 0.509 0.589 
Shan et al. [9J B4 0.430 0.466 0.540 
2G,16,1&2(NLA 0.430 0.529 0.612 B5 0.430 0.516 0.597 
2G, 16, 1&2(NLB 0.430 0.529 0,612 B6 0.430 0.475 0.550 
2G,16,3&4(NL A 0.430 0.561 0.649 B7 0.430 0.564 0.652 
2G,16,3&4(NLB 0.430 0.534 0.618 B8 0.430 0.504 0.584 
B9 0.430 0.480 0.556 
BIO 0.430 0.549 0.635 
Note: 1) S136 uniform compressive stress al the top of Ihe flat width (Current). 
2) S136 uniform compressive stress at the mid-point of the flat width. 
3) S136 uniform compressive stress at the third point oftlte flat width. 
4) CohenlEurocode stress gradient. 
5) ISO stress gradient. 
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7 CONCLUSIONS 
The S136 Standard[l] and AISI Specification[2] require that a simple edge-stiffener subjected 
to a stress gradient be treated as a uniformly compressed element subjected to a maximum stress, 
with the plate buckling coefficient, k, set at 0.43. Modifications to the current effective width 
procedure involving three methods where the magnitude of the compressive stress is altered were 
compared. Two stress gradient approaches (CohenlEurocode[13,14] and ISO[15]) where the 
plate bucking coefficient is based on the ratio of compressive stresses at the top and bottom of the 
flat width were also included. Analysis of test-to-predicted bending moment results indicate that 
the variation in statistical values between the five effective width methods is marginal. Therefore, 
it is recommended that the current effective width procedures for simple edge-stiffeners subjected 
to a stress gradient remain unchanged in the North American Design Standards. 
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~ ~ ~ ~ ~ ~ ~ ~ ~ ~ t ~ ~ ~ % 
mm mm mm mm mm mm mm mm mm mm mm mm MPa MPa Elg. 
6.00 29.0 102 29.0 13.0 6.00 29.0 101 29.0 13.0 1.92 3.84 359 457 31.5 
8.00 29.0 102 29.0 13.0 8.00 29.0 102 29.0 13.0 1.92 3.84 359 457 31.5 
11.0 29.0 101 29.0 13.0 11.0 29.0 102 29.0 13.0 1.92 3.84 359 457 31.5 
14.0 30.0 102 30.0 14.0 14.0 30.0 102 30.0 14.0 1.92 3.84 359 4S7 31.5 
7.00 41.0 102 41.0 13.0 6.50 40.S 103 40.0 13.0 1.14 2.29 362 439 28.3 
13.0 42.5 102 42.5 13.0 13.0 42.5 102 42.5 13.0 1.14 2.29 362 439 28.3 
IS.O 39.5 100 39.5 IS.0 14.5 40.0 99.0 40.0 15.0 1.14 2.29 362 439 28.3 
18.0 38.5 101 38.5 18.0 18.0 38.5 101 38.5 18.0 1.14 2.29 362 439 28.3 
23.0 44.0 101 44.0 23.5 23.0 44.0 101 43.0 23.S 1.14 2.29 362 439 28.3 
6.00 38.0 101 38.3 25.8 6.00 38.0 102 38.2 26.1 1.21 2.42 329 381 34.4 
13.2 37.7 102 38.3 26.3 13.4 37.7 102 38.6 26.0 1.21 2.42 329 381 34.4 
14.2 38.4 103 38.7 25.8 14.7 38.8 103 38.5 25.4 1.21 2.42 329 381 34.4 
18.5 38.3 102 38.5 25.5 18.8 38.8 102 38.6 25.3 1.21 2.42 329 381 34.4 
22.6 38.7 103 38.8 26.7 22.5 38.8 102 38.S 26.5 1.21 2.42 329 381 34.4 
9.20 41.2 99.0 40.9 26.4 9.00 41.0 99.0 41.3 26.6 1.87 3.73 386 492 30.6 
12.8 41.2 100 41.3 26.4 12.8 41.1 100 41.2 26.7 1.87 3.73 386 492 30.6 
15.2 40.8 99.3 41.1 26.3 lS.0 41.0 99.8 41.1 26.5 1.87 3.73 386 492 30.6 
18.0 41.0 100 41.2 26.5 18.0 41.1 101 41.2 26.6 1.87 3.73 386 492 30.6 
20.7 40.9 100 41.0 26.7 20.7 41.0 99.9 41.0 26.8 1.87 3.73 386 492 30.6 
23.7 41.2 102 41.4 26.4 24.0 40.8 100 41.0 26.5 1.87 3.73 386 492 30.6 
13.5 65.6 98.0 66.4 25.8 13.5 65.7 99.0 66.0 25.9 1.20 2.40 302 372 39.6 
17.6 6S.9 99.8 66.1 25.8 17.9 65.9 100 66.0 25.9 1.20 2.40 302 372 39.6 
23.0 66.0 102 66.2 2S.8 23.1 66.2 102 66.1 25.7 1.20 2.40 302 372 39.6 
25.7 66.2 99.0 66.0 26.0 25.6 66.2 99.0 66.0 25.8 1.20 2.40 302 372 39.6 
Note: Material properties are based on an average offour coupon tests per series. 
Percent elongation is based on a 50mm gauge length. 
D, 
Figure A.1 - Waterloo Test Specimen Cross-Section[6] 
Table A.2 - MTiMp Ratios - Waterloo Test Data[6] 
8136, 8136,* 81362 81362* 81363 81363* 8136, 8136,* 
8pecimen MT Mp MrIM Mp Mr/M Mp Mr/M Mp MTfM Mp MTfM Mp MrfM Mp MTfM Mp Mr/M 
IeNm kN·m kN'm kN'm kN·m ki'I·m kN'm kN·m kN'm 
CI-DW30-1 7.17 6.03 1.19 7.00 1.03 6.03 Ll9 7.00 1.03 6.03 1.19 7.00 1.03 6.03 1.19 7.00 1.03 6.03 1.19 7.00 1.03 
CI-DW40-1 7.48 6.25 1.20 7.25 l.03 6.25 1.20 7.25 1.03 6.25 1.20 7.25 1.03 6.25 1.20 7.25 1.03 6.25 1.20 7.25 1.03 
CI-DW60-1 7.83 6,44 1.22 7,47 1.05 6,44 1.22 7.47 1.05 6.44 1.22 7.47 l.05 6,44 1.22 7,47 1.05 6,44 1.22 7.47 1.05 
CI-DW80-1 8,43 6.34 1.23 7.90 1.07 6.84 1.23 7.90 1.07 6.84 1.23 7.90 1.07 6.84 1.23 7.90 1.07 6.84 1.23 7.90 1.07 
C2-DW20-1 4.19 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 3.73 1.12 
C2-DW35-1 4.43 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 4.71 0.94 
C2-DW45-1 5.16 4.84 1.07 4.84 1.07 4.84 L07 4.84 1.07 4.84 1.07 4.84 1.07 4.84 l.07 4.84 l.07 4.84 l.07 4.84 1.07 
C2-DW55-1 5.09 4.87 1.04 4.87 1.04 4.90 1.04 4.90 1.04 4.89 1.04 4.89 1.04 4.91 1.04 4.91 1.04 4.93 1.03 4.93 1.03 
C2-DW65-1 5.57 5.01 1.11 5.01 1.11 5.06 1.10 5.06 1.10 5.04 1.11 5.04 1.11 5.08 1.10 5.08 1.10 5.11 1.09 5.11 L09 
C2R-DW20-1 4.16 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 3.64 1.14 
C2R-DW35-1 5.05 4.77 L06 4.93 1.02 4.77 1.06 4.93 1.02 4.77 1.06 4.93 1.02 4.77 1.06 4.93 1.02 4.77 1.06 4.93 1.02 
C2R-DW45-1 5.22 4.97 1.05 5.18 1.01 4.97 L05 5.18 1.01 4.97 L05 5.18 1.01 4.97 1.05 5.18 LOI 4.97 L05 5.18 1.01 
C2R-DW55-1 5.26 4.93 1.07 4.93 1.07 4.95 L06 4.95 1.06 04 1.06 4.94 L06 4.96 1.06 4.96 1.06 4.96 1.06 4.96 L06 00 
C2R-DW65-1 5.49 4.81 1.14 4.81 1.14 4.85 1.13 4.85 1.13 4.83 Ll4 4.83 1.14 4.87 1.13 4.87 1.13 4.89 1.12 4.89 1.12 '" 
C2-DW25-2 9.21 7.75 1.19 7.75 1.19 7.75 1.l9 7.75 1.19 7.75 L19 7.75 1.19 7.75 1.19 7.75 1.19 7.75 1.19 7.75 1.19 
C2-DW40-2 10.4 8,45 1.23 8.85 1.18 8.45 1.23 8.85 1.13 8,45 1.23 8.85 1.18 8,45 1.23 8.85 1.18 8.45 1.23 8.85 1.18 
C2-DW50-2 lOA 8.51 1.22 9.50 1.10 8.51 1.22 9.50 1.10 8.51 1.22 9.50 1.10 8.51 1.22 9.50 1.10 8.51 1.22 9.50 1.10 
C2·DW60-2 11.0 3.31 1.24 9.83 Ll2 8.81 1.24 9.33 1.12 8.81 1.24 9.33 1.12 8.81 1.24 9.83 1.12 8.81 1.24 9.83 1.12 
C2·DW70-2 10.8 8.89 1.22 9.91 1.09 8.89 1.22 9.91 1.09 8.89 1.22 9.91 1.09 8.89 1.22 9.91 1.09 8.89 1.22 9.91 1.09 
C2-DW80-2 11.2 9.16 1.23 9.96 1.13 9.16 1.23 9.96 Ll3 9.16 1.23 9.96 1.13 9.16 1.23 9.96 Ll3 9.16 1.23 9.96 1.13 
C3-DW20-1 5.14 4.67 LlO 4.67 LIO 4.67 1.10 4.67 LlO 4.67 LIO 4.67 LlO 4.67 LlO 4.67 1.10 4.67 1.10 4.67 1.10 
C3-DW30-1 5.37 5.38 1.00 5.38 LOO 5.39 1.00 5.39 l.00 5.38 1.00 5.38 1.00 5.39 1.00 5.39 1.00 539 1.00 5.39 LOO 
C3-DW35-1 5.43 5.60 0.97 5.60 0.97 5.64 0.96 5.64 0.96 5.63 0.96 5.63 0.96 5.66 0.96 5.66 0.96 5.68 0.95 5.68 0.95 
C3-DW..J.S-I 5.37 5.36 LOO 5.36 LOO 5,40 0.99 5,40 0.99 5.39 l.00 5.39 1.00 5.42 0.99 5.42 0.99 5.45 0.98 5.45 0.98 
Note: * Cold work of forming used. 
1) S136 uniform compressive stress at the top of the flat width (Current). 
2) S136 uniform compressive stress at the mid-point of the flat width. 
3) S136 uniform compressive stress at the third point of the flat width. 
-/) CohenlEurocode stress gradient. 
5) ISO stress gradient. 
Table A.3 - MTlMp Ratios - Available Test Data 
8136, 81362 81363 81364 81365 
Specimen Mr Mp Mr/Mp Mp MTfMp Mp MriMp hlP MTfMp Mp MTiMp 
lu'l'rn kNrn lu'l'rn kN'rn kN'rn kN'rn 
Desmond et aI. [7] 
E-45.6B-l 21.5 17.2 1.25 17.2 l.25 17.2 1.25 17.2 1.25 17.2 1.25 
E-45.6B-2 21.5 18.3 1.17 18.3 1.17 18.3 1.17 18.3 1.17 18.3 1.17 
E-45.6B-3 21.6 20.3 1.07 20.4 1.06 20.3 l.06 20.5 1.05 20.6 1.05 
E-45.6B-4 21.2 19.3 1.10 19.5 1.09 19.5 1.09 19.7 LOS 19.8 1.07 
LaBoube & Yu[8] 
B-1O-1 6.26 5.89 1.06 5.89 1.06 5.89 1.06 5.89 1.06 5.89 1.06 
Shan et aL[9] 
2B,16,1&2(N) 3.82 3.50 1.09 3.50 l.09 3.50 1.09 3.50 1.09 3.50 1.09 
2B,16,3&4(N) 3.90 3.61 1.08 3.61 1.08 3.61 1.08 3.61 l.08 3.61 LOS 
Winter[lO] 
B2 IO.S 10.4 1.04 10.4 1.04 10.4 1.04 10.4 1.04 10.4 1.04 
'D 
B4 49.4 44.4 1.11 44.4 1.11 44.4 1.11 44.4 1.11 44.4 L11 0 
B5 4.84 4.54 l.06 4.54 1.06 4.54 1.06 4.54 l.06 4.54 1.06 
B6 38.3 34.7 1.10 34.7 1.10 34.7 1.10 34.7 1.10 34.7 LIO 
B7 5.59 5.58 l.00 5.58 l.00 5.58 l.00 5.58 1.00 5.58 1.00 
B8 22.7 21.1 l.08 21.1 1.08 21.1 LOS 21.1 1.08 21.1 1.08 
B9 34.5 32.2 1.07 32.2 1.07 32.2 l.07 32.2 1.07 32.2 1.07 
BIO 12.1 10.6 1.14 10.6 1.14 10.6 1.14 10.6 Ll4 10.6 Ll4 
Note: 1) S136 uniform compressive stress at the top of the flat width (Current). 
2) S136 uniform compressive stress at the mid-point of the flat width. 
3) S136 uniform compressive stress at the third point of the flat width. 
4) CoheniEurocode stress gradient. 
5) ISO stress gradient. 
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THE EFFECTS OF PERFORATION LENGTH ON THE BEHAVIOUR OF 
PERFORATED ELEMENTS IN COMPRESSION 
Jim Rhodes! and Martin Macdonald2 
Summary 
The compressional behaviour of stub columns having perforations in the form of slots 
of different length is examined on the basis of testing. Plain channels of a specified 
geometry are considered, and the geometry examined follows that of a test programme 
previously carried out to examine the effects of perforation location on stub column 
strength. Two different perforation layouts, and two material thicknesses are 
considered and systematic variation in the slot length is carried out for each layout and 
thickness. It is found that the stub column compression capacity reduces as the 
perforation length increases. The test results are compared with design code 
predictions and with modified predictions set up to take the perforations, and 
perforation lengths, into account. 
Introduction 
Cold formed steel design codes generally do not consider perforated members, at least 
from any analytical viewpoint, and the strut capacity of perforated members is usually 
assessed on the basis of test. It is, however, desirable that some method of initial 
assessment of the capacity of perforated members is available. There has been a 
substantial number of research projects carried out on the effects of holes in plates and 
thin-walled sections, e.g. (1), (2), (3), although these have in the main concentrated on 
members containing a single hole. Many structural members in widespread use, such as 
storage racking uprights, have a multiplicity of perforations, often in the form of a 
repeating pattern, and the investigation reported here extends an earlier examination 
(4) of the effects of perforation location in multiply perforated members. 
In the previous examination plain channel stub columns of nominal flange widths of 
30mm and nominal web widths of 60mm, of length 180mm and having a variety of 
layouts of circular perforations repeated along their lengths, were tested to failure. The 
test results were compared with proposed design formulations which took account of 
the number, cross sectional dimensions and locations of the perforations. While these 
design formulations showed good agreement with the test results, the effects of 
perforation length, or variation in geometry in the axial direction, could not be taken 
into account because all perforations were circular. It is known that in many storage 
L Professor, Department of Mechanical Engineering, University of Strathclyde, 
Glasgow, Scotland. 
2. Lecturer, Glasgow Caledonian University, Glasgow, Scotland. 
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racking uprights individual perforations can extend for a fairly substantial length, and it 
was felt that the effects of perforation length on member capacity should also be 
examined. To this end the present investigation was undertaken. 
Test Programme 
A total of 53 plain channel stub column tests were carried out in this investigation. The 
stub columns were nominally of 60mm web, 30mm flange, 180mm length and of 
thickness O.6mm and 1.2mm. For each thickness all specimens were cut from a single 
sheet of material to ensure uniformity as far as possible. All specimen blanks were cut 
and machined together where possible. The perforations, in the shape of slots, were 
made prior to folding the specimens to channel shape. The cross sectional width of all 
slots was 8mm and the slot length varied from 8mm to 36nun. The final average 
dimensions of the specimens, as manufactured, and the material yield strengths of both 
material thicknesses, obtained from tensile tests are as follows:-
Material thickness:- O.60nun. Yield stress:- 161.8 N/llllli. b j =59.4Onun. b2=30.70mm 
Material thickness:- 1.24nun. Yield stress:- 254.2 N/mm2• b j =61.76nun. b2=29.i88mm 
For each of the different material thicknesses tests on unperforated specimens were 
carried out, together with tests on specimens having two different cross sectional 
layouts of perforations. Thus three different groups of specimens were considered for 
each thickness, and these are described as follows:-
Group 1 
This group consists of unperforated members, and comprised three members for the 
O.6mm thick material and two members for the 1.2mm thick material 
All dimensions in mm 
Figure 1. Group 2 type specimens 
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Group 2 
This group consists of members having three repeated sets offour perforations around 
the cross section as shown in Figure 1. The cross sectional width of each perforation is 
8mm and the perforation length varies from 8mm to 36mm in steps of 4mm as shown. 
Two tests were carried out for each perforation geometry in each material thickness, 
giving a total of24 tests in this group. 
G)'OUp 3 
'This group comprises members with perforations set at the flange web junctions as 
shown in Figure 2. Here also the width of the perforation (before forming the comers) 
is 8mm and the perforation length varies from 8mm to 36mm in 4mm increments. As 
fur Group 2 specimens two tests were carried out for each perforation length in each 
material thickness, giving a total of24 tests fur this group. 
All dimensions in 
Figure 2. Group 3 type specimens 
The Tests 
The tests were carried out on a servo-hydraulic testing machine made by Avery-
Denison Limited, Leeds, England (model 7152), a combined tension and compression 
machine with a maximum load capacity of 600kN. 
All tests were carried out at a constant end displacement rate of Imm per minute. The 
specimens were uniformly compressed between two plain steel plattens. The bottom 
platten was fitted with a spherical bearing which allowed universal adjustment to 
ensure even contact between platten and specimen. 
In each test compression was carried out at the stated constant rate of lmm per minute 
and continued well beyond the stage at which the maximum load was achieved, with 
the test being discontinued only when there had been substantial load shedding and 
significant deformation of the specimen under test. The end displacement produced to 
cause this was of the order of3mm to 5mm 
Typical failed specimens of Group 2 and Group 3 types are shown in Figures 3 and 4. 
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Figure 3. Failed specimens of Group 2 Type 
Figure 4. Failed Specimens of Group 3 Type 
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Test Results and Discussion 
The failure loads obtained for all channels tested are summarised in Table 1. From this 
table it can be seen that the member load capacity is not independent on the perforation 
length. Indeed, there is a definite decrease in member axial load capacity as the 
perforation length increases. This is particularly evident in Group 3 type specimens 
where specimens with perforation length of 36mm had capacities of only about half of 
those with 8mm long perforations with the same cross sectional perforation location. 
Therefore a design approach which could have any claims to generality in dealing with 
perforated members would require to be able to take perforation length into account. 
In Ref (4) the effects of cross sectional positioning of perforations was studied, and 
three alternative approaches were examined. It was found that the final approach, 
which considered a continuously varying stress distribution around the section, gave 
probably the best agreement with experiments. However, an effective width approach 
which took consideration of the perforation position relative to the effective and 
ineffective regions also gave good results and was easy to visualise and rationalise. 
This approach is also used here, and the net area of the cross section is first obtained 
by considering a non-perforated version of the cross section. The effects of 
perforations are then accounted for by subtracting any area of perforation which 
occupies an effective region of the cross section as illustrated in Figure 5. Thus for 
perforations in the effective regions, i.e. near supported edges of elements, the effects 
of the perforations are considered to be substantial, while perforations in ineffective 
regions, e.g. the centre of a wide thin element, do not have significant effects on the 
load capacity. 
Stress distribution over 
effective areas 
Reduction of effective 
areas due to perforations 
Figure 5. Assumed distribution of stresses around perforated member 
Effects of Perforation Length 
This approach takes care of the effects of positioning of the perforations around the 
cross section, but does not take any account of the perforation length. To take 
perforation length into account the potential for some buckling behaviour in the 
material over the length of the perforation requires to be explored. A study of the 
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photographs in Figures 3 and 4 suggests that there is indeed strong evidence that 
buckling over the length of the perforations contributed to :failure for the longer 
perforations, particularly for specimens of Group 3 type. In the following study this 
behaviour is examined on the basis of both the British Standard (5) and the new 
Eurocode (6) for cold formed steel sections. 
It is considered that for group 3 type specimens the flanges and the web should be 
analysed for buckling as columns of effective length equal to the slot length, or 
perforation length. For group 2 type specimens the relevant areas of the cross section 
to be checked for this type of buckling are the width between slots in the web (i.e. 
22mm) and the area of flanges between slot and flange free edge. 
Thus for Group 3 type specimens the analysis proceeds as follows:-
Firstly the effective widths of all elements are evaluated without considering 
perfurations. Then the perforation areas which fall within the effective regions are 
subtracted to give a new net area, applicable to short length perforations. After this 
the parts of elements which can buckle in column :fashion are considered as mentioned 
in the previous paragraph. These are considered as columns with radius of gyration 
t 1,JT2 and length equal to the perforation length. The short column squash load is as 
evaluated for that particular region using the effective width approach, so that for short 
length perforations the previously derived results (4) are obtained. As the perforation 
length increases the column strength of the relevant portions decreases. This suggests 
that for Group 3 type specimens long perforations would result in very weak 
specimens, while for Group 2 type specimens long perforations would not have 
anything like the same influence as the regions which are involved in the column 
buckling effect here are relatively ineffective anyway. 
Comparison of Postulated Approach with Experiments 
Figure 6 shows the variation of the load capacity with slot length for Group 2 type 
specimens ofO.6mm thickness. The variations predicted using the postulated approach 
together with the rules of BS 5950:Part 5 and with those of EC3:Part 1.3 are non 
existent, inasmuch as the :failure load is considered to be independent of perforation 
length. This arises because for this thickness the areas of plate between perforations in 
the web and between perforation and free edge in the flanges are completely ineffective 
using the code effective width formulations. Therefore at the :failure stage no load is 
carried by these areas, even if the perforations are very short, and so increasing the 
perforation length has little effect. While the experimental values do show some length 
dependency, this is not substantial, and is very small for long perforations. The fact 
that the experimental results are consistently greater than the analytical predictions 
suggests that the postulations regarding the behaviour are substantially correct. 
Figure 7 shows the behaviour for Group 2 type specimens of 1.2mm thickness. Here 
there is some degree of length dependence, both analytically and experimentally. BS 
5950:Part 5 shows quite good agreement with experiment overall, but is not always 
conservative. EC3:Part 1.3 is more conservative, but less accurate. Overall it would 
appear that the perforation length effects are underestimated by the analysis used 
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Figure 6. Effeets of slot length on failure load for group 2 speeimens, t=O.6mm 
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Figure 7. Effects of slot length on failure load for group 2 specimens, t=1.2mm 
However, it should be mentioned that in tbis figure Column CUlVe 'a' of the Eurocode 
is used ( which considers the most perfect column), and the imperfection parameter in 
the BS CUlVe would perhaps be better increased for general use. Figure 8 shows the 
corresponding comparisons using column CUlVe 'c' of EC3:Part 1.3 and a 
corresponding BS 5950:Part 5 CUlVe with imperfection magnitude doubled. These 
show a slightly greater degree of conservatism, though not a significant improvement. 
The effects of perforation length are much more significant over the range considered 
for Group 3 type specimens. For these specimens the failure loads are plotted against 
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Figure 8. Failure loads as per Figure 7 computed using larger imperfections 
slot length for 0.6mm thickness in Figure 9 and for 1.2mm thickness in Figure 10. The 
experimental results for O.6mm thick material show a reduction in load capacity of 
more than 50% when the slot length is increased from 8mm to 36mm The design code 
based predictions, using column curve 'a' in the case ofEurocode 3, give a reasonable 
and conservative evaluation of the load capacity for the O.6mm specimens. In the case 
ofthe 1.2mm thick specimens the design code based predictions are perhaps on the 
whole slightly more accurate, but the conservatism diminishes as the slot length 
increases. This can be overcome, as for group 2 type specimens, by incorporating 
greater imperfections in the column analysis. Figure 11 shows the comparison obtained 
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Figure 9. Effects of slot length on failure load for group 3 specimens, t=O.6mm 
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ifcurve 'c' ofEurocode 3 is used, or the BS 5950:Part 5 imperfection is doubled. As 
may be seen this results in a consistent conservative prediction of the capacity on the 
basis of both codes. Note that the predictions based on both codes are almost 
indistinguishable from each other in this case. 
Failure load (kN) 
28 
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Figure 10. Effects of slot length on failure load for group 3 specimens, t=1.2mm 
Failure load (kN) 
28. 
24 ~ • 
Bs 5950.Pt 5 
12 16 20 24 28 
Slot length (mm) 
32 36 
Figure 11. Failure loads as per Figure 10 computed using larger imperfections 
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Conclusions 
The experimental results strongly suggest that the areas of member between long slots 
have the tendency to buckle in column fashion. Examination ofthis effect suggests that 
this is indeed the case, and that treating these areas as columns of effective length 
equal to the perforation length gives reasonably accurate estimates of the load capacity 
of the perforated member when used in conjunction with the normal effective width 
based approach. 
While it would be expected that testing will always be the main approach to the design 
assessment of perfurated members, the evolution of a realistic method of analysis, at 
least for initial estimates or for comparison purposes , is desirable. The approach 
described here goes some way towards this goa~ and recognises that the perforation 
geometry along the member must be considered as well as perforation geometry across 
the member. 
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Table 1. Test Failure Loads for Perforated Specimens 
Group Slot length Specimens of O.6mm Specimens of 1.24mm 
thickness thickness 
mm Test Load Mean (kN) Test Load Mean (kN) 
(kN) (kN) 
1 Unperforated 7.45 7.98 26.0 24.8 
8.35 23.6 
8.15 
2A 8 5.50 5.55 23.2 24.1 
5.60 24.9 
2B 12 5.70 5.65 22.6 23 
5.60 23.4 
2C 18 5.15 5.05 20.8 20.1 
4.95 19.4 
iD 24 4.90 4.80 19.1 18.6 
4.70 18.1 
2E 30 4.73 4.69 18.6 19.6 
4,65 20.6 
2F 36 4.75 4.66 16.6 15.85 
4.55 15.1 
3A 8 5.35 5.30 25.4 26.5 
5.25 27.6 
3B 12 4.90 4.90 25.2 24.3 
4.90 23.4 
3C 18 4.40 4.38 23.2 22.6 
4.35 22.0 
3D 24 3.95 4.08 20.8 21.0 
4.20 21.2 
3E 30 3.55 3.33 18.6 18.1 
3.10 17.6 
3F 36 2.65 2.58 19 15.9 
2.50 12.8 
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INTERACTION OF FLANGEIEDGE - STIFFENED 
COLD FORMED STEEL C - SECTIONS 
C.A. Rogersl and R.M. Schuster2 
SUMMARY 
A revision to the Canadian Standard (S 136-94)[1] and the American Specification (AISI-
89)[2], in which the procedure to calculate the effective width of an edge-stiffened compressive 
flange is modified, has been proposed by Dinovitzer et a!. [3]. The proposal involves a change of 
the equations for the flange plate buckling coefficients of Case II compressive elements, which 
eliminates a discontinuity in the effective width formulation. The modified local buckling 
procedure was compared with the current Canadian Cold Formed Steel Standard using a program 
of beam tests at the University ofWaterloo[4] and data available in the Iiterature[8,9,10,11,12]. 
Statistical results of the comparison indicate that the revised method is more accurate than current 
design standards and use of this procedure simplifies the current plate buckling equations. It is 
recommended that the Dinovitzer approach be adopted by the North American Design Standards. 
1 INTRODUCTION 
Dinovitzer et a1.[3] completed an investigation of compressive elements where a discontinuity 
in the effective width equation for sections with partially stiffened flanges and simple edge 
stiffeners (lips) was discovered (see Figure 1). A partially stiffened flange is an element that is 
supported by a web on one side and an edge stiffener of inadequate rigidity (Ir < 1) on the other. The 
35.0 
g 30.0 
,a 25.0 ""---- Effective Width 
" ~ Discontinuity 
<':l 20.0 
." 
~ 15.0 ~ 
.:: 
tl 10.0 ~ 1.>1 ~<1 
'" 5.0 
0.0 +--+-+--+---1+--1--+-+--+-+--+---1--1---1 
0.0 5.0 10.0 15.0 20.0 25.0 30.0 35.0 40.0 45.0 50.0 55.0 60.0 65.0 
Flat Width Ratio (W) 
Figure 1- Flat Width Ratio vs. S136[1] Effective Width Ratio 
1 Ph.D. Research Student, School of Civil and Mining Engineering, University of Sydney, Australia 
Fonnerly M.ASc. Research Student, Department of Civil Engineering, University of Waterloo, Canada 
2 Professor, Department of Civil Engineering, University of Waterloo, Canada 
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S136-M89 Design Standard[5] was examined to fmd the source of this discontinuity in the 
flange effective width formulation. Dinovitzer observed that the plate buckling coefficient 
equations were identical for Case II and Case ill flanges except for an exponent change from 112 
to 1/3. The objective of the investigation was to then develop an equation which would allow the 
exponent to vary from 1/2 to 113 gradually. Dinovitzer concluded that the stepwise transition 
from design Case II to Case III should be replaced with the linear formulation of the plate 
buckling exponent transition[3]. For Case II and Case ill sections with an edge stiffener of 
inadequate rigidity (Ir < 1), the following plate buckling coefficient equations and linear 
formulation ofthe exponent, n, were recommended: 
dJw:O: 0.25 




Where W = wIt. 
k = 3.57 (LY + 0.43, 
k [4.82 - 5(d/w)] (Irt + 0.43, 




This new fonnulation will only affect the plate buckling coefficient of sections with Case II 
flanges, since n 1/3 for wIt> Wlim2. Dinovitzer's flange method also simplifies the procedure 
required for the analysis of compressive flanges, by eliminating the need to differentiate between 
Case II and Case III elements. 
2 CURRENT EFFECTIVE WIDTH PROCEDURE OF AN EDGE-STIFFENED FLANGE ELEMENT 
The flat width of the flange, w, is calculated as the overall width minus the thickness, t, and 
inside bend radius, ri, for each comer. The flat width ratio, wIt, has a limit of 60 as given in Clause 
5.4 ofS136-94[1]. 
The "Case" ofthe flange is determined according to the following flat width ratio limits, 
W;iml 0.644.JkE/f withk = 0.43, 
W;im2 = 0.644.JkE I f with k 4, 
(4) 
(5) 
where f= Fy or ' when cold work offorming is used. The "Case" of the flange is determined as 
follows, 
Case I flange 
Case II flange 
Case III flange 
wit WHmh 





The influence ofthe edge stiffener (lip) is determined by means ofthe adequate moment of inertia, 
I" equations, developed by Desmond[6], 
Case I flange 
Case II flange 
Case III flange 
where W = wit. 
I, 0 (no edge stiffener required), 
I, 399t4( W / Wlim2 - 0.327)3, 





The flat width ratio of the lip, dlt, is currently limited to 14, as recommended by Willis & 
Wallace[7] and the ratio of the out-to-out depth of the lip to the flat width of the flange, Mw, is 
limited to 0.8, given in Clause 5.6.2.3 of 8136-94[1]. The moment ofinertia of the simple edge 
stiffener is calculated about its own centroid, as defined below. 
(12) 
The ratio of actual to adequate moment of inertia (Ie = Is I Ia) is calculated and used with the 
equations from Table 1 to determine the plate buckling coefficient for the compressed flange 
element. 
Table 1 - Buckling Coefficients for Edge-Stiffened Flange Elements 
Case II Ie <:: I 
Ie < 1 
Case III Ie <:: 1 
Ie < 1 
Note: d/t s 14 
k=4 
k = 3.57 (1,)112 + 0.43 
k 4 
k 3.57 {le)113 + 0.43 
0.25 < ddw s 0.8 
k 5.25 - 5(d;lw) 
k [4.82 - 5(d/w)] (le)112 + 0.43 
k = 5.25 5 (Mw) 
k = [4.82 5(d/w)] (1,)113 + 0.43 
The flat width ratio limit, W1im, is calculated and compared to the flat width ratio of the flange, 
wit. 
W1iln = 0.644.JkE I f with f = Fy or f = Fy I (13) 
Ifw!t > Wlim then the flange must be reduced in width according to the following equation, 
(14) 
where W = wit, and b Bt is the effective width of the flange, which is separated into 
components using the following equations: 
b 1 Ie Btl2 s Btl2, 
b2 =Bt b j . 
(15) 
(16) 
Figure 2 - Edge-Stiffened Flange Element Subjected to Uniform Compressive Stress!11 
Figure 2 shows the gross dimensions, effective widths and stress distribution of a typical edge-
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stiffened flange element subjected to a uniform compressive stress, 
The compressive stress in the flange, f, is not dependent on the position of the neutral axis 
unless yielding of the tensile flange initially occurs, If the cross-section of the member is such that 
the tensile flange reaches the maximum allowable stress, Fy or Fy', prior to failure of the 
compressive flange, then the stress values used in the effective width formulation will depend on 
the position of the neutral axis, 
The lambda format presented in the 1989 AISI Cold-Formed Steel Specification[2] is an in-
verse format of the S 136[1] approach which yields identical results for uniformly compressed 
flange elements, 
3 COMPARISON WITH WATERLOO TEST DATA 
Five of the series tested as part of the Waterloo study[4] contained test specimens with 
inadequately stiffened (Ir < I) Case II flanges. In total, seven test specimens from these series 
were applicable to the Dinovitzer[3] flange method investigation. Tables A.l and Figure A.I of 
the Appendix contain test specimen dimensions and material properties as well as a test beam 
cross-section, The specimen identification numbers and the resulting Dinovitzer exponents, n, and 
plate buckling coefficients as well as the S 136[1] plate buckling coefficients are summarised in 
Table 2, Test-to-predicted bending moment ratios for the current S136 Design procedure and for 
the proposed Dinovitzer method are listed in Table 3. Regarding the test specimens listed in Table 
2, the Dinovitzer method resulted in more accurate predictions of the bending moment resistance, 
A mean of 1.04, a standard deviation of 0.090 and a coefficient of variation of 0.106 were 
calculated for the Dinovitzer method as compared to a mean of 1.06, a standard deviation of 
0.097 and a coefficient of variation of 0, 111 for the current S136 Design procedure (see Table 6). 
Table 2 - Exponent, n, and Plate Buckling, k, Values 
Sl1ecimen n k-Din k-S136 Sl1ecimen n k-Din k-S136 
C2-DW20-l-A 0.338 1.43 0.972 C2-DW20-1-B 0.342 1.29 0.877 
C2-DW45-1-A 0.349 2.92 2.90 C2-DW45-1-B 0,345 2.85 2.76 
C2-DW25-2-A 0.446 1.83 1.69 C2-DW25-2-B 0.447 1.76 1.63 
C2-DW20-3-A 0.388 1.90 1.57 C2-DW20-3-B 0.388 1.92 1.60 
C2-DW35-3-A 0.383 3.11 3.11 C2-DW35-3-B* 0,500 3.11 3,11 
C2-DW25-4-A 0.438 1.07 0.934 C2-DW25-4-B 0.437 1.24 1.09 
C2R-DW20-1-A 0.384 1.15 0,874 C2R-DW20-1-B 0.384 1.15 0,874 
Note: *' I, > 1 for test specimen C2-DW35-3-B. 
Table 3 - MTlMp Ratios - Local Buckling Methods 
Specimen MT Mp MT/MP Mp MT/MP Mp M~p 
kN·m kN'm kN'm kN·m 
C2-DW20-1-A,B 4.19 3.73 1.12 3.88 1.08 3.98 1.05 
C2-DW4S-1-A,B 5.16 4.84 1.07 4.86 1.06 4,85 1.06 
C2-DW25-2-A,B 9.21 7.75 U9 7.75 1.19 7.75 1.19 
C2-DW20-3-A,B 11.3 10.8 1.04 11.4 0.99 11.1 1.01 
C2-DW35-3-A,B 12,2 12,9 0,94 13.7 0.89 12.9 0.94 
C2-DW25-4-A,B 31.9 33.9 0,94 36.6 0.87 34.4 0.93 
C2R-DW20-)-A,B 4.16 3.64 1.14 3.71 1.12 3.80 1.09 
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4 COMPARISON WITH AVAILABLE TEST DATA 
Twenty available test specimens consisting of sections with inadequately supported (Ir < 1) 
Case II flanges were included in this study. Table 4 lists the applicable sections tested by 
Cohen[8], Moreyra[9], Schuster[lOJ, Shan[llJ and Winter[12]. Also listed are the corresponding 
Dinovitzer[3] exponents, n, plate buckling coefficients as well as the SI36[1] plate buckling 
coefficients. Test-to-predicted bending moment ratios for both the Dinovitzer exponent method 
and the current S 136 procedure are found in 5. Similar to the Waterloo[4] test result comparison, 
the Dinovitzer method more accurately predicted the bending moment resistance of the available 
test data. Dinovitzer's flange method resulted in a mean of LOO, a standard deviation of 0.147 and 
a coefficient of variation of 0.090 for the available test data. In comparison, the current S136 
procedure yielded a mean of 1.01, a standard deviation of 0.158 and a coefficient of variation of 
0.166 (see Table 6). 
However, it must be noted that eleven of the applicable test specimens were subject to the 
distortional buckling mode of failure. The test-to-predicted bending moment ratios of these 
sections were signifIcantly unconservative « I). Specimens tested by Moreyra[9], Schuster [10] 
and Shan[ll] (12B,16, ... ) were removed from the comparison so that local buckling concerns 
could be isolated. The Dinovitzer[3] method remained more accurate for the available test data 
with a mean of 1.13, a standard deviation of 0.087 and a coefficient of variation of 0.090, as 
compared to a mean of US, a standard deviation of 0.100 and a coefficient of variation of O.!O I 
for the S 136[1] method (see Table 6). 
Table 4 - Exponent, n, and Plate Buckling, k, Values 
Cohen[8] Schuster[lO] 
It2-rmin-d90-IL 1 0.333 2.44 2.03 BSI-A* 0.385 3.08 2.97 
It2-rmin-d90-2L 1 0.333 2.44 2.03 BSI-B* 0.385 3.08 2.97 
IIt2-rmin-d90-ILl 0.333 2.44 2.03 BS2-A* 0.385 3.08 2.97 
BS2-B* 0.385 3.08 2.97 
CSI-A* 0.373 2.91 2.80 
CSI-B* 0.373 2.91 2.80 
0.347 2.69 2.67 CS2-A* 0.373 2.91 2.80 
B-TB* 0.337 2.54 2.41 CS2-B* 0.373 2.91 2.80 
C-W* 0.337 2.51 2.31 CS3-A* 0.367 2.83 2.67 
C-TB* 0.337 2.45 2.22 CS3-B* 0.373 2.91 2.80 
Shan[ll] 
2B, 16, 1&2(NLA 0.384 2.37 2.11 
0.433 2.55 2.39 2B, 16, 1&2(NLB 0.382 2.36 2.09 
B6 0.365 2.32 1.92 2B,16,3&4(NLA 0.385 2.67 2.51 
B7 0.345 3.57 3.54 2B,16,3&4(NLB 0.382 2.41 2.15 
C5 0.350 3.08 2.84 12B,16,1&2(NLA* 0.394 2.63 2.47 
12B,16,1&2(N)_B* 0.394 2.79 2.70 
12B, 16,3&4(N)_ A * 0.393 2.37 2.13 
12B,16,3&4(N) B* 0.394 2.79 2.70 
Note: * Subject to distortional buckling mode of failure. 
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Table 5 - MTlMp Ratios - Local Buckling Methods 
S136 AISI Din S136 
Specimen MT Mp M~p Mp MT/MP Mp MT/MP 
kN'm kN·m kN'l!l .!Q:i·rn 
Cohen!8] 
I12-rmin-d90-lLl 70.5 55.7 1.27 59.9 1.18 57.5 1.23 
It2-rmin-d90-2Ll 73.3 55.7 1.32 59.9 1.22 57.5 1.28 
IIt2-rmin-d90-1Ll 66.2 55.7 1.19 59.9 1.10 57.5 1.15 
Mor~ra[9] 
B-W* 13.2 15.1 0.87 16.3 0.81 15.2 0.87 
B-TB* 14.0 15.5 0.91 17.0 0.82 15.6 0.90 
C-W* 15.6 13.9 1.12 15.4 1.02 14.1 1.11 
C-TB* 15.0 14.9 1.00 16.6 0.90 15.2 0.99 
Schuster[l a 1 
BSl* 8.46 9.07 0.93 10.3 0.82 9.07 0.93 
BS2* 8.61 9.07 0.95 10.3 0.84 9.07 0.95 
CSI* 9.05 10.8 0.83 11.9 0.76 10.9 0.83 
CS2* 9.05 10.9 0.83 11.9 0.76 10.9 0.83 
CS3* 9.29 10.8 0.86 11.9 0.78 10.9 0.86 
Shan!ll) 
2B, 16, 1&2(N) 3.82 3.50 1.09 3.49 1.10 3.56 1.07 
2B,16,3&4(N) 3.90 3.61 1.08 3.60 1.08 3.64 1.07 
12B,16,1&2(N)* 22.5 28.9 0.78 30.5 0.74 28.9 0.78 
12B,16,3&4(N)* 23.4 28.5 0.82 30.1 0.78 28.7 0.82 
Winter[12j 
B4 49.4 44.4 1.11 44.3 1.11 44.4 1.11 
B6 38.3 34.7 1.10 34.7 1.11 35.8 1.07 
B7 5.59 5.58 1.00 5.57 1.00 5.59 1.00 
C5 16.5 14.2 1.16 15.3 1.08 14.4 1.15 
Note: * Subject to distortional buckling mode offailure. 
5 COMPARISON WITH WATERLOO AND AVAILABLE TEST DATA 
The Dinovitzer[3] method was again more accurate in comparison with the current S136[1] 
procedure when the applicable Waterloo[4] and available test data[8,9,1O,1l,12] were analysed 
together. Analysis of the test-to-predicted bending moment ratios for the twenty-seven test 
specimens resulted in a mean of 1.01, a standard deviation of 0.134 and a coefficient of variation 
of 0.138 for Dinovitzer's method and a mean of 1.02, a standard deviation of 0.145 and a 
coefficient of variation of 0.147 for the current S 136 procedure (see Table 6). 
The Dinovitzer[3] method remained more accurate in comparison with the current S 136[1] 
procedure when the Waterloo[4] and available test data[8,9,l0,11,12] were combined, excluding 
the sections which failed by distortional buckling. This comparison of test-to-predicted bending 
moment ratios produced a mean of 1.09, a standard deviation of 0.096 and a coefficient of varia-
tion of 0.095 for the Dinovitzer method and a mean of 1.11, a standard deviation of 0.104 and a 
coefficient of variation of 0.101 for the SI36 procedure (see Table 6). 
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Table 6 - Statistical Comparison ofMT/Mp Ratios 
Test Specimen Dinovitzer S136 
Waterloo Data Mean 1.04 1.06 
(7 Tests) S.D. 0.090 0.097 
C.o.v. 0.106 0.111 
Available Data Mean 1.00 1.01 
(20 Tests) S.D. 0.147 0.158 
C.o.v. 0.090 0.166 
Available Data Mean 1.13 1.15 
wlo Dist. Bckl. S.D. 0.087 0.100 
(9 Tests) C.o.V. 0.090 0.101 
Waterloo & Mean 1.01 1.02 
Available Data S.D. 0.134 0.145 
(27 Tests) C.o.v. 0.138 0.147 
Waterloo & Mean 1.09 1.11 
Available Data S.D. 0.096 0.104 
wlo Dist. Bckl. C.o.v. 0.095 0.101 
(16 Tests) 
6 CONCLUSIONS 
The Dinovitzer[3] exponent method used to calculate the plate buckling coefficient of an in-
adequately supported compressive flange was more accurate than the current S 13 6[ 1] procedure 
for all applicable Waterloo [ 4] and available test data[8,9, 10,11,12]. Since the Dinovitzer flange 
method is more accurate than the current SI36 procedure and it simplifies the current plate 
buckling coefficient equations, it is recommended that the Dinovitzer flange method be used to 
revise the North American Design Standards[I,2]. 
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ApPENDIX 
Table A.1 - Test Specimen Dimensions and Material Properties 
Specimen ~ ~ ~ ~ ~ ~ ~ ~ ~ ~ t Q ~ ~ % 
mm mm mm mm mm mm mm mm mm mm mm mm MPa MPa Elg. 
C2-DW20-I-A,B 7.00 41.0 102 41.0 13.0 6.50 40.5 103 40.0 ]3.0 1.14 2.29 362 439 28.3 
C2-DW45-1-A,B 15.0 39.5 100 39.5 15.0 14.5 40.0 99.0 40.0 15.0 1.14 2.29 362 439 28.3 
C2-DW25-2-A,B 9.20 41.2 99.0 40.9 26.4 9.00 41.0 99.0 41.3 26.6 1.87 3.73 386 492 30.6 
C2-DW20-3-A,B 8.00 37.6 241 38.0 27.1 8.10 37.7 242 37.9 25.7 1.21 2.43 326 369 38.8 
C2-DW35-3-A,B 13.2 38.4 240 38.6 25.9 13,3 38,3 240 38.5 25.8 1.21 2.43 326 369 38.8 
C2-DW25-4-A,B 7.90 42.7 301 42,3 26.2 8.40 42.9 300 42.2 25.6 1.90 3.81 418 515 27.2 
C2R-DW20-1-A,B 6.00 38.0 101 38.3 25.8 6.00 38.0 102 38.2 26.1 1.21 2.42 329 381 34.4 
Note: Material properties are based on an average of four coupon tests per series. 
Percent elongation is based on a 50mm gauge length. 
D, D, 
Figure A.1 - Test Specimen Cross-Section 
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COLD FORMED STEEL FLAT WIDTH RATIO LIMITS, d/t AND djlw 
C.A. Rogers! and R.M. Schuster2 
SUMMARY 
This paper reports the findings of an investigation of the flat width ratio limit for simple edge-
stiffeners of channels in bending, Willis & Wallace concluded that the lip flat width ratio limit, dJt, 
should have a value of 14 based on a comparison of the 1980 and 1986 editions of the American 
Iron and Steel Institute (AISI) Cold Formed Steel Specification, This conclusion was made using 
the resultS of only three channel beam tests with various lip sizes, Case III flanges and locally 
unstable webs. The CAN!CSA-S136 Technical Committee adopted the recommendations of 
Willis & Wallace and included the lip flat width ratio limit in the 1989 and 1994 S 13 6 Standards, 
A test program was initiated at the University of Waterloo to investigate the findings of Willis 
& Wallace. The investigation consisted of the testing and analysis of 44 C-section beams with 
Case I, II and III flanges, locally stable and unstable webs, and systematically varied lip depths. 
The dJt and d i /w ratios of these C-sections were compared with the applied test moments and 
flange "Cases". The objectives of this study were to determine when the use of the existing dJt 
limit is required, if its current value is accurate, and whether it should remain in the next edition of 
the S136 Standard, Analysis of the Waterloo, as well as, the Willis & Wallace test data revealed 
that a dJt or di /w limit is not required in the S 136 Standard, 
1 INTRODUCTION 
The most recent edition of the Canadian Cold Formed Steel Design Standard (SI36-94)[1] 
contains a limiting flat width ratio for simple edge-stiffeners of dJt 14. The maximum value of 
14 recommended by Willis & Wallace[2] is based on the results of only three C-section purlins, 
placed into a conventional single span test apparatus and subjected to a uniformly distributed 
gravity load. Purlins with an edge-stiffener flat width ratio exceeding 14 experienced a decrease in 
their load carrying capacity, Similar behaviour of lipped C-sections in flexure was reported by 
Moreyra & Pekoz[3]. All of the Willis & Wallace test C-sections have locally unstable webs, Case 
III flanges and constant section dimensions, except for the systematically varied compressive lip 
depths (see Table Al and Figure Al of the Appendix). The CAt'l'!CSA-S 136 Technical 
Committee included the tilt limit of!4 in Clause 5,6,2.3 (Table 6) of the S 136 Standard, with the 
understanding that further testing would be completed to substantiate the findings of Willis & 
Wallace, 
The existing dJt limit is based on a restricted number of beam tests which do not represent the 
entire range of possible web, flange and lip size combinations. The edge-stiffener flat width ratio 
1 Ph,D. Research Student, School of Civil and Mining Engineering, University of Sydney, Australia 
Former M.A,Sc. Research Student, Department of Civil Engineering, University of Waterloo, Canada 
1 Professor, Department of Civil Engineering, University of Waterloo, Canada 
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limit investigation presented in this paper consists of the analysis of 44 C-section beams with Case I, 
II and III flanges, locally stable and unstable webs, and systematically varied lip depths[4]. The d/t 
and d;lw ratios of the experimental C-sections were compared with the applied test moments for nine 
test series. The recommendations and data presented by Willis & Wallace[2] were also reviewed 
and compared with the findings of this research. 
2 PROBLEMS WITH CURRENT FLAT WIDm RATIO, dlt, LIMIT 
Willis & Wallace[2] define the parameters of their edge-stiffener limit as Dc, the out-to-out 
depth, and t, the thickness of the lip. A reduction in bending moment occurs at approximately Dc It 
equal to 14, as seen in Figure 2. The SI36 Standard[l] defines the limit as d/t = 14, where d is the 
flat width of the lip and t is the thickness. An adjustment must be made to the SI36 Standard 
since the Willis & Wallace and S136 Standard limits are based on different definitions of the lip size 
(see Figure I). Had Willis & Wallace used d/t values instead of Dc It, the result would probably 
have been a limit of 12, as seen in Figure 3. 






0.0 2.5 5.0 75 10.0 12.5 15.0 17.5 20.0 22.5 25.0 
Ddt 
Figure 2 Willis & Wallace[2] 
Mt vs. Dc It Ratios 
3 ALTERNATE FLAT WIDTH RATIo, d;lw, LIMIT 
0.0 2.5 5.0 7.5 10.0 12.5 15.0 17.5 200 22.5 25.0 
dIt 
Figure 3 Willis & Wallace[2] 
M t vs. dlt Ratios 
It is also possible to define a limit based on the ratio of d; AI' (out-to-out lip depth I flange flat 
width). Willis & WalIace[2] suggest that a limiting value for Dc Ali of 0.4 or 0.45 be used in place 
of the edge-stiffener flat width ratio limit. Desmond et aL state that for Ds All ratios larger than 
about .4, critical buckling is initiated solely by local plate buckling ... local instability of the 
edge stiffener interacts with the to-be-stiffened flange and initiates a premature local bllckling of 
that element[5] (where Ds is the out-to-out depth of the simple edge-stiffener). If the conclusions 
of both Desmond and Willis & Wallace are considered, a lip depth limit of d; All = 0.4 would apply 
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Figure 4 Willis & Wallace[2] M( vs. dj/w Ratios 
4 WILLIS & WALLACE BENDING MOMENT RESISTANCE PREDICTABILITY 
Willis & Wallace[2] also conclude that the then governing 1986 AISI Specification[6] over-
predicts the flexural capacity of purlins with large simple edge-stiffeners. Comparison of the Willis 
& Wallace test data using the current North American Design Standards shows that the S136 
Standard [1 ] adequately predicts the bending moment resistance of the three purlin sections. The 
test-to-predicted bending moment ratios range from 0.95 to 1. 12, with a mean of 1.04, a standard 
deviation of 0.073, and a coefficient of variation of 0.121. Analysis using the current AISI 
Specification[7] results in an unconselVative prediction of the bending moment resistance, with 
test-to-predicted ratios ranging from 0.86 to 1.01, a mean of 0.942, a standard deviation of 0.065, 
and a coefficient of variation of 0.120 (see Table A2 of the Appendix for individual test results). 
The existing dlt limit is not necessary since the decreasing bending moment resistance of the Willis 
& Wallace[2] test purl ins can adequately be predicted using the S 136 Standard[l]. 
5 BENDING MOMENTVS. LIP DIMENSION RATIO, WITH WATERLOO 'TEST DATA 
A comparison study, similar to that completed by Willis & Wallace[2], was initiated at the 
University of Waterloo to determine the relationship between the tested bending moment 
resistance, M" (see Table A5 of the Appendix) and two lip dimension ratios, dlt and d; /IY (see 
Table A4 of the Appendix)[4]. The Waterloo test specimens were proportioned to cover the 
entire range of possible lip, flange, and web dimensions, since Willis & Wallace tested only C-
purlin sections with locally unstable webs and Case III flanges. Specimens with Case I, II and III 
flanges, locally stable and unstable webs, and systematically varied compressive lip depths were 
tested. Nine series were separately examined by charting the M, VB. dlt and M, vs. d; AI' 
parameters. A direct comparison between these variables can be made because all section 
dimensions were held near constant within each test series, except for the compressive lip depth 
(see Table A3 of the Appendix). 
WATERLOO TEST PROGRAM 
The main objective of the experimental testing phase was to complete series oftests consisting 
of sections with locally stable webs, i.e., fully effective according to the S 136 Standard[I], 
constant flange widths and systematically varied edge-stiffener depths[ 4]. These series were then 
repeated with sections that had increased web depths, resulting in locally unstable or partially 
effective webs according to the S136 Standard, and all other dimensions as per the previous 
series. Effective width analysis based on the North American Design Standards[I,7] requires that 
a "Case" (I, II or III) be determined from the flat width ratio of the compressive flange. The S 136 
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Standard[ 1] and AISI Specification[7] differ in the procedure used to calculate the distribution of 
effective width for a web element subjected to a stress gradient. Various equations used to 
calculate the adequate moment of inertia of the supporting edge-stiffener and the flange plate 
buckling coefficient are dependent on this "Case" classification. Sections with Case I, II and III 
flanges are included, all of which have flat width ratios, wit, within the specified limit of 60. Test 
specimens were also proportioned to cover the full range of dimensions allowed by the North 
American Design Standards, e.g" hit s 200, A summary of the out-to-out dimensions and flat 
width ratios for all test specimens can be found in Tables A3 and A4 of the Appendix, with the 
corresponding cross-section given in Figure 5, 
FABRICATION OF TEST SPECIMENS 
All test specimens were constructed of two equally sized C-sections 1525mm in length with 
solid webs and edge-stiffeners at right angles to the flanges, except for sections in the Cl-3 series 
which were 2134mm in length. Sections were brake formed by various cold formed steel 
fabricators and were placed facing each other in a box-beam arrangement, with a 75mm space 
separating the edge-stiffener components (see Figure 5). This configuration was used to create a 
symmetric section to avoid the shear centre eccentricity problem associated with C-sections, In 
construction, cold formed sections are typically braced on one or both flanges by sheathing, e.g., 
plywood, as well as, blocking or strapping between members to minimise the effect of shear 
eccentricity, Aluminum bracing angles (42 x 42 x 4mm) were secured to the flanges of the 
specimens with #12 self-drilling screws. Two bracing angles were located on the tensile and 
compressive flanges in the shear span of each test specimen, The compressive flange angles were 
spaced at 350mm and the tensile flange angles at 300rnm to provide clearance of the support 
reaction beam as the specimen deflected under load, Bracing angles were not placed in the 
constant moment region to allow for the unrestrained movement ofthe C-sections under loading. 
I~I 
D, D, 
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Figure 5 Typical Test Specimen Cross-Section[4] 
MECHANICAL PROPERTIES OF TEST SPECIMENS 
Tensile coupon tests were carried out in the Mechanical Engineering Materials Laboratory at 
the University of Waterloo. Coupons were cut from the web of each specimen and machined to 
size according to ASTM A370-92[8]. Galvanised coatings were removed prior to testing using an 
hydrochloric acid bath. Thickness, yield stress, ultimate tensile strength, and percent elongation, 
based on a 50mm gauge length, were determined from an average of four coupons per test series. 
liS 
All steels were sharp yielding with yield strengths ranging from 302 MPa to 418 MPa. A summary 
ofthe material properties is given in Table A3 of the Appendix, 
SET-UP OF TEST FRAME 
The test specimens were simply supported (roller and pin) and subjected to a two point load as 
shown in Figures 6 and 7, A point load was applied to the spreader beam and then transferred by 
a roller and pin support system to the box-beam specimen. All loads and reactions were 
transferred by 75 x 14mm plates bolted to the webs of each specimen through pre-drilled holes. 
The plates were installed to avoid localised crippling of the webs at points of concentrated load. 
The shear spans of each test specimen were set at 500mm and the constant moment region at 
420mm, except for the C3-1 series which had shear spans 800mm in length and a constant 
moment region 445mm in length. An increased beam length was used for the C3-1 series to allow 
for unrestricted displacement ofthe elements in each C-section. 
P, 
Figure 6 Test Frame Elevation [4) 
Figure 7 Test Frame Section[4) 
Lateral support was provided at the midpoint of the specimens with a roller assembly placed on 
either side of the box-beam. Light-duty 152mm diameter gravity conveyor rollers were secured to 
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a 500mm long Cl80 channel with corresponding attachment holes. Each assembly was supported 
by a WF hot rolled beam which was attached to the support reaction beams at either end of the 
test frame (see Figure 7). 
TEST PROCEDURE 
The box-beam specimens were placed in the test frame and carefully positioned and aligned. 
The reaction and test beams were shimmed level to allow for an even distribution of load through 
each C-section. A displacement transducer was placed at the centre position of the box-beam to 
record the maximum deflection, and the lateral support roller assemblies were secured to the 
supporting WF beams. Loading was applied at a constant rate under stroke control until failure 
occurred. The test loads were applied with an MTS 446 Electro-Hydraulic Servo Control System, 
having a 156kN capacity load cell. A load-deflection history was recorded for each test using a 
Hewlett-Packard 7046A X-Y plotter connected to a DC displacement transducer located at the 
centre of the moment span. Loads were displayed in volts with the maximum failure reading 
recorded with a voltmeter. 
6 BENDING MOMENT VS. LIP DIMENSION RATIO COMPARISON 
Graphs showing the bending moment to lip depth ratio relationship for the nine series are 
found in Figures 8 to 25. Included with each graph is a curve which represents the nominal 
bending moment resistance, Mn, as predicted for a typical section using the current S 136 
Standard[ I]. A typical section is determined from the average dimensions of the C-sections within 
each series. The graphs give only an approximate value for the predicted bending moment 
resistance of the test beams, due to variations between the typical and actual C-sections. Accurate 
test-to-predicted bending moment ratios for each individual beam can be found in Table A5 of the 
Appendix. 
CASE I FLANGE SERIES 
Test series Cl-l gives no indication of a loss in bending moment resistance as the lip depth is 
increased up to 14mm (see Figures 8 and 9). The revised dlt limit of 12 is not exceeded, however 
all of the sections have d; Iw values near or above the alternate 0.4 limit. The bending moment 
resistance is adequately predicted for the sections in this series using cold work of forming. 
Without this allowable increase in yield strength, the nominal moment resistance is overly 
conservative (see Table A5 ofthe Appendix). Test series CI-2, consists of sections with locally unstable 
webs and also gives no indication of a loss in bending moment resistance as the lip depth is 
increased up to 14mm (see Figures 10 and II). As in the CI-I series, the revised dlt limit is not 
exceeded and all of the sections have d; Ill' values near or above the alternate 0.4 limit. The 
bending moment resistance is unconservatively predicted by the S 136 Standard[l] due to the 
distortional buckling mode of failure. Similarly, the fmal series, C 1-3, with Case I flanges, does 
not exhibit a decrease in the bending moment resistance as the lip depth is increased up to 
approximately 19.5mm (see Figures 12 and 13). The revised dlt limit is not exceeded and all of 
the sections have d; Iw values above the alternate 0.4 limit. Local web buckling caused the 
predicted nominal moment values to be above the actual test results except for specimen Cl-
DW60-3. This section was restricted from buckling in the local web pattern by placing additional 
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wooden blocks within the box-beam and as lateral support. All of the C-sections with Case I 
flanges exhibit an increase in bending moment resistance as the compressive lip depth is increased. 
The test sections do not violate the revised dlt limit of 12, although the alternate dl!W limit of 0.4 
is exceeded by nine ofthe specimens in these three series. 
0.0 1.0 2.0 3.0 4.0 5.0 6.0 7.0 
dft 
Figure 8 Series Cl-l M t VS. d/t Ratios 
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Figure 12 Series CI-3 Mt vs. d/t Ratios Figure 13 Series CI-3 M, vs. d;lw Ratios 
CASE IT FLANGE SERIES 
The C-sections contained in the C2-2 and C2-4 series have flange flat width ratios slightly 
above the Wliml limit. Hence, the bending moment resistance relative to lip depth ratio was 
predicted to be similar to the Case I flange sections. Series C2-2 consists of C-sections with 
locally stable webs and lip depths up to 24mm. The bending moment resistance does not decrease 
as the lip depth is gradually increased (see Figures 14 and 15). All of the sections have dlt ratios 
below the revised limit of 12 and five of the six sections have d; Iw values above the altemate 0.4 
limit. The predicted nominal bending moment resistance is below the actual test results for all of 
the sections in the series. Cold work of forming can be used to more accurately calculate the 
bending moment resistance for four of the C-sections (see Table A5 of the Appendix). Series C2-
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4 consists of beams with locally unstable webs and lip depths up to 24mm. The test results show 
an increasing trend in bending moment resistance as the lip depth is increased (see Figures 18 and 
19). The specimen with a test moment greater than the predicted nominal value (C2-DW60-4) 
seems to reveal a decrease in the bending moment resistance. However, the general trend of this 
series is an increasing bending moment and the extreme moment value of this specimen can be 
attributed to scatter of test results. As in the previous Case II all of the sections have dll 
ratios below the revised limit of 12 and five of the six sections have di AI' values above the 
alternate 0.4 limit. Bending moment resistance is adequately predicted using the S136 Standard[l] 
without cold work of forming. Whereas, for fIve of the sections where cold work of forming is 
applicable, the test-to-predicted bending moment ratios are unconservative (see Table AS of the 
Appendix). 
Series C2-3 and C2R-l have flange flat width ratios near the W1im2 limit. Hence, the results of 
this analysis were predicted to be similar to that found for the Case III sections tested by Willis & 
Wallace[2]. Yet series C2R-I, which consists of sections with locally stable webs and lip depths 
up to 22.5mm, does not show the characteristic drop in bending moment resistance (see Figures 
20 and 21). The revised dll limit of 12 is surpassed by two of five sections and the d, Av limit of 
0.4 is exceeded by four of five sections. The nominal bending moment curve accurately traces the 
behaviour of the test sections as the lip depth is increased. Series C2-3, which is made up of 
sections with locally unstable webs and lip depths up to approximately 27mm, exhibits an 
increasing trend in bending moment resistance except for the final beam in the series (C2-DW80-
3) (see Figures 16 and 17). The maximum bending moment resistance occurs at approximately dll 
=15 or di Av = 0.7, with two of six sections above the revised dll limit of 12 and five of six 
sections above the alternate di Av limit of 0.4. The test bending moment resistance is adequately 
predicted using the S136 Standard[l]. 
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Figure 14 Series C2-2 M, vs. dJt Ratios 
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Figure 21 Series C2R-l M, vs. d;lw Ratios 
All of the C·sections with Case II flanges, except for specimen C2-DW80-3 exhibit an increase 
in bending moment resistance as the compressive lip depth is increased. Four of the test sections 
have tilt values greater than the revised limit of 12 and nineteen of the sections have cl Ai; values 
greater than the alternate 0.4 limit. 
CASE m FLANGE SERIES 
Two series were tested with Case III flanges in order to obtain additional specimens similar to 
those used by Willis & Wallace[2]. Series C3-l consists ofC-sections with locally stable webs and 
lip depths up to 26mm. Series C3-2 consists of C-sections with locally unstable webs and lip 
depths up to approximately 36.8mm. The bending moment resistance of both series flattens as the 
depth of the compression lip is increased, rather than decreasing sharply as occurs with the Willis 
& Wallace data (see Figures 22 to 25). For the C3-1 series, the bending moment resistance levels 
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Figure 25 Series C3-2 Mt vs. dilw Ratios 
dlf 20 or d,lw = 0.4. The S136 Standard[l] can be used to adequately predict the bending 
moment resistance for all sections in the Case III flange range. 
The Case III sections included in this paper indicate that a levelling of the bending moment 
resistance appears at approximately d, /w = 0.4. This result is in agreement with the previous 
conclusions given by Willis & Wallace[2], where the bending moment resistance decreases at 
approximately the same point. However, a conclusion can not be reached regarding a value for a 
flat width limit, dlt, of the simple edge-stiffener. 
9 CONCLUSIONS 
A comparison of the dIt and dl/w ratios for a range of cold formed steel flexural test specimens 
with Case I, II and III flanges has been presented. Waterioo[4] test specimens in the Case I and II 
ranges do not exhibit a decrease in test bending moment as the lip depth is increased. Waterloo 
test specimens in the Case III range show a levelling trend in test bending moment as the lip depth 
is increased. Willis & Wallace[2] test specimens exhibit a drop in test bending moment as the lip 
depth is increased. However, test bending moments are accurately predicted using the current 
S136 Standard[l] for sections with lip depths greater than the dlt = 14limiting flat width ratio. The 
use of a dlt or dllw limiting ratio for the edge-stiffener of sections in bending is not required based 
on the results of the Willis & Wallace and Waterloo studies. 
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ApPENDIX 
Table Al Willis & Wallace(2) Dimensions, Material Properties and 
Dimension Ratios 
Specimen dl Bl Dl B2 d2 ri Fy h hit w wit d dlt d/w 
rnm rnm mm mm rnm mm rnm MPa rnm mm mm 
lC2 27.0 58.8 203 58.8 27.0 1.55 3.10 372 194 125 49.5 31.9 22.4 14.4 0.546 
lC3 24.6 58.8 203 58.8 27.8 1.55 3.10 372 194 125 49.5 31.9 20.0 12.90.498 
lC4 21.4 58.8 203 58.8 27.8 1.55 3.10 372 194 125 49.5 31.9 16.8 10.8 0.433 
Table A2 Willis & Wallace[2) MTlMp Ratios 
Specimen MT Mp MT/Mp Mp Mr/Mp 
kN·m kN·m kN·m 
lC2 9.78 10.3 0.95 11.4 0.86 
lC3 10.6 10.4 1.02 ll.S 0.92 
lC4 11.0 10.2 1.08 11.3 0.97 
Figure Al Willis & Wallace[2) Test Specimen Cross-Section 
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BJ DJ B, d, d, B, 
mm mm mm mm mm mm 
D, B4 d. 





29.0 102 29.0 13.0 6.00 29.0 101 29.0 13.0 
29.0 102 29.0 13.0 8.00 29.0 102 29.0 13.0 
29.0 101 29.0 13.0 11.0 29.0 102 29.0 13.0 
30.0 102 30.0 14.0 14.0 30.0 102 30.0 14.0 
6.60 28.2 305 
7.90 28.3 298 
11.3 28.4 306 
14.0 28.4 305 
11.7 29.5 401 
14.5 29.4 401 
19.4 29.3 402 
9.20 41.2 99.0 
12.8 41.2 100 
15.2 40.8 99.3 
18.0 41.0 100 
20.7 40.9 100 
23.7 41.2 102 
6.00 38.0 10 1 
13.2 37.7 102 
14.2 38.4 103 
18.5 38.3 102 
22.6 38.7 103 
8.00 37.6 241 
13.2 38.4 240 
14.8 38.0 241 
17.6 37.9 241 
22.1 37.8 242 
26.8 38.2 239 
7.90 42.7 301 
13.4 40.0 307 
13.6 39.9 305 
17.3 41.4 303 
21.1 41.5 305 
24.1 38.7 308 
13.5 65.6 98.0 
17.6 65.9 99.8 
23.0 66.0 102 
25.7 66.2 99.0 
13.1 65.6 244 
17.5 65.5 243 
24.5 65.4 240 
26.2 65.7 242 
31.0 65.7 240 
36.6 65.4 240 
28.3 14.3 6.40 
28.4 14.2 8.00 
28.3 14.2 11.1 
28.3 14.3 14.0 
29.0 14.4 11.4 
29.8 14.5 14.9 
30.0 14.1 19.5 
40.9 26.4 9.00 
41.3 26.4 12.8 
41.1 26.3 15.0 
41.2 26.5 18.0 
41.0 26.7 20.7 
41.4 26.4 24.0 
38.3 25.8 6.00 
38.3 26.3 13.4 
38.7 25.8 14.7 
38.5 25.5 18.8 
38.8 26.7 22.5 
38.0 27.1 8.10 
38.6 25.9 13.3 
37.9 25.7 14.4 
38.0 26.0 17.6 
37.8 25.8 22.0 
38.1 26.0 27.2 
42.3 26.2 8.40 
38.8 25.3 13.1 
40.0 25.8 13.7 
42.0 26.0 17.5 
41.3 25.0 21.1 
40.0 25.0 23.8 
66.4 25.8 13.5 
66.1 25.8 17.9 
66.2 25.8 23.1 
66.0 26.0 25.6 
65.4 26.0 13.2 
65.5 26.6 17.8 
64.2 25.8 24.3 
65.6 26.2 26.1 
65.5 25.7 30.8 

















































































Note: Material properties are based on an average offour coupon tests per series. 














































fi Fy Fu % 
mm MPa MPa Elg. 
3.84 359 457 31.5 
3.84 359 457 31.5 
3.84 359 457 31.5 


































































































































































Table A4 Test Specimen Dimension Ratios[4J 



































nun mm mm 
90.5 47.1 17.5 9.10 0.24 0.12 0.343 
89.5 46.6 17.5 9.10 0.24 0.12 0.343 
90.5 47.1 17.5 9.10 2.24 1.16 0.458 
90.5 47.1 17.5 9.10 2.24 1.16 0.458 
89.5 46.6 17,5 9.12 5.29 2.75 0,628 
90.5 47.1 17.6 9.17 5,39 2.80 0,624 
90.5 47,1 18.5 9,64 8,29 4,31 0.756 
90.5 47.1 18,6 9,67 ,8.34 4.34 0,754 
294 159 17,1 9.26 1.06 0,57 0.386 
294 159 17,1 9,26 0.86 0.46 0,374 
287 155 17.2 9.31 2.36 1.27 0.459 
294 159 17.3 9.37 2.46 1.33 0.462 
294 159 17.4 9.39 5.80 3.14 0.651 
293 159 17.3 9.37 5.56 3.01 0.641 
294 159 17.3 9.37 8,46 4.58 0.809 
294 159 n3 9.34 8.41 4,55 0.811 
390 213 18.5 10.! 6,21 3,39 0.632 
390 213 18,8 10.3 5.91 3,23 0.606 
390 213 18.4 10.1 9.01 4.92 0.787 
390 213 18,6 10.2 9.41 5.14 0.800 
391 214 18.3 10,0 13.9 7.60 1.059 
390 213 18.4 10.1 14,0 7.66 1.059 
87.8 47.1 30.0 16.1 3,60 1.93 0.307 
87,& 47.1 29.8 16.0 3.40 1.83 0.302 
88.8 47.6 3M 16,1 7.20 3.86 0.427 
89,0 47,7 29.9 16.0 7.20 3.86 0.428 
88,1 47.2 29,6 15.9 9.60 5.15 0.513 
88,6 47.5 29.8 16,0 9.40 5.04 0,503 
89.1 47.8 29.8 16,0 12.4 6.65 0.604 
89.3 47.9 29.9 16.0 12.4 6.65 0,602 
88.8 47.6 29.7 15.9 15,1 8.10 0.697 
88.7 47.6 29.8 16.0 15.1 8,10 0.694 
90.3 48.4 30,0 16.1 18,1 9.71 0.790 
89.0 47.7 29,6 15.9 18,4 9,87 0,811 
C2R.DW20·1-A 93.9 77.7 30.S 25,5 2.38 1.97 0,195 
C2R.DW20·1·B 94,3 78.0 30.8 25.5 2.38 1.97 0,195 
C2R.DW35·1·A 94,6 78.3 30.5 25.2 9.58 7.93 0.433 
C2R-DW35·I.B 94.3 78,0 30.5 25.2 9.78 8.09 0.440 
C2R.DW45·j·A 95,8 79,3 31.2 25.8 10.6 8.75 0.456 
C2R.DW45·1·B 95.8 79,3 31.6 26.1 II.! 9.17 0.466 
C2R.DW55-I.A 94.7 78.4 31.1 25.7 14.9 12,3 0.596 
C2R.DW55-I.B 94.6 78.3 31.6 26.1 IS.2 12,6 0,596 
C2R·DW65·I·A 95.4 78.9 31.5 26,0 19.0 15.7 0,719 













































mm nun mm 
233 192 30.2 24,9 4.26 3.52 0.265 
234 193 3004 25.0 4.40 3,62 0.267 
233 192 31.1 25.7 9.56 7,88 0.424 
233 192 31.1 25.6 9.72 8,02 0.428 
233 192 30.& 25.4 11.2 9.23 0.481 
234 193 30.& 2S.4 10.8 8,92 0,468 
234 193 30.6 25,2 14.0 11.5 0.575 
234 193 3D.6 25,2 14,0 11.5 0.575 
234 193 30.6 25.2 18.5 15.3 0.723 
234 193 30,6 25.2 18.4 15.2 0.719 
231 191 31.0 25.5 23,2 19.1 0.865 
231 191 30.8 25.4 23,6 19.4 0.884 
290 152 31.1 16.3 1.99 1.04 0.254 
2&9 152 31.4 16.5 2.59 1.36 0.268 
296 155 28.3 14.9 7.38 3,88 0.474 
296 155 28.2 14.8 7.39 3.88 0.465 
294 154 28.4 14.9 7.79· 4.09 0.479 
294 154 29.0 15,2 7.5& 3.98 0.473 
292 153 29.8 15.7 llA 6.01 0.580 
292 153 30.3 15.9 I U 6,06 0.577 
294 154 30.0 15.8 15.3 g,03 0.704 
294 154 30.0 15.8 15.1 7.93 0.704 
296 156 27,3 14.3 18.4 9.66 0.883 
296 156 28.2 14.8 17.7 9,29 0.845 
90.& 75.7 58.4 48.7 9.90 8.25 0.231 
91.8 76.5 58.5 48,7 9.90 8.25 0.231 
92.6 77.2 58.7 48,9 14.0 11.7 0.300 
93.1 77,6 58,7 48.9 14.3 11.9 0.305 
94.6 78.8 58.8 49.0 19.4 16.2 0.391 
94.6 78.8 59.0 49.2 19.5 16.2 0.392 
91.8 76,5 59.0 49.2 22,1 18.4 0.436 
91.8 76.5 59.0 49.2 22.0 18,3 0.434 
238 223 59.0 55.4 9,73 9.13 0.222 
238 223 59,0 55.4 10.0 9.38 0.224 
237 222 59.0 55.4 14,2 13.4 0,296 
237 222 58,9 55,2 14,5 13.6 0.302 
234 216 58.9 54,5 21.2 19.7 0.416 
234 216 59.! 54.8 21.1 19.5 0.411 
236 221 59,3 55.6 23.0 21.6 0.442 
235 211 59,0 55.3 22.8 21.4 0.442 
234 219 59.2 55.5 27.7 26.0 0,524 
234 219 59.3 55.6 27,6 25.9 0.520 
233 219 58.9 55.2 33,3 31.2 0.621 















































Table AS Test Specimen MT/Mp Ratios[4] 
S136 S136* AlSI 
MT Mp Mr/Mp Mp MT/MP Mp Mr/Mp 

















































































































































































































































































































































































































Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
St. Louis, Missouri U.S.A., October 17-18,1996 
COMPARISON OF THE DISTORTIONAL BUCKLING METHOD FOR 
FLEXURAL MEMBERS WITH TESTS 
G.J. Hancock!, C.A. Rogers2 and R.M. Schustei 
SUMMARY 
For thin-walled flexural members composed of certain geometric proportions and/or made of 
high-strength steel, a mode of buckling at half-wavelengths intermediate between local 
buckling and flexural-torsional or flexural buckling can occur. The mode is most common for 
edge (lip) stiffened members such as C and Z-sections, and involves rotation of the lip-flange 
component about the flange-web junction. This mode is commonly called distortional 
buckling. 
Presented in this paper is a design method for distortional buckling of flexural members 
recently submitted for ballot with the AISI Specification Committee for Cold-Formed Steel 
Structures. Currently, the North American Cold-Formed Steel Design Standards do not 
contain such a distortional buckling provision. The distortional buckling procedure is 
compared with the current North American Design Standards using the results of beam tests 
carried out at the University of Waterloo and data available in the literature. Statistical results 
of the investigation indicate that the distortional buckling method is slightly conservative yet 
provides a better fit to the test data in comparison with current Design Standards. More 
importantly, the distortional buckling procedure accounts for recently observed significantly 
unconservative test results. It is recommended that the design method for the distortional 
buckling of flexural members, using Strength Curve 1 as presented herein, be adopted by the 
North American Design Standards. 
1 INTRODUCTION 
Distortional buckling of compression members (under uniform stress) such as C-sections 
usually involves rotation of the lip-flange components about the flange-web junctions in 
opposite directions as shown in Fig. I (a). The web and lip-flange component buckling 
deformations, along with a possible translation of the entire section in a direction normal to 
the web, occur at the same haIf-wavelength. Web buckling involves single curvature 
transverse bending of the web. Distortional buckling of compression members (under uniform 
stress) has been investigated in detail by Hancock[l] mainly for sections used in steel storage 
racks, Lau & Hancock[2,3,4] for a range of different C and rack sections, and by Kwon & 
Hancock[5,6] for high strength steel channel sections with intermediate stiffeners. 
Distortional buckling of flexural members such as C and Z-sections usually involves rotation 
IBHP Steel Professor of Steel Structures, School of Civil and Mining Engineering, University of Sydney, Australia. 
2Ph.D. Research Student, School of Civil and Mining Engineering, University of Sydney, Australia. 
Fonner M.A.Sc. Research Student, Department of Civil Engineering, University of Waterloo, Canada. 







Figure 1. Distortional Buckling Modes 
of only the compression lip-flange component about the flange-web junction, as shown in Fig. 
l(b). The web and lip-flange component buckling deformations, along with a possible 
translation of the compression flange in a direction normal to the web, occur at the same half-
wavelength. Web buckling involves double curvature transverse bending of the web. The 
purpose of this paper is to describe the rationale of the design method for distortional buckling 
of flexural members and to compare this method with available test data. It is also the intent to 
submit this proposed design method for inclusion in the Canadian Standards Association 
(CSA) S136 Standard[7] and the American Iron and Steel Institute (AISI) Specification(8] for 
Cold-Formed Steel Structures. The method presented herein is an improvement of the design 
method for distortional buckling of flexural members previously outlined by Hancock[9] for 
use in the Draft Australian / New Zealand Standard for Cold-Formed Steel Structures [1 0]. 
2 ELASTIC DISTORTIONAL BUCKLING STRESS FORMULATION 
A paper by Lau & Hancock[ll] provides distortional buckling formulae for channel columns 
based on a simple flange buckling model where the flange is treated as a thin-walled 
compression member undergoing flexural-torsional buckling, as shown in Fig. 2. Thc 
torsional restraint stiffness, k~ represents the torsional restraint of the web which is in pure 
compression, and the translational restraint stiffness, kx, represents the resistance to 
translational movement of the section in the distortional buckling mode. As a result of the 
compressive stress in the web, the model includes a reduction in the torsional restraint 
stiffness, k~ provided by the web. The model is not limited to simple lip-flange combinations 
as shown in Fig. 2, but may involve complex lips with sloping stiffeners and/or return lips. In 
the Lau and Hancock model, it is assumcd that the value of the translational spring stiffness, 
/c." is zero so that the flange is free to translate in the x-direction in the buckling mode. The 
equation for the torsional restraint stiffhess, k~ is given by Lau & Hancock as, 
(1) 
where E is the modulus of elasticity and f is the thIckness. In Eq. 1, A, is the half-wavelength 




A. := 4.80 1", f;bw (2) 
The symbollxjis defined in Appendix 'A', and the term/ad' is the compressive stress in the 
web at distortional buckling, computed assuming k¢ is zero. The computation process requires 
two steps due to the incorporation Of/ad'in Eq. 1. 
br 
Ie---: _x --1"1' I 
VW-:;~-I----. ~ x 
"7 Centroid ;1 I:> 
Flange-web of flange 
junction and lip y 
Figure 2. Flange Elastically Restrained Along Flange-Web Junction 
The Lau & Hancock formulae for sections in compression[IIJ were modified so that they 
apply to the case of distortional buckling in flexure, as shown in Fig. l(b). If the web of the C-
section in compression in Fig. lea) is treated as a simply supported beam in flexure, as shown 
in Fig. 3(a), then the rotational stiffness at the end is 2EUL, as a result of the equal and 
opposite end moments. If the web of the C-section in flexure in Fig. 1 (b) is treated as a beam 
simply supported at one end and built in at the other, as shown in Fig. 3(b), then the rotational 
stiffness at the end is 4EIIL. Hence, it can be concluded that the change in end restraint 
from Fig. lea) to Fig. I (b) will approximately double the torsional restraint stiffness, k¢. 
(a) Symmetric Bending 
M 4EI 
e==Y 
(b) Asymmetric Restrained 
Bending 
Figure 3. Approximate Web Behaviour as a Beam in Flexure 
Further, the width of the buckled section of the web is substantially reduced compared with 
the full web width, hence, the ratio of the buckle half-wavelength to buckle width is 
significantly increased since the distortional buckle half-wavelength remains relatively 
unchanged. For the original distortional buckling method of flexural members presented by 
Hancock[9J, the compressive stress in the web was not assumed to have a significant effect on 
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reducing the torsional restraint stiffness, k¢. However, for certain sections with web flat width 
ratios, hit, above 150 and narrow flange elements it is possible for the buckle width of the web 
to extend past the centroid of the section, thus, reducing the torsional restraint on the lip-
flange component For this reason a further modification to 1 is made in this paper with 
the assumption that the web element is under a stress gradient caused by flexure in the 
member. The plate buckling coefficient, k, of a web element under pure in-plane bending 
varies as a function of the aspect ratio. Timoshenko & Gere listed numerical values of k for an 
element under pure bending for various aspect ratios (see Timoshenko & Gere Table 9-6 
[12]). The resulting flange-web junction torsional restraint stiffness used in this paper (see Eq. 
3 and Eq. A8 of Appendix 'A') was determined by modirying the denominator ofEq. 1, (b w2 
+ A.2)2, with the plate buckling coefficients described by Timoshenko & Gere to include a 
reduction factor based on the compressive stresses in the web. 
k = 2Et
3 
[1- 1.11/,/ ( b\~.A~ "j] (3) 
? 5.46(b", +O.06A d ) Et 2 12.56A~ +2.l92b! +13.39A~b~. 
The equation for the half-wavelength of the distortional buckle, Eq. 2, was revised by 
Hancock[9] to account for the web element which is under flexure rather than compression 
(see Eq. A2 of Appendix' A'). Hancock's revision remains unchanged in this paper. 
Two steps are required for this proposed distortional buckling procedure for flexural 
members. Initially the flange-web torsional restraint stiffness, k¢. is calculated using 3, 
based on an initial assumption of the clastic distortional buckling stress, led' (Eq. A7 of 
Appendix' A'), which does not include the torsional restraint term in the al equation (see Eq. 
A4 of Appendix' A'). If the web torsionally restrains the lip-flange component, i.e., k¢ C:. 0, the 
second step uses this value of the flange-web torsional restraint stiffness in the updated a} 
term (see Eq. A9 of Appendix' A'). The final elastic distortional buckling stress, led (Eq. AIO 
of Appendix' A'), is determined using the updated al and a3 equations (see Eqs. A9 and A6 
of Appendix 'A'). The second step differs only if the lip-flange component torsionally 
restrains the web, i.e., k¢ < O. In this case the k~ term is recalculated without an initially 
assumed elastic distortional buckling stress (see Eq. All of Appendix 'A'). As for the 
previous case, the final elastic distortional buckling stress, led, is determined using the 
updated a} and a3 equations. The entire distortional buckling method for flexural members is 
fully described in Appendix' A'. 
Calculation of the elastic distortional buckling stress is dependent on the half-wavelength of 
the distortional buckle, Ad. TIle calculated Ad is used when the lip-flange component is able to 
rotate about the flange-web junction without restraint from any counective elements other 
than the web. When the lip-flange component is additionally restrained, the lesser value of the 
calculated Ad and measured distance between restraints, Am, is used. 
3 STRENGTH DESIGN FORMULATION 
Strength design curves were derived from test data in Kwon & Hancock[6] and are 
summarised in Hancock et a\'[13]. They allow for the interaction of buckling and yielding, as 
well as post-buckling strength in the distortional mode. The equations for the inelastic critical 
stress,fc, are given for two strength design curves by Eqs. Al2 to A15 of Appendix 'A'. The 
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inelastic critical stress is a function of the yield stress,J.j" and the elastic distortional buckling 
stress, led. Equations AI2 and A13 of Appendix 'A' are currently proposed as Strength Curve 
I for inclusion in the AISI Specification[8], with an alternate proposal (Strength Curve 2) 
given by Eqs. AI4 and AI5 of Appendix 'A'. The AISI proposed Strength Curve I for 
distortional buckling more accurately reflects the test data for flexural sections with an edge-
stiffened flange. The alternate proposal, which is based on tests of compression members [ II], 
gives approximately a 4% to 5% lower value for the predicted nominal buckling resistance of 
flexural members. 
The distortional design method differentiates between local and distortional buckling 
behaviour when the section is sueh that the web torsionally restrains the lip-flange component, 
Le., k¢ ;::: 0 (Eq. 3 or Eq. A8). In this instance, the nominal moment resistance, Mn, is 
calculated using the elastie section modulus of the full unreduced section for the extreme 
compression fibre, Sf. and the inelastic critical stress,/c, (see Eq. Al6 of Appendix 'A'). This 
moment strength ealculation assumes that distortional buckling does not interact with local 
buckling, therefore the proposed S136 Standard [7] and proposed AISI Specification[8] 
distortional buckling methods yield the same result. However, it is assumed that local and 
distortional buckling interact when the lip-flange component torsionally restrains the web, i.e., 
k¢ < 0 (Eq. 3 or Eq. A8). The nominal moment resistance is derived from the inelastie eritical 
stress,/c, and the elastic section modulus of the effective seetion, Se, calculated at stress /c in 
the extreme compression fibre (see AI7 of Appendix' A'). The effective section modulus 
is determined with the plate buckling coefficient for the flange set at k 4.0 in the effective 
width equation for local buckling, and the assumed constant stress for the edge stiffener set at 
the maximum compression stress in the section, i.e., /C. The results obtained from this local 
buckling calculation differ for the proposed Sl36 Standard and the proposed AISI 
Specification distortional buckling procedures. This difference arises because the method used 
to calculate the effective width of the web under a stress gradient has been modified in the 
S 136 Standard. The AISI Specification results in a slightly larger effective section modulus in 
comparison to the S136 Standard due to a change in the distribution of the effective width of 
the web. 
4 ApPLICABLE WATERLOO AND AVAILABLE TEST DATA 
Fifty-nine beam specimens were tested in the structures laboratory at the University of 
Waterloo. Of these specimens, forty-nine of the sections had edge-stiffened flanges and were 
applicable to this study, see Rogers[14]. Numerous investigations regarding the flexural 
behaviour of C and Z-sections were reviewed and summarised. The available test specimens 
were required to meet the following criteria; I) the cross-section was either a C or a Z-shape, 
2) adequate lateral support was provided during testing, 3) sections did not have web 
perforations, and 4) all edge stiffeners were simple lips at right angles to the flange. Data from 
the following researchers was included; Cohen[15], Desmond et al.[16], LaBoube & Yu[17], 
Moreyra & Pekoz[18], Schardt & Schrade[19], Schuster[20], Shan et al.[21], Willis & 
Wallace[22], and Winter[23]. 
The distortional buckling method presented in this paper requires a measurement of the 
distance between torsional restraints of the lip-flange component. Typically this information 
was not recorded for the available data used in this comparison. In most cases it was assumed 
that the lip-flange component was not torsionally restrained unless specific information was 
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given. Studies by Willis & Wallace[22] and others have shown that the extent of torsional 
restraint offered by a steel deck to the lip-flange component is dependent on the position of 
the screw fasteners. Since information on the position of the screw fasteners was usually not 
given, the lip-flange component was not considered to be torsionally restrained for tests where 
steel decking was used. Further detailed information regarding the applicable Waterloo and 
available test data can be found in Rogers [I 4]. 
5 COMPARISON OF WATERLOO AND AVAILABLE TEST DATA 
The applicable Waterloo and available test data was combined and analysed, with the overall 
test-to-predicted bending moment statistical results for the local and distortional buckling 
procedures presented in Table 1. Both North American design formats are presented so that 
the statistical results obtained from this investigation can be compared using procedures 
which follow the same design philosophy with only a different effective width procedure for 
the web. Test-to-predicted bending moment ratios for individual test specimens by 
Rogers[14], Moreyra & Pekoz[18], Schuster[20], Willis & Wallace[22], as well as six of 
twenty-nine specimens tested by Shan et al.[21] are listed in Tables Bl and B2 of Appendix 
'B'. Statistical results of the bending moment comparison for test data from each of the 
individual researchers are given in Tables B 1 to B4 of Appendix 'B'. Analysis of the test 
specimens was carried out without the use of cold-work of forming. 
Table 1 gives the statistical information of the nominal bending moment test-to-predicted 
comparison using all of the test data. The S 13 6 and AISI columns refer to the results obtained 
from local buckling procedures specified in the Sl36 Standard[7] and AISI Specification[8], 
respectively. The distortional columns refer to the distortional buckling method outlined in 
Appendix' A', where the S 136 web and AISI web refer to the local buckling procedure used 
when the lip-flange component torsionally restrains the web, i.e., k", < O. The combined S136 
and combined AISI columns list the results obtained when the controlling method, i.e., local 
or distortional buckling is used. Tables Bl and B2 of Appendix 'B', which provide 
information for individual test specimens, also give the sign of the flange-web junction 
torsional restraint stiffness, k¢. as well as indicate which distortional half-wavelength, Ad, was 
used in the calculation procedure, i.e., the calculated (c) or measured (m) half-wavelength. 
Table 1. MTlMp Ratios Waterloo & Available Data 
SI36 Distortional Combined AISI Distortional Combined 
(S136 Web) SI36 (AISI Web) AISI 
Strength Curve I 
Avg. 1.067 1.097 1.106 1.021 1.088 1.095 
No. 203 203 203 203 203 203 
S.D. 0.111 0.107 0.100 0.120 0.116 O.IOS 
C.o.V. 0.104 0.098 0.091 0.118 0.107 0.099 
Strength Curve 2 
Avg. 1.067 1.146 1.150 1.021 1.137 1.141 
No. 203 203 203 203 203 203 
S.D. O.!II 0.116 0.109 0.120 0.126 0.119 
C.o.V. 0.104 0.102 0.095 O.llS 0.111 0.105 
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The overall statistical information for the Waterloo and available data indicates that the 
combined use of local and distortional buckling results in a slightly conservative prediction of 
the nominal moment resistance in comparison with local buckling procedures. However, the 
combined approach more accurately fits the data with decreased standard deviations and 
coefficients of variation. Furthermore, the combined approach accounts for recently observed 
significantly unconservative test results using the current North American Design Standards 
(see Tables BI and B2 of Appendix 'B'). In an extreme case presented in this paper, industry 
standard C-sections tested by Schuster[20] were found to have nominal bending moment test-
to-predicted ratios as low as 0.S3 and 0.76 calculated using the S 136 Standard[7] and AISI 
Specification[S], respectively (see Table Bl or B2 of Appendix 'B'). Use of the distortional 
buckling procedures for these sections, as well as other flexural test specimens where the 
bending moment resistance is over-predicted, increases the accuracy of the calculated nominal 
bending moment resistance (see Tables Bl and B2 of Appendix 'B'). 
The distortional buckling procedure relies on the use of a strength curve to account for the 
interaction of buckling and yielding, as well as post-buckling strength in the distortional 
mode. The distortional and combined overall statistical results obtained using Strength Curve 
2 (Eqs. A14 and AI5 of Appendix 'A') are more conservative in comparison to those obtained 
using Strength Curve I (Eqs. AI2 and A13 of Appendix 'A') (see Table 1). It is therefore 
recommended that the combined local and distortional approach, using Strength Curve I, be 
included in the North American Design Standards[7,S]. 
6 CONCLUSIONS 
A design method for computing the distortional buckling bending moment resistance of 
flexural members has been presented. Currently, the North American Cold-Formed Steel 
Design Standards do not contain such a distortional buckling provision. This distortional 
buckling procedure has been compared with the current North American Design Standards 
using the results of beam tests carried out at the University of Waterloo and data available in 
the literature. Statistical results of the investigation indicate that the distortional buckling 
method is slightly more conservative in mean values yet more accurate in data fit in 
comparison with current design standards. More importantly, the distortional buckling 
procedure accounts for recently observed significantly unconservative test results. It is 
therefore recommended that the design method for the distortional buckling of flexural 
members, using Strength Curve I as presented herein, be adopted by the North American 
Design Standards. 
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NOMINAL BENDING MOMENT RESISTANCE FOR DISTORTIONAL BUCKLING 
Step 2 
al = ;1 (lifb) +0.039JjA~) 
a 2 =1J(/)1 + ;1 fbjlx)f J 
a)=1J(a l /)1- ;1/;)fb}J 
fed' = ~{(al + a2) ± J(a l + a2)2 -4a)} Csmaller positive value) 2Aj 
k _ 2Et) -[I _ l.llfed' ( b!A~ )] 
¢ - 5.46(b,.. + 0.06Ad) Et2 12.56A~ +2.l92b! + 13.39A~b~. 
If k. < 0 then: 
2Et) 
k¢ = --,----_. 
5.46( b" + 0.06A d ) 
al =lL(lxjb} +0.039JjA;I)+~ PI PI1JE 
a) =1J(a l /yj - ;1 1;)jb}J 


















Strength Curve 1 
For led> 221y 
Ie =Iy 
For led:S; 2.2ly 
Ie = Iy r&( 1- 0.22 fled) 
V Iy l V Iy 
CEq. A12) 
(Eq. A13) 
Strength Curve 2 
For 1,,/ > 3.18/)' 
Ie =Iy 
For led:S; 3.18/)' 
Ie I)'(;)~ f6[1-02{;:f6J 
(Eq. A14) 
(Eq. A15) 
Nominal Moment Resistance 
If k; ~ 0 then: 
Mn=Sllc (Eq. A16) 








Full cross-sectional area of compression lip-flange component. 
Compression flange width (see Fig. 2). 
Web depth (see Fig. 1). 
Modulus of Elasticity. 
Yield stress. 
(Eq. A17) 
Moment of inertia of compression lip-flange component about x, y axes respectively, where the x, y 
axes are located at the centroid oflip-f1ange component with x-axis parallel with flange (see Fig. 2). 
Product moment of area of compression lip-flange component about x and y axes. 
St. Venant torsion constant of compression lip-flange component. 
Distances from flange-web junction to centroid of compression lip-flange component in x, y 
directions respectively (see Fig. 2). 
Distance between restraints which limit rotation of the lip-flange component about the flange-web 
junction. 
Elastic section modulus of the full unreduced section for the extreme compression fibre. 
Elastic section modulus of the effective section calculated at stressJc in the extreme compression 
fibre, with k = 4.0 for the flange, and/= Ic for the edge stiffener. Note: the effective width calculation 




Table BI. M..-fMp Ratios Strengtb Cnrve I 
8136 Distortional Combined AISI Distortional Combined 
(8136 Web) S136 (AISI Web) AISI 
Specimen MT Mp Mr'M M. Mr'M McrIM M. McrIM M. McrIM McrIM k. Ad 
kN·m kN·m kN'm kN·m kN·m 
Rogcrs[14] 
CI-DW30-1 7.17 6.03 1.19 6.03 1.19 S 1.19 6.03 1.19 6.03 1.19 A 1.19 + c 
CI-DW40-1 7.48 6.25 1.20 6.25 1.20 S~D 1.20 6.25 1.20 6.25 1.20 A~D 1.20 + c 
CI-DW60-1 1.83 6.44 1.22 6.44 1.22 S~D 1.22 6.44 1.22 6.44 1.22 A~D 1.22 + c 
CI-DW80-1 8.43 6.84 1.23 6.84 1.23 S~D 1.23 6.84 1.23 6.84 1.23 A~D 1.23 + c 
CI-DW30-2 24.3 26.6 0.91 25.5 0.95 D 0.95 29.4 0.83 28.5 0.85 D 0.85 c 
CI-DW40-2 24.9 26.8 0.93 26.1 0.95 D 0.95 29.8 0.B4 29.2 0.85 D 0.85 c 
CI-DW60-2 25.6 28.4 0.90 28.0 0.91 D 0.91 31.5 OJ! I 31.2 0.82 D 0.82 c 
CI-DW80-2 26.1 29.3 0.89 28.6 0.91 D 0.91 32.7 0.80 32.1 0.81 D 0.81 c 
CI-DW30-3 34.7 37.5 0.93 36.1 0.96 D 0.96 39.6 0.88 38.2 0.91 D 0.91 c 
CI-DW40-3 35.9 38.8 0.93 36.9 0.97 D 0.97 41.0 0.88 39.2 0.92 D 0.92 
CI-DW60-3 41.4 40.8 1.01 36.7 1.13 D 1.13 43.3 0.96 39.2 1.05 D 1.05 
C2-DW20-1 4.19 3.73 1.12 3.61 1.16 D 1.16 3.88 1.08 3.61 1.16 D 1.16 + 
C2-DW35-1 4.43 4.71 0.94 4.54 0.97 D 0.97 4.79 0.92 4.54 0.97 D 0.97 + 
C2-DW45-1 5.16 4.84 1.07 4.48 l.l5 D 1.15 4.86 1.06 4048 1.15 D 1.15 + 
C2-DW55-1 5.09 4.87 1.04 4.64 1.10 D 1.10 4.91 1.04 4.64 1.10 D 1.10 + 
C2-DW65-1 5.57 5.01 1.11 5.10 1.09 S 1.11 5.09 1.10 5.10 1.09 A 1.10 m 
C2-DW25-2 9.21 7.75 1.19 7.57 1.22 D 1.22 7.75 1.19 7.57 1.22 D 1.22 + c 
C2-DW40-2 lOA 8045 1.23 8,42 1.24 D 1.24 8.45 1.23 8042 1.24 D 1.24 + c 
C2-DW50-2 10.4 8.51 1.22 8.51 1.22 0 1.22 8.51 1.22 8.51 1.22 D 1.22 + c 
C2-DW60-2 11.0 8.81 1.24 8.81 1.25 D 1.25 8.81 1.24 8.81 1.25 D 1.25 + c 
C2-0W70-2 10.8 8.89 1.22 8.89 1.22 S 1.22 8.89 1.22 8.89 1.22 A 1.22 + c 
C2-DW80-2 11.2 9.16 1.23 9.16 1.22 S 1.23 9.16 1.23 9.16 1.22 A 1.23 + c 
C2-0W20-3 11.3 10.8 1.04 9.67 1.17 D 1.17 11.4 0.99 lOA 1.08 0 1.08 c 
C2-DW35-3 12.2 12.9 0.94 11.5 1.06 D 1.06 13.7 0.89 11.5 1.06 D 1.06 + c 
C2-0W45-3 12.2 13.1 0.93 11.9 1.02 D 1.02 13.9 0.88 11.9 1.02 0 1.02 + c 
C2-DW55-3 13.3 13.4 0.99 12.6 1.05 D 1.05 14.2 0.94 12.6 1.05 D 1.05 + m 
C2-0W65-3 13.9 13.1 1.06 13.3 1.05 S 1.06 13.8 1.00 13.3 1.05 0 1.05 + m 
C2-0WBO-3 13.2 12.6 1.05 12.2 1.09 D 1.09 13.4 0.99 13.1 1.01 0 1.01 m 
C2-DW25-4 31.9 33.9 0.94 29.4 1.09 D 1.09 36.6 0.87 32.9 0.97 D 0.97 c 
C2-0W40-4 36.1 37.3 0.97 33.7 1.07 0 1.07 40.6 0.89 37.1 0.97 0 0.97 c 
C2-DW50-4 36.7 37.5 0.98 33.8 1.09 D 1.09 40.8 0.90 37.3 0.99 D 0.99 c 
C2-0W60-4 40.0 39.2 1.02 35.4 1.13 D 1.13 42.8 0.94 39.2 1.02 0 1.02 c 
C2-0W70-4 38.4 40.8 0.94 36.3 1.06 0 1.06 44.5 0.86 36.3 1.06 0 1.06 + m 
C2-DW80·4 39.6 41.0 0.97 36.5 1.08 D 1.08 44.9 0.88 40.6 0.97 D 0.97 m 
C2R-OW20-1 4.16 3.64 1.14 3.45 1.21 D 1.21 3.71 1.12 3.45 1.21 D 1.21 + 
C2R-DW35-\ 5.05 4.77 1.06 4.45 1.14 D 1.14 4.78 1.06 4.45 1.14 D 1.14 + 
C2R-DW45-\ 5.22 4.97 1.05 4.63 1.13 D 1.13 4.97 1.05 4.63 1.13 D 1.13 + 
C2R-OW55-\ 5.26 4.93 1.07 4.75 1.11 0 1.11 4.92 1.07 4.75 1.11 D 1.11 + 
C2R-DW65-1 5.49 4.81 1.14 4.81 1.14 0 1.14 4.82 1.14 4.81 1.14 0 1.14 + m 
C3-DW20-1 5.14 4.67 1.10 4.59 1.12 0 1.12 4.69 1.10 4.59 1.12 D 1.12 + c 
C3-DW30-1 5.37 5.38 1.00 5.22 1.03 0 1.03 5.37 1.00 5.22 1.03 0 1.03 + m 
C3-0W35-1 5043 5.60 0.97 6.04 0.90 S 0.97 5.61 0.97 6.04 0.90 A 0.97 + m 
C3-DW45-1 5.37 5.36 1.00 6.14 0.87 S 1.00 5.36 1.00 6.14 0.87 A 1.00 + m 
C3-0W20-2 12.4 11.5 1.08 11.4 1.09 D 1.09 11.8 1.05 11.4 1.09 0 1.09 + m 
C3-0W30-2 13.4 13.4 1.00 13.8 0.97 S 1.00 13.8 0.97 13.8 0.97 D 0.97 + m 
C3-DW35-2 13.0 13.1 0.99 14.5 0.90 8 0.99 13.5 0.96 15.1 0.86 A 0.96 m 
C3-0W45-2 13.4 13.1 1.02 15.1 0.89 S 1.02 13.4 1.00 15.7 0.86 A 1.00 m 
C3-DW50-2 13.1 12.7 1.03 16.1 0.82 S 1.03 13.0 1.00 16.6 0.79 A 1.00 m 
C3-DW60-2 13.2 12.3 1.07 16.6 0.79 S 1.07 12.6 1.05 17.2 0.77 A 1.05 m 
Avg. 1.051 1.072 1.092 1.019 1.043 1.063 
No. 49 49 49 49 49 49 
S.D. 0.105 0.120 0.094 0.130 0.138 0.117 
Note: S, A, 0 refer to control by S136, AIS[ and distortional buckling design methods, respectively. 
± refers to the sign of k" and c, m rcfer to either a calculated or measured Ad. respectively. 
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Table Bl. Cont. MylMp Ratios Strength Curve 1 
SI36 Distortional Combined AISI Distortional Combined 
(8136 Web) 8136 (AISI Web) AISI 
Specimen MT M. M,IM M. M,.IM M,IM M. M,IM M. M,IM M,IM k. Ad 
kN·m kN·m kN·m kN-m kN-m 
More~ra & Pek5z[18] 
A-W 14.0 15.1 0.93 14.0 1.00 D 1.00 16.2 0.86 14.0 1.00 D 1.00 + 
A-TB 14.4 16.5 0.87 15.2 0.95 D 0.95 18.0 0.80 15.2 0.95 D 0.95 + c 
B-W 13.2 15.1 0.87 13.8 0.96 D 0.96 16.3 0.81 13.8 0.96 D 0.96 + 
B-TB 14.0 15.5 0.91 14.6 0.96 D 0.96 17.0 0.82 14.6 0.96 D 0.96 + 
C-W 15.6 \3.9 1.12 13.3 1.17 D 1.17 15.4 1.02 13.3 Ll7 D 1.17 + 
C-TB 15.0 14.9 1.00 14.4 1.04 D 1.04 16.6 0.90 14.4 1.04 D 1.04 + c 
Avg. 0.951 1.014 1.014 0.869 1.014 1.014 
No. 6 6 6 6 6 6 
S.D. 0.097 0.086 0.086 0.081 0.086 0.086 
C.o.V. 0.131 0.109 0.109 0.121 0.\09 0.109 
8.46 9.07 0.93 8.52 0.99 D 0.99 10.3 0.82 8.52 0.99 D 0.99 + c 
BS2 8.61 9.07 0.95 8.52 1.01 D 1.01 10.3 0.84 8.52 1.01 D 1.01 + c 
CS1 9.05 10.8 0.S3 10.0 0.90 D 0.90 11.9 0.76 10.0 0.90 D 0.90 + c 
CS2 9.05 10.9 0.83 10.0 0.90 D 0.90 11.9 0.76 10.0 0.90 D 0.90 + c 
CS3 9.29 lO.S 0.86 10.0 0.93 D 0.93 11.9 0.78 lO.O 0.93 D 0.93 + 
Avg. O.SSI 0.947 0.947 0.792 0.947 0.947 
No. S 5 5 5 5 5 
S.D. 0.055 0.052 0.052 0.038 0.052 0.052 
c.o.V. 0.089 0.077 0.077 0.067 0.077 0.077 
Shan ct al.[21] 
SA,14,7&8(N) 15.3 17.4 0.88 15.9 0.96 D 0.96 19.2 0.80 15.9 0.96 D 0.96 + 
8A,14,9&10(N) 15.7 17.4 0.90 15.9 0.99 D 0.99 19.2 0.82 15.9 0.99 D 0.99 + 
8A,20,1&2(N) 4.07 4.56 0.89 4.23 0.96 D 0.96 4.75 0.86 4.23 0.96 D 0.96 + 
8A,20,3&4(N) 4.12 4.64 0.89 4.28 0.96 D 0.96 4.84 0.85 4.28 0.96 D 0.96 + 
12B,16,1&2(N) 22.5 28.9 0.78 25.0 0.90 D 0.90 30.5 0.74 27.0 0.84 D 0.84 c 
12B,16,3&4(N) 23.4 28.5 0.82 24.7 0.95 D 0.95 30.1 0.78 26.7 0.88 D 0.88 c 
Avg. 1.027 1.070 1.074 0.983 1.066 1.067 
No. 29 29 29 29 29 29 
S.D. 0.120 0.104 0.104 0.134 0.112 0.112 
c.o.V. 0.122 0.101 0,100 0.141 0.109 0.109 
Willis & Wallace[22] 
IC2 9.78 10.3 0.95 10.1 0.97 D 0.97 11.4 0.86 10.1 0.97 D 0.97 + 
IC3 10.6 10.4 1.02 9.93 1.07 D 1.07 II.S 0.92 9.93 1.07 D 1.07 + 
IC4 11.0 10.2 1.08 9.61 Ll4 D 1.14 11.3 0.97 9.61 1.14 D Ll4 + 
ICS 13,0 11.6 1.12 10.9 1.19 D 1.19 12.8 1.01 10.9 1.19 D 1.19 + c 
Avg. 1.043 1,093 1.093 0,940 1.093 1.093 
No. 4 4 4 4 4 4 
S.D. 0.074 0.096 0.096 0.065 0.096 0.096 
Co.V. 0.123 0.152 0.152 0.119 0.152 0.152 
NOle: S, A, D refer to control by S136, AISI and distortional buckling design methods, respectively. 
± refers to the sign of k .. and c, m refer to either a calculated or measured Ad. respectively. 
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Table B2. M-rfMp Ratios Strength Curve 2 
S136 Distortional Combined AISI Distortional Combined 
(8136 Web) S136 (AISI Web) AISI 
Specimen MT M. M,.IM Mp M-rfI\.1 M-rfI\.l Mp M,IM Mp M,.IM M-rfI\.l k; Ad 
kN·m kN'm kN'm kN·m kN·m 
Rogers[14] 
Cl-DW30-1 7.17 6.03 1.19 5.93 1.21 D 1.21 6.03 1.19 5.93 1.21 D 1.21 + 
CI-DW40-1 7.48 6.25 1.20 6.23 1.20 S=D 1.20 6.25 1.20 6.23 1.20 A=D 1.20 + 
CI-DW60-1 7.83 6.44 1.22 6.44 1.22 S=D 1.22 6.44 1.22 6.44 1.22 A=D 1.22 + 
CI-DWSO-I S.43 6.84 1.23 6.S4 1.23 S=D 1.23 6.84 1.23 6.84 1.23 A=D 1.23 + 
CI-DW30-2 24.3 26.6 0.91 24.9 0.98 D 0.98 29.4 0.83 27.9 0.87 D 0.S7 c 
CI-DW40-2 24.9 26.8 0.93 25.4 0.98 D. 0.98 29.8 0.84 28.6 0.87 D 0.87 
CI-DW60-2 25.6 28A 0.90 27.2 0.94 D 0.94 31.5 0.81 30.5 0.84 D 0.S4 
CI-DW80-2 26.1 29.3 0.89 27.8 0.94 D 0.94 32.7 0.80 31.3 0.83 D 0.83 
CI-DW30-3 34.7 37.5 0.93 35.2 0.99 D 0.99 39.6 0.88 37.4 0.93 D 0.93 c 
CI-DW40-3 35.9 38.8 0.93 36.0 1.00 D 1.00 41.0 0.88 38.4 0.94 D 0.94 c 
CI-DW60-3 41.4 40.8 1.01 35.8 1.16 D 1.16 43.3 0.96 38.4 1.08 D 1.08 c 
C2-DW20-1 4.19 3.73 1.12 3.44 1.22 D 1.22 3.88 1.08 3.44 1.22 D 1.22 + c 
C2-DW35-1 4.43 4.71 0.94 4.40 1.01 D 1.01 4.79 0.92 4.40 1.01 D l.01 + c 
C2-DW45-1 5.16 4.84 1.07 4.35 1.19 D 1.19 4.86 1.06 4.35 1.19 D 1.19 + c 
C2-DW55-1 5.09 4.87 1.04 4.51 1.13 D 1.13 4.91 1.04 4.51 U3 D Ll3 + c 
C2-DW65-1 5.57 5.01 1.11 4.95 1.13 D 1.13 5.09 1.10 4.95 1.13 D 1.13 + m 
C2-DW25-2 9.21 7.75 1.19 7.34 1.25 D 1.25 7.75 1.19 7.34 1.25 D 1.25 + c 
C2-DW40-2 lOA 8,45 1.23 8.10 1.28 D 1.28 8,45 1.23 8.10 1.28 D 1.28 + c 
C2-DW50-2 lOA 8.51 1.22 8.28 1.26 D 1.26 8.51 1.22 8.28 1.26 D 1.26 + c 
C2-DW60-2 11.0 8.81 1.24 8.61 1.2S D 1.28 8.81 1.24 8.61 1.28 D 1.28 + c 
C2-DW70-2 10.8 8.89 1.22 8.67 1.25 D 1.25 8.89 1.22 8.67 1.25 D 1.25 + c 
C2-DW80-2 11.2 9.16 1.23 8.83 1.27 D 1.27 9.16 1.23 8.83 1.27 D 1.27 + c 
C2-DW20-3 11.3 10.8 1.04 9.34 1.21 D 1.21 11.4 0.99 10.1 Ll2 D 1.12 
C2-DW35-3 12.2 12.9 0.94 10.89 1.12 D 1.12 13.7 0.89 10.9 1.12 D 1.12 + 
C2-DW45-3 12.2 13.1 0.93 IUS LOS D 1.08 13.9 0.88 11.3 1.08 D 1.08 + c 
C2-DW55-3 13.3 13.4 0.99 12.08 1.10 D 1.10 14.2 0.94 12.1 LlO D 1.10 + m 
C2-DW65-3 13.9 13.1 1.06 12.75 1.09 D 1.09 13.8 1.00 12.7 1.09 D 1.09 + m 
C2-DW80-3 13.2 12.6 1.05 11.86 UI D 1.11 13.4 0.99 12.8 1.03 D 1.03 m 
C2-DW25-4 31.9 33.9 0.94 28.47 1.12 D U2 36.6 0.87 32.0 1.00 D 1.00 
C2-DW40-4 36.1 37.3 0.97 32.85 1.10 D 1.10 40.6 0.89 36.4 0.99 D 0.99 
C2-DW50-4 36.7 37.5 0.98 32.92 UI D Lll 40.8 0.90 36.5 1.01 D 1.01 c 
C2-DW60-4 40.0 39.2 1.02 34.56 U6 D U6 42.8 0.94 38.4 1.04 D 1.04 c 
C2-DW70·4 3804 40.8 0.94 34.64 UI D Lli 44.5 0.86 34.6 Ul D 1.11 + m 
C2-DW80-4 39.6 41.0 0.97 35.58 1.11 D 1.11 44.9 0.8S 39.8 1.00 D 1.00 m 
C2R-DW20-1 4.16 3.64 1.14 3.31 1.26 D 1.26 3.71 1.12 3.31 1.26 D 1.26 + 
C2R-DW35-1 5.05 4.77 1.06 4.31 1.I7 D 1.17 4.78 1.06 4.31 1.17 D 1.17 + c 
C2R-DW45-1 5.22 4.97 1.05 4.49 1.16 D 1.16 4.97 1.05 4.49 U6 D 1.16 + c 
C2R-DW55-1 5.26 4.93 1.07 4.61 1.14 D Ll4 4.92 1.07 4.61 1.14 D 1.14 + c 
C2R-DW65-1 5049 4.BI Ll4 4.66 LIS D Ll8 4.82 Ll4 4.66 LIS D LIB + m 
C3-DW20-1 5.14 4,67 UO 4.40 1.17 D 1.17 4.69 1.10 4.40 1.17 D 1.17 + c 
C3-DW30-1 5.37 5.38 1.00 5.04 1.07 D 1.07 5.37 1.00 5,04 1.07 D 1.07 + m 
C3-DW35-1 5.43 5.60 0.97 5.87 0.93 S 0.97 5.61 0.97 5.87 0.93 A 0.97 + m 
C3-DW45-1 5.37 5.36 1.00 5.95 0.90 S 1.00 5.36 1.00 5.95 0.90 A 1.00 + m 
C3-DW20-2 12.4 11.5 1.08 10041 1.19 D 1.19 11.8 1.05 10.4 1.19 D 1.19 + m 
C3-DW30-2 13.4 13.4 1.00 12.93 1.04 D 1.04 13.8 0.97 12.9 1.04 D 1.04 + m 
C3-DW35-2 13.0 13.1 0.99 14.11 0.92 S 0.99 13.5 0.96 14,8 0.88 A 0.96 m 
C3-DW45-2 13.4 13.1 1.02 14.70 0.91 S 1.02 13.4 1.00 15.3 0.B8 A 1.00 m 
C3-DW50-2 13.1 12,7 1.03 15.62 0,84 S 1.03 13.0 1.00 16.2 0.81 A 1.00 m 
C3-DW60-2 13.2 12.3 1.07 16.25 O.SI S 1.07 12.6 1.05 16.8 0,78 A 1.05 m 
Avg. 1.051 Ll06 1.122 1.019 1.075 1.092 
No. 49 49 49 49 49 49 
S.D. 0.105 0.122 0.098 0.130 0.143 0.123 
Note: S, A, D refer to control by S 136, AISI and distortional buckling design methods, respectively. 
± refers to the sign of kv> and c, m refer to either a calculated or measured Ad, respectively. 
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Table B2. Con!. MIMI' Ratios Strength Curve 2 
5136 Distortional Combined AI51 Distortional Combined 
(S136 Web) S136 (AIS! Web) AISI 
Specimen MT Mp M-r/M Mp M-r/M M,/M Mp M,Jl>{ Mp M-r/M M-r/M k. Ad 
kN·m kN'm kN'm kN·m kN·m 
Moreyra & Pek6z[18] 
A-W 14.0 15.1 0.93 13.6 1.03 D 1.03 16.2 0,86 13,6 1.03 D 1.03 + 
A-TB 14.4 16,5 0.87 14,6 0,99 D 0,99 18,0 0.80 14,6 0,99 D 0.99 + 
B·W 13.2 15,1 0,87 13,3 0,99 D 0.99 16.3 0,81 13,3 0.99 D 0.99 + 
B·TB 14.0 15.5 0.91 14,0 1.00 D 1.00 17.0 0.82 14,0 1.00 D 1.00 + 
C·W 15,6 13.9 1.12 12,8 1.22 D 1.22 15,4 1.02 12.8 1.22 D 1.22 + 
C-TB 15,0 14.9 1.00 13.8 1.09 D 1.09 16,6 0.90 13.8 1.09 D 1.09 + 
Avg. 0.951 1.052 1.052 0.869 1.052 1.052 
No, 6 6 6 6 6 6 
S.D. 0.097 0,090 0.090 0.081 0.090 0.090 
C.o.V. 0.131 0.111 0.111 0.121 0.111 0,111 
Schuster[20] 
BSI 8.46 9.07 0.93 8.21 1.03 D 1.03 10.3 0,82 8,21 1.03 D 1.03 + 
BS2 8.61 9.07 0.95 8.21 1.05 D 1.05 10.3 0.84 8.21 1.05 D 1.05 + 
CSI 9.05 10,8 0,83 9.61 0,94 D 0.94 11.9 0.76 9.61 0.94 D 0,94 + 
CS2 9.05 10.9 0,83 9.64 0.94 0 0,94 11.9 0,76 9.64 0.94 D 0,94 + 
CS3 9.29 10,8 0.86 9.62 0.97 0 0.97 11.9 0,78 9,62 0.97 D 0.97 + 
Avg. 0.881 0.985 0,985 0.792 0.985 0,985 
No. 5 5 5 5 5 5 
S.O. 0.055 0.051 0,051 0.038 0.051 0,051 
C.o.V. 0,089 0,073 0,073 0.067 0,073 0,073 
Shan et al.[21] 
8A,14,7&8(N) 15.3 17.4 0,88 15.4 1.00 0 1.00 19.2 0.80 15,4 1.00 D 1.00 + 
8A,14,9&10(N) 15.7 17.4 0,90 15.4 1.02 D 1.02 19,2 0.82 15.4 1.02 D 1.02 + 
8A,20,1&2(N) 4,07 4.56 0,89 3.97 1.03 D 1.03 4.75 0.86 3,97 1.03 0 1.03 + 
8A,20,3&4(N) 4.12 4,64 0.89 4,02 1.02 D 1.02 4,84 0,85 4,02 1.02 0 1.02 + 
12B,16,1&2(N) 22.5 28.9 0.78 24,2 0,93 0 0.93 30.5 0,74 26.2 0.86 D 0,86 
12B, 1 6,3&4(N) 23.4 28.5 0.82 23,9 0.98 0 0.98 30,1 0,78 25.9 0,90 D 0.90 
Avg. 1.027 1.115 1.1 15 0,983 1.110 1.110 
No, 29 29 29 29 29 29 
S.D. 0,120 0,104 0.104 0.134 0,113 0.113 
C.O.V, 0.122 0,097 0.097 0,141 0.106 0,106 
Willis & WalJace[22] 
IC2 9,78 10.3 0.95 9.74 1.00 D 1.00 11.4 0,86 9,74 1.00 0 LOO + c 
IC3 10,6 10.4 1.02 9.58 LII 0 1.11 11.5 0.92 9.58 I.l1 D 1.11 + c 
1C4 11.0 10.2 1.08 9,27 1.19 0 1.19 11.3 0.97 9.27 1.19 D 1.19 + 
IC5 13,0 11.6 1.12 10.5 1.24 D 1.24 12.8 1.01 10.5 1.24 0 1.24 + 
Avg. 1.043 1.135 LI35 0.940 1.135 1.135 
No, 4 4 4 4 4 4 
S.D. 0.074 0.103 0.103 0,065 0,103 0.103 
C.o.V. 0,123 0,157 0.157 0.119 0.157 0.157 
Note: S, A, D refer to control by S136, AISI and distortional buckling design methods, respectively. 
± refers to the sign of k¢. and e, m refer to either a calculated or measured Ad, respectively. 
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Table B3. Statistical Results MylMp Ratios Strength Curve I 
S136 Distortional Combined AISI Distortional Combined 
(S136 Web) S136 (AISI Web) AISI 
Sl!ecimen M,.IMp M-,lMp M,.IMp M,.IMp M,.IMp M-,lMp 
Cohen[l51 
Avg. 1.199 1.201 1.216 1.153 1.201 1.201 
No. 14 14 14 14 14 14 
S.D. 0,073 0.067 0.069 0,064 0,067 0.067 
C,o,V. 0.066 0.061 0.062 0,060 0,061 0.061 
Desmond et a1.[16] 
Avg. 1.146 1.142 1.164 1.143 1.142 1.164 
No. 4 4 4 4 4 4 
S.D, 0.081 0.122 0.095 0,077 0.122 0.095 
Co.V. 0.123 0.185 0.141 0.117 0.185 0.141 
LaBoube & Yu[l7] 
Avg. 1.078 1.114 1.119 1.027 !.I 12 1.112 
No. 52 52 52 52 52 52 
S.D. 0.079 0,082 0.075 0.078 0,083 0.082 
Co.v, 0.075 0.075 0,069 0,077 0,076 0.075 
Schardt & Schrade[19] 
Avg. 1.086 1.126 1.126 1.029 1.126 1.126 
No. 25 25 25 25 25 25 
S.D. 0.127 0.123 0,123 0,112 0,123 0.123 
C.o.V. 0.122 0,114 0.114 O.1l3 0,114 0.114 
Winter[23] 
Avg. 1.096 1.094 1.104 1.070 1.094 1.100 
No. IS 15 15 15 15 15 
S.D. 0,064 0.058 0.061 0.061 0.058 0,057 
Co.V. 0.063 0,057 0.059 0.062 0.057 0.055 
Table B4. Statistical Results MylMp Ratios Strength Curve 2 
SI36 Distortional Combined AISI Distortion al Combined 
(S136 Web) S136 (AISI Web) AISI 
SEecimen M,.IMp M,.IM, M,.IMp M,.IM, M,.IM, M,.IMp 
Cohen[l5] 
Avg. 1.199 1.260 1.261 1.153 1.260 1.260 
No. 14 14 14 14 14 14 
S.D, 0,073 0.069 0,069 0.064 0,069 0.069 
Co.v. 0.066 0.060 0.060 0,060 0.060 0,060 
Desmond et al.[16] 
Avg, 1.146 1.194 1.208 1.143 1.194 1.208 
No, 4 4 4 4 4 4 
S.D. 0.081 0,142 0.124 0.077 0.142 0.124 
Co.V. 0.123 0,207 0.177 0,117 0.207 0.177 
LaBoube & Yu[17] 
Avg. 1.078 1.167 1.168 1.027 1.l65 1.165 
No. 52 52 52 52 52 52 
S.D, 0.079 0.086 0.085 0.Q78 0.089 0.089 
Co.V. 0.075 0.075 0.074 0.077 0.Q78 0.078 
Schardt & Sehrade[19] 
Avg. 1.086 1.208 1.208 1.029 1.208 \.208 
No. 25 25 25 25 25 25 
S.D. 0,127 0.134 0.134 0,112 0.134 0.134 
C.o.V. 0.122 0.116 0.116 0,113 0.116 0.116 
Winter[231 
Avg. 1.096 1.134 Ll35 1.070 1.134 1.135 
No, 15 15 15 15 15 15 
S.D. 0.064 0.066 0.066 0.061 0.066 0.066 
C.o.V, 0.063 0,063 0.062 0,062 0,063 0,062 
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DESIGN OF THIN-WALLED BEAMS FOR DISTORTIONAL BUCKLING 
J M Davies' and C Jiang" 
Introduction 
The bending behaviour of cold-fonned steel beams is far from simple. The double symmetry 
associated with hot-rolled I-sections is generally uneconomical and the use of thin-walled 
slender elements means that local buckling of parts of the cross-section in compression may 
be a significant design factor leading to additional asymmetry of behaviour. Furthennore, 
the modem tendency to introduce additional folds in order to control local buckling and to 
produce more favourable global section properties also serves to aggravate the tendency 
towards distortional buckling. 
Generalised Beam Theory (GBT) has wide application to the analysis and design of cold-
fonned beams and can provide a relatively simple approach to the problems associated with 
the alternative buckling modes in thin-walled beams and their various interactions. 
Historically, both the local and global bucking of beams have been intensively researched and 
the appropriate design methods have been well documented. Recent research shows that 
distortional buckling may also be critical in beams of practical proportions and the relative 
lack of research and the weakness of design approaches dealing with distortional buckling in 
the available codes and standards is a deficiency in the design of cold-fonned steel structures. 
With the aid of GBT, some recently proposed design approaches are evaluated and 
improvements are proposed. Further investigation shows that the Perry-Robertson equation 
can be used to introduce a yield criterion in order to empirically modify the elastic 
distortional buckling moment and thus to predict the buckling strength of a member. 
Interaction of buckling modes 
GBT is a complex subject with many ramifications and its details, which can be found in 
references [1]-[6], will not be elaborated here. In contrast to the case of unifonnly 
compressed columns, beams are generally subject to shear forces as well as bending 
moments. The family of basic second-order equilibrium equations, with consideration of tbe 
shear stresses, in the fonn established by GBT is 
n n 
EJ<ckylttl G~kytt+ Jcsky+LL ij~o(iWjy)tt- ij~T(2ijW/jy/+ iW"jy) = kq 
i=1 j·1 
(1) 
* Professor of Structural Engineering ** Research Fellow 
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where a forward superscript k=1,2, ... n donates the mode number and 
E is the modulus of elasticity 
G is the shear modulus 
kC is the generalised warping resistance 
kD is the generalised torsional resistance 
kB is the generalised transverse bending resistance 
kV is the generalised deformation resultant 
'VI is the generalised stress resultant 
ljkK• is the matrix of second-order terms relating to longitudinal stress 
UkK, is the matrix of additional second-order terms relating to shear stress 
kq is the applied distributed load applicable to mode k 
From this equation system it can been seen that, if the stress resultant is not constant along 
a member, the influence of shear stress is taken into account by the additional second-order 
terms ijkK,. However, for a long-span beam with an open cross-section these terms have little 
influence and may be neglected. 
An investigation of the interaction of bucking modes or loads can be easily achieved by 
taking account of different combinations of modes or loads when solving the equation system. 
Consider a simply-supported Zed-section beam, whose cross-section is not symmetric, as an 
example in order to illustrate the interaction of the buckling modes. The dimensions of the 
cross-section are shown in Figure 1 and the steel material has a modulus of elasticity of 200 
kNfmm2 and Poisson's ratio 0.3. The generalised cross-section properties computed with aid 
of GBT are given in Table 1 and the corresponding buckling modes are illustrated in Figure 
1. The first four modes are the global (rigid body) buckling modes, the fifth is a symmetric 
distortional buckling mode and the sixth is an asymmetric distortional buckling mode. If 
pinned restraints at two ends of the beam and a uniformly distributed load applied in the 
plane of the web are assumed, the solutions of equation system (1), for buckling with 
consideration of some alternative mode combinations, are shown in Figure 2. For illustrative 
purposes, in solving the equation system, only the stress resultant of mO,de 2 (bending 
moment about major axis x) is taken into account in order to eliminate load coupling which 
is considered later in this paper. 
Figure 2 shows the buckling moments as a function of the span of the simply supported 
beam. It can be seen that, for spans less than about 2.3 metres, the beam buckles in 
distortional modes whereas for longer spans, the beam buckles in global modes (Iateral-
torsional modes). Local buckling of the top flange, which can be investigated by introducing 
into the analysis an intermediate node in the flange, never occurs. Evidently, in this 
example, the interaction between the modes and the effect of shear stress are insignificant. 
The span range over which distortional buckling is critical includes spans used in practice 
and, if restraints exists, provided for example by the cladding, support braces or anti-sag 
bars, the range could be much larger. It follows that design for distortional buckling has 
important practical significance. 
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Mode C (cm4) D (cmZ) B (leN/cm2) 
k= 
1 4.350000 0.000000 0.000000 
2 177.5874 0.000000 0.000000 
3 12.98406 0.000000 0.000000 
4 1214.386 0.032625 0.000000 
5 0.113525 0.000756 0.121381 
6 0.112084 0.000884 0.054739 
Table 1 Cross-section properties 
Mode 2 Mode 8 Mode 4 
ModeS Mode ff' Looalbuokllng 
Figure 1 Local, distortional and global buckling modes 
For a beam with a symmetrical cross-section, in contrast to the case of column, single mode 
distortional buckling cannot occur if the bending moment is applied normal to the axis of 
symmetry. In this case, distortional buckling of the beam takes the form of an interaction 
of modes 5 and 6. Obviously, if a bending moment is applied parallel to the axis of 
symmetry, there are single distortional buckling modes but this is often a less important case. 
Similarly, the Zed section beam has an asymmetric cross-section and cannot buckle in a 
single distortional mode. 
If the applied bending moment is constant along the beam, using GBT, the buckling half 





Equation (2) leads to the conclusion that the half wavelength for a single mode distortional 
buckling is independent of the mode of load application which means that compression and 
bending members have the same buckling half wavelength. 
Moment at the centre epan (kNcm) 
2000r-------------~--------------------------__, 
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Span L (cm) 
Buckling mode interaction for a simply-supported Zed-section beam 
subject to a uniformly distributed load. 
The application of load through the shear centre of the cross-section is difficult to achieve 
in practice and in most cases a cold-formed beam is subject to an applied torque in addition 
to the bending moment. This means that twisting of the section is bound to occur unless it 
is continuously restrained against torsion. In addition, transverse bending moments are 
caused by the associated cross-section warping and these should also be taken into 
consideration in the design. 
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We now return to the cross-section shown in Figure 1 as an example to illustrate the effect 
of load coupling. It is assumed that a 1 kN concentrated load is applied in the vertical 
direction at node 5 of the cross-section at the centre of the span. As the load is applied 
neither at the shear centre of cross-section nor in the direction of the principal axis, in 
addition to bending moment about major x axis, it will cause a both a torque and a bending 
moment about the minor y axis. Furthermore, two transverse bending moment distributions 
5W and 6W will occur due to symmetrical and asymmetrical warping of the cross-section. 
Figure 3 shows the distribution of these stress resultants along the beam calculated using 
GBT. It can be seen that the bending moment about the major axis x has a maximum value 
of 2W max = -PLsin8f4 and that the bending moment about the minor axis y has a maximum 
value of 3W max = PLcos8f4 in which (J 110.089° is the angle between the major axis and 
the load direction. 
Bending and twisting moments (kNcm) Modes 5&6 (kNcm) 
20 - - 0.5 
O~~~~~------~~~~~------~:=~~~O 
-20 - -0.5 
-40 - - 1 
-60- --1.5 
-80 - - 2 
-100 - - -2.5 
-120 - - -3 
-140- - -3.5 
-160 - -4 
Figure 3 




About minor axle ~ Torque 
Mode 6 
Stress resultants caused by a 1 kN concentrated load applied at the 
centre of a simply supported beam of 2 metres span 
Figure 4 shows the effect of eccentricity on the buckling resistance of a simply-supported 
beam of 2 metres span with the cross-section dimensions shown in Figure 1. It can be seen 
that, if the load is applied through the shear centre, the effect of the transverse bending 
moments is trivial. As the load eccentricity increases, so does the torque, and the buckling 
resistance of the beam decreases rapidly so that the effect of the torque becomes dominant. 
The stress resultants of modes 5 and 6 have their maximum effect when the load is applied 
at about 40 mm from the shear centre. However, many specifications do not have detail 
rules for design against torsion and tbere is no code which has adequate clauses dealing with 
the transverse bending stresses which arise as a result of distortion. Both BS 5950 and 
Eurocode 3 include rules for combined bending and torsion. BS 5950 and the AISI 
Specification both treat biaxial bending as if the section were loaded in a principal plane and 
subject to lateral buckling. 
[46 
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Effect of load eccentricity on the buckling resistance of a beam 
The eccentricity effect could, of course, be significantly reduced if the top flange of the 
profile were to be restrained by the cladding. However, modern standing seam and clip-
fixed systems offer greatly reduced restraint when compared with traditional cladding 
systems. 
Evaluation of the proposed design approaches for distortional buckling 
Evidently, GBT is a yardstick by which other design methods may be assessed but, in the 
current state of the art, it probably does not provide a practical basis for a design code. 
Analytical expressions for the distortional buckling of thin-walled beams of general section 
geometry under a constant bending moment have been developed by Hancock [7], and 
Serrette and Pekoz [8]. These analytical expressions were based on the simple flange 
buckling model shown in Figure 5 in which the flange was treated as a compression member 
with both rotational and translational spring restraints in the longitudinal direction. The 
rotational spring stiffness k~ and the translational spring stiffness k, represent the torsional 
restraint and translational restraint from the web respectively. In their analyses, both of the 
above of authors chose the translational spring stiffness k, to be zero. 
Hancock's analysis [7] concentrated on bending about the axis of symmetry of the cross-
section. Bearing in mind the mode shape shown in Figure 5, the rotational spring stiffness 




Serrette and Pekox's analysis 




Figure 5 Analytical model for the distortional buckling of bending members 
4D 
and the distortional buckling half wavelength A is: 
where: 
bw is the depth of the web 
(
EI b )0.25 
1t~ 
4D 
D =Etl/[12(1 1'2)] is the plate flexural rigidity 
E is the modulus of elasticity 
is the thickness of the profile 
I' is Poisson's ratio 
Iwc + I,(Xo hJ2 + Iy(yo - hy)2 - 2Ixy(Xo h,)(Yo - hy) 
Iw is the warping constant of the compression flange and lip 
(4) 
(5) 
Ix. Iy are the second moments of area of the compression flange and lip about the x and y 
axes respectively 
Ixy is the product second moment of area of the compression flange and lip about the x 
and y axes 
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The elastic critical stress for distortional buckling derived by Hancock is: 
Wer 
a ~-
er Z (6) 
where CYl' CYz, and CY3 are characteristic values related to k,p, A and the dimensions of the 
compression flange and lip. Ar is the gross area of the flange and lip and Z is the elastic 
section modulus of the whole cross-section. 
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Figure 6 Comparison of design expressions with GBT for channel section beams 
Figure 6 compares the results given by Hancock's expressions and GBT for two channel 
section beams. It can be seen that, as the web depth increases, the values of the distortional 
buckling moment given by Hancock's expressions become higher due to the neglect of the 
web local buckling and the assumption of fixity at the bottom (tension) end of the web as 
shown in Figure 5. In order to improve the accuracy of the design expressions, 
modifications have been made by authors by introducing a reduction coefficient into equation 





where (I' is the buckling stress of the web plate obtained from equation (6) with k~ = 0 and 
(Iw is the local buckling stress of the web plate. For a beam of symmetrical cross-section, 
this can be written as [9]: 
9 n;4 D 
32b;t~(=~~=)=2(=1=+==~;=1=2=+=(=1=+=9=b=~==r (9) 
Figure 6 shows that the modified design expressions give a better estimate of the critical 
bending moment than Hancock's expressions. 
Serrette and Pekoz's analysis was concerned with the bending behaviour of the outstanding 
legs of the cross-section when a bending moment is applied in a direction parallel to the axis 
of symmetry. The rotational spring stiffness k¢ was determined by: 
ktj>,. 
D 
Y (; + b3w ) (10) 
ktj>,as 
D y 
(d+ b2w) (11) 
Where k¢" and k¢,as are the rotational spring stiffnesses for symmetric sections and 
asymmetric sections respectively and bf is the width of the flange, 'Y:S; 1.0 is an empirical 
reduction factor to take account of the local buckling of the outstanding leg. 
In order to determine the minimum buckling stress, Serrette and Pekoz suggested that the 
following equation should be solved for a range of buckling wavelength values A: 
(12) 
where 0:1' 0:2' and 0:3' which have totally different definitions from Hancock's parameters, 
are characteristic values related to k,,;, " and the dimensions of the outstanding leg. Zg is the 
gross section modulus of the leg. 
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Although this calculation procedure appears to give good results, the requirement for iteration 
to find the minimum stress can cause over-elaborate calculations. As this calculation is 
concerned with buckling in a single mode, and as it has already been shown that the buckling 
wavelength values A are independent of the load, the authors suggest that the buckling half 
wavelength can be assumed to be the same as that of column in pure compression, namely 
(
EI b )0.25 
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Figure 7 Comparison of the buckling half wavelength calculated with equations 
(13) and (14) and with GBT 
Figure 7 shows the half wavelengths from equations (13) and (14) for a channel section 
beam. It can be seen that, when compared with results given by GBT, the equations produce 
a good prediction of the half wavelength for distortional buckling. It should be noted here 
that a symmetric or asymmetric cross-section beam may buckle either symmetrically or 
asymmetrically. In the design for distortional buckling of the outstanding leg, the buckling 
stress for both symmetric and asymmetric buckling should be calculated with aid of equations 
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Comparison with tests 
Some typical channel section beams which were tested by Lovell [10] at the University of 
Salford have been analyzed using GBT. In these tests, a constant bending moment about the 
major axis was applied to the beam. In the analyses using GBT, based on the test 
arrangement, the loads were assumed to be applied through the shear centre of the cross-
section and the two ends of the beams were assumed to be simply supported with respect to 
lateral bucking and fixed with respect to torsion. 
In order to introduce a yield criterion into GBT, the Perry-Robertson equation and the 
equations in Eurocode 3 Annex 1.3 (Clause 6.1) [11] with an imperfection factor of 0.21 
were adopted. This procedure is in accordance with the trend in current design standards to 
express all cases of interaction between buckling and yielding in the fonn of a Perry-
Robertson equation. The analytical and test results for some of the specimens are compared 
in Figures 8 and 9. It can be seen from these results that the use of the Perry-Robertson 
theory without imperfections gave unsafe results whereas the use of the equations of 
Eurocode 3 with an imperfection factor of 0.21 gave conservative results. 
Conclusions 
GBT has a wide application to the analysis and design of cold-fonned beams. It can deal 
with a variety of problems which include buckling mode interaction, alternative loading 
patterns and load location by means of a simple unified approach. 
In the design of flexural members for distortional buckling, using the basic approach 
suggested by Hancock, modified expressio~~ which take account of local buckling in the web 
can be used to improve the accuracy of the prediction of the buckling stress. Similarly, 
equation (13) and (14) can be used to detennine the buckling half wavelengths in order to 
simplify the approach suggested by Serrette and Pekoz. 
In the design of a beam undergoing distortional buckling, the elastic buckling moment given 
by GBT or by one of the design approaches discussed above may be combined with design 
fonnulas such as the Perry-Robertson equation or the equations in Eurocode 3 in order to 
introduce a yield criterion. 
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COMPARISON OF TESTS OF PURLINS WITH AND WITHOUT CLEATS 
Gregory Hancock*, Michael Celeban** and Dan Popovic* 
SUMMARY 
The paper describes a series of tests on Z-section purlins lapped over three spans and 
subject to wind uplift loading. The purlins were not attached to the rafters by cleats. 
Sheeting was screw-fastened to the purlins and a range of bridging (bracing) members was 
used to prevent lateral deflection and twisting. The results of the tests are compared with 
earlier tests with the same configurations but including cleats at the supports. 
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In Australia, it is customary to use cleats at support points to connect purlins to the rafters 
of frames. The cleats provide both lateral and torsional restraints at the supports as well 
as acting as web stiffeners to prevent web crippling. Substantial test series on purlins with 
cleats have been performed in the vacuum test rig at the University of Sydney and were 
reported in the 10th, 11th and 12th Specialty Conferences on Cold-Formed Steel Structures 
in St Louis (Hancock et ai, 1990, Hancock et al 1992, .Hancock et aI, 1994) However, 
cleats are expensive items to attach to the rafters of frames and so a research project to 
investigate cleatless systems has been undertaken recently. 
As part of this project, a further test series has been performed on cleatless purlin systems 
under simulated wind uplift using the same purlin sizes, sheeting configuration and 
bridging systems as the earlier tests of purlin systems with cleats to allow direct 
comparison. The paper describes the cleatless purlin tests and compares the results with 
the earlier tests described in Hancock et al (1990). The forces in the bridging systems 
were found to be substantial and are compared with design formulae specified in the AISI 
Specification, Clause D3.2.1. 
2 TEST RIG 
The test consists of a vacuum chamber of length 21 metres (68 ft 10.5 in), of height 
4 metres (13 ft 1.5 in) and of width approximately 1 metre (39.3 in). The front and back 
planes (21 m x 4 m) consist of purlin and sheeting roofing systems sealed with plastic 
sheeting located between the purlins and metal roof sheeting. Cross-sections of the rig are 
shown in Fig. l.(a) (Tests CPI, CP2 and CP3) and Fig. l.(b) (Tests CP4 and CPS). The 
top, bottom and end planes consist of stiffened steel plating with the stiffeners external to 
the vacuum chamber. The plastic sheeting is attached to the top, bottom and end planes in 
such a way so as not to constrain the roofing system under test. 
Transverse support frames, as shown in l.(a) and l.(b), support vertical I-section steel 
members. The vertical members simulate rafters in prototype structures. The purl ins are 
directly attached to the vertical members with bolted connections. The purlins and sheeting 
are not attached to the vacuum chamber or support frames at any other point other than 
through the bridging members described in Section 3.4. 
Air is sucked from the chamber using a Nucon Exhauster with capacity 3600 m3 (127133 
ft3) per hour. The pressure in the chamber is controlled by an adjustable flap at the 
northern end which provides a controlled leak. The pressure difference between the inside 
and outside of the chamber is measured using two pressure transducers, one at either end 
of the rig. 
3 TEST SPECIMENS 
3.1 Overall Geometry 
Two different test setup configurations were used in this test program. The span 
dimensions of the three span lapped test specimens were 7 metres (22 ft 11.5 in) long by 4 
metres (13 ft 1.5 in) high, as shown in Fig. 2.(a) (Tests CP1, CP2 and CP3) and 
Fig. 2.(b) (Tests CP4 and CPS). Tests CPI, CP2 and CP3 had four lines of purl ins equally 
spaced at 1200 mm (47.2 in), with the line of the screws of the two outer purlins located 
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approximately 200 mm (7.9 in) from the top and bottom of the sheeting. Tests CN and 
CP5 had three lines of purl ins equally spaced at 1400 mm (55.1 in), with the line of the 
screws of the two outer purlins located approximately 600 mm (23.6 in) from the top and 
bottom of the sheeting. The test specimens were attached to the I-section rafters at 
7000 mm (22 ft 11.6 in) centres. The ribs of the sheeting were located vertically. 
3.2 Purlin Types and Dimensions 
Two Z-sections purlin types were used for the testing. Section Z20015, used in Tests CPI, 
CP2 and CP4, was nominally 200 mm (7.87 in) deep with 1.5 mm (0.059 in) nominal 
thickness. Section Z15019, used in Tests CP3 and CP5, was nominally 150 mm (5.91 in) 
deep with 1.9 mm (0.075 in) nominal thickness. 
In all tests, the purlins were oriented in such a way that the end spans had the narrow 
flange unsheeted and the centre span had the wide flange unsheeted. 
The dimensions and geometry of both sections are detailed in 3(a) and 3(b). 
3.3 Sheeting Types and Screw Fastenings 
BHP Building Products TRIMDEK HI-TEN ZINCALUME sheeting was used in all three 
test spans for all tests. The nominal sheeting thickness was 0.42 mm (0.017 in) (0.47 mm 
(0.019 in) including coating). 
In all tests, No. 12 x 45 hex head self-tapping screws with a washer under the head of 
each were fastened at every crest. In Tests CPI, CP2 and CP3, neoprene washers were 
used, but in Tests CN and CP5 cyclone washers were used due to the 600 mm (23.6 in) 
long cantilever spans at the top and bottom of the sheeting. 
3.4 Bridging 
Bridging was used in all tests, except Test CP2. The bridging consisted of unlipped 
channels bolted at each end to the webs of the purlins. One row of bridging in each span 
was used. The bridging in the CENTRE span was located at the purlin midspan as shown 
in Figs 2(a) and 2(b). The bridging in the end spans (NORTH and SOUTH) was located 
at points close to the point of maximum deflection for a three span continuous beam. 
Two sizes of bridging were used for the tests. In Tests CPI and CP3 (4 rows of purl ins), 
1200 mm (47.2 in) long 75 mm (2.95 in) x 32.5 mm (1.28 in) x 1.25 mm (0.05 in) 
channel bridging was used. In Tests CP4 and CP5 (3 rows of purlins), 1400 mm (55.1 in) 
long 75 mm (2.95 in) x 32.5 mm (1.28 in) x 1.0 mm (0.039 in) channel bridging was 
used. The bridging in Tests CPI and CP3 only spanned between the purlins and was not 
connected to external supports. The bridging designated 1-1-1 in Table I refers to one 
row of bridging in each span. The positions of the rows of bridging are shown for each 
test specimen in Figs 2(a) and 2(b). 
To prevent the whole system moving vertically during loading in Tests CP4 and CP5, a 
wheel system attached to the bridging was used during testing. The system consisted of 
steel wheels located at the bottom of the rig and were allowed to move inwards during 
loading. The vertical post fixed to the wheels was connected to the underside of the 
bottom purlin at the position of the bridging and prevented the purlins from moving up at 
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the bridging point. In this case, the member supporting the wheel was subject to a tensile 
force. The wheel system is shown diagrammatically in Fig. 4. From the figures, it can be 
seen that the wheels bore upon two telescopic horizontal arms which acted as a guide for 
the wheels. The telescopic arms consisted of two steel channels which slid over two 
standard RHS (Rectangular Hollow Section). The RHS were connected to a very stiff SHS 
(Square Hollow Section), which was mounted on the laboratory strong floor. The top RHS 
and the steel angles bolted to the vertical post were used to transfer the load from the 
wheels to the portable jack whilst the two steel channels were adjusted during testing. This 
was carried out to enable the steel channels to slide over the RHS without requiring force 
to overcome the wheel loads. The extension of the arms allowed the wheel to move further 
inwards until the end of the test. The locations of the wheel system are shown in Fig 2.(b). 
3.5 Laps and Bolts 
BHP Building Products M12 Grade 8.8 (ASTM A325 0.5 in), 30 (1.18 in) mm long bolts 
were used for all bolt connections on test specimens. All bolts were torqued to 40 ft.lbs. 
(54 Nm). Two bolts at 80 mm (3.15 in) spacing were used to attach the flange to the 
rafters at the mid supports and one bolt was used at the end supports to bolt the flange 
onto the rafter. The ends of the purlin laps were each connected with two bolts by placing 
one of them at the unsheeted flange and the other at the web, closer to the sheeting. 
3.6 Measured Proof Stresses of Purlins 
The proof stress and tensile strength were determined by carrying out tensile coupon tests 
in accordance with AS 1391-1991 "Mcthods for tensile testing of metals". One coupon was 
cut from the ccntre of the web of the purlins from Row 2 for each test. The average proof 
stress and tensile strength determined from these coupon tests are 529 MPa (76.7 ksi) and 
555 MPa (80.5 ksi) respectively for the Z20015 Section and 511 MFa (74.1 ksi) and 542 
MPa (76.0 ksi) respectively for the ZI5019 Section. 
4 TEST PROCEDURE AND INSTRUMENTATION 
4.1 Instrumentation 
4.1.1 Displacement and Pressure Transducers 
The tests were instrumented to electronically measure displaccments and pressurcs. The 
positions of the displacement transducers are shown in Fig. 5.(a). Each purlin had a 
transducer attached to its midspan point at the outside corner between the flange and the 
web of the purlin to measure horizontal deflections. These transducers were connected to 
the test specimen with long wires, as shown in Fig. 5.(b), so that displacements normal to 
the direction being measured did not produce a significant alteration in the readings. Each 
purlin in Row 2 had at its midspan an additional pair of transducers to measure vertical 
deflections of the front (unsheeted) and back (sheeted) flange. Due to the complex setup 
for measurement of vertical deflections, these rcadings had to be adjusted for inward 
displacements of the purlin. Each support of the northern span of Row 2 had a pair of 
transducers used to measure the distortional deformation of the unsheeted flange by 
measuring deformation of the flange-web junction parallel with the web, and the vertical 
deformation of the sheeted flange by measuring the vertical deformation web of the purlin 
at a distancc approximately equal to the lip depth from the sheeting. The positions of 
these transducers are shown in Fig. 5.(b). 
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Two pressure transducers were used, one at each end of the vacuum rig. The pressure 
applied to the test specimen was a pressure difference between the outside air and the air 
inside the chamber. The instrumentation was connected to a data logger which consisted 
of a SPECTRA automatic data acquisition system interfacing to an IBM compatible 
computer. 
4.1.2 Strain Gauges 
To determine the force restraining the bridging members during loading in Tests CP4 and 
CPS, strain gauges were attached at the sides of the vertical post holding the wheels at 
each span. Four gauges were attached on two opposite sides with two on each side, and 
were positioned near the mid height of the vertical post, as shown in Fig. 4. 
4.2 TEST PROCEDURE 
The pressure was generally increased in 0.1 kPa (2.1 pst) increments until the vicinity of 
failure where the increment was reduced to approximately 0.05 kPa (1.04 pst). Readings 
of pressure and displacement were taken at all increments. Readings were normally taken 
after unloading to determine the permanent deformation in the structure. 
5 TEST RESULTS 
5.1 Measured Failure Pressures 
A complete summary of the measured pressure differences at failure is given in Table 1. 
The range varied from 1.90 kPa (39.7 pst) for the ZI5019 purlin in three rows with 
bridging and wheel supports (Test CPS) to a value of 2.58 kPa (53.9 pst) for the Z20015 
purl in in four rows with bridging but without wheel supports (Test CP1). 
5.2 Failure Modes 
In all tests, failure occurred in the end spans (NORTH or SOUTH) at the points of 
maximum deflection. In Tests CPI, CP2 and CP3 (four rows of purlins, no wheel 
supports) failure occurred in the two middle rows of purl ins (Rows 2 and 3). In Tests CP4 
and CPS (three rows of purlins and wheel supports) failure initially occurred in either of 
the two lower rows of purlins (Rows 1 and 2) followed by the failure in the other rows. 
In Test CPI, the end supports failed at an applied pressure of 2.15 kPa (44.9 pst) by the 
bolt pulling through the purl in flange. The test was stopped and continued after placing a 
5 mm (0.2 in) thick 50 mm (1.97 in) x 50 mm (1.97 in) washer between each bolt head 
and the flange at the end supports. To eliminate the problem of bolts pulling through the 
flanges, the same washers were used for all further tests. After reloading, Test CPI failed 
in Rows 2 and 3 of southern span by flange-web local buckling at the point of bridging 
and by distortional buckling next to it. Test CP2 failed in Rows 2 and 3 of the northern 
span by flange-web local buckling at the point of maximum deflection. The direction of 
the buckle was opposite in the purlins in Rows 2 and 3. Prior to failure, the purlins 
showed the intention to twist with local buckles along the flange and web. Test CP3 
failed in Rows 2 and 3 of the southern span by flexural-torsional buckling and distortional 
buckling near the bridging. This failure was followed by distortional buckling at the point 
of bridging in Rows 2 and 3 of the northern span. Although the first failure occurred at 
2.4? kPa (51.2 pst), due to catenary action, the system was able to sustain higher load. 
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The loading was stopped after applying a pressure of 2.55 kPa (53.2 pst). 
Test CP4 failed in Row I of the southern span by distortional buckling near the wheel 
support. This failure was followed by local and distortional buckling of all three purlins 
of the northern span in vicinity of the bridging. Test CPS failed in Row 2 of the northern 
span by distortional buckling at the point of bridging, followed by the failure of all other 
purlins in Rows I and 2, near the wheel supports. 
5.3 Load-Deflection Response 
Test CPI exhibited vertical deflections of the unsheeted and sheeted flanges on Row 2 of 
the order of 40 mm (1.57 in) for both at failure. The load deflection response was linear 
until failure. Test CP2 exhibited vertical deflections of the unsheeted and sheeted flanges 
on Row 2 of the order of 80 mm (3.15 in) and 40 rnm (1.57 in) respectively. The load-
deflection response was nonlinear elastic. Test CP3 had a response and vertical deflections 
very similar to Test CPI although the horizontal (inwards) deflections were much greater 
due to the smaller size of the purlins. The smaller vertical deflections of the unsheated' 
flanges of Tests CPI and CP3 compared with Test CP2 are a result of the torsional 
restraint provided by the bridging which reduced the transverse bending of the unsheated 
flange and distortion of the purlin web along its length. 
Tests CP4 and CPS exhibited vertical deflections of the unsheeted and sheeted flanges of 
the order of 10-20 mm (0.4-0.8 in) for both at failure. These are considerably smaller 
than Tests CPI and CP3 due to the restraint provided by the wheel support. 
In Tests CPl, CP2 and CP3 (4 rows of purlins), the horizontal displacements of the two 
middle purlins (Rows 2 and 3) were much higher than the displacements of the other two 
purl ins (Rows I and 4). In Tests CP4 and CPS (3 rows of purlins), the horizontal 
displacements of all three rows of purlins were very similar with slightly lower deflections 
of the bottom purlin (Row I). 
5.4 Loads On Top, Centre And Bottom Purlins 
The line loads on the purlins may be computed from the average line loads on the 
assumption that the relative deflections are a result of the relative loads. The apparent 
flexibilities were computed from the horizontal deflections of the four rows of purlins. The 
values of flexibility were based on the deflections at 1.0 kPa (20.9 pst), 1.5 kPa (31.3 pst) 
and 2.0 kPa (41.8 pst) (1.9 kPa (39.7 pst) for Test CPS) and not those at ultimate. There 
may be a redistribution of loads between the purl ins as the ultimate load of the system is 
approached. The computed values of the load factors and hence line loads on the purlins 
are set out in Table 2. 
In tests with four rows of purlins (Tests CPI, CP2 and CP3), the two middle purlins 
(Rows 2 and 3) had a load factor on the inner purl ins in the range 1.23-1.30 and failure 
occurred in those purlins. In tests with three rows of purlins (Tests CP4 and CPS), the 
purlins (Rows 2 and 3) had a load ratio slightly higher than the bottom purlin. 
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5.5 Strain Gauges Measuring Forces In Bridging 
The measured strains in the instrumented vertical RHS of the wheel system were used to 
calculate the force in the RHS during loading for both Tests CP4 and CPS. The force in 
the RHS was calculated using Esteel 200,000 MPa (29000 ksi), the average measured 
strains in microstrain and the nominal cross section area of the RHS section of 
A = 616 mm2 (0.9S in2). The resultant forces in the bridging system during the loading 
and unloading procedures are shown in Figs 6 and 7 respectively. 
For both tests, the forces in the bridging system at the northern span were slightly lower 
than for the others, probably due to the initial clearance between the wheels and the two 
telescopic horizontal arms. 
6 COMPARISON OF TEST RESULTS WITH CLEATED TESTS 
The failure pressures, average line loads per purlin, computed load factors and line loads 
on the inner purl ins for Tests CPI, CP2 and CP3, and for the top two purlins for Tests 
CP4 and CPS are given in Table 2. The load factor of 1.30 for Test CP2 may be slightly 
high due to nonlinearity in the load deflection response of this test. The equivalent cleated 
test nomenclature from Series 1 (Hancock et al, 1990) is given along with the failure loads 
of the equivalent cleated tests. The final column in Table 2 contains the ratios of the 
cIeatless to cleated test failure loads. The ratios range from 0.98 to 1.IS and indicate that 
the cleatless purlins are generally as strong as the cleated systems provided the bolts do 
not pull through the flanges where the purlins attach to the rafters. The only test where 
the ratio was less than 1.00 is CP4 which is a slender Z200lS section with bridging tied 
back to a rigid support which produced localised stress and failure at the restraint point. 
The tests without cleats and without the bridging being tied back to rigid supports have an 
increase in load capacity on average of approximately 10 percent over the cleated purlins. 
7 COMPARISON OF BRIDGING FORCES WITH SPECIFICATION VALUES 
In Section D of the AISI Specification, Clause D3.2.1, design rules are given for the 
anchorage of Z-seetion purl ins with sheeting attached to one flange and subjected to 
gravity load. Equation D3.2.l-6 gives design forces for multi-span systems with midspan 
restraints, The design rules are based on a first order elastic stiffness model by Murray 
and Elhouar (198S) and Murray and Seshappa (1986). As such, they are equally 
applicable for wind uplift or gravity load except that the direction of the brace force is 
reversed. They have been applied to the test specimens CP4 and CPS to compare the test 
values with the design values. The test values are given in Figs 6 and 7 for Tests CP4 and 
CPS respectively. At a test value of 2.0 kPa (41.8 pst), the bridging forces are in the 
range S,S - 7.S kN (1.23 - 1.68 kips) for Test CP4 and approximately 7 kN (1.S8 kips) for 
Test CPS (ignoring the northern gauge). 
Using Eq. D3.2.1-6 of the AlSI Specification, the corresponding force values are 17.2 kN 
(3,86 kips) and 17,8 kN (3.99 kips) for Tests CP4 and CPS respectively. The 
experimental values are much less than the theoretical values indicating that the resistance 
to lateral movement in the test specimens is provided by greater torsional restraint from 
the sheeting than has been assumed in the design model. The experimental values are of 
the order of 30-40 percent of the theoretical values. 
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8 CONCLUSIONS 
Results of tests on the three span lapped Z-purlins without cleats are set out in this paper. 
The test rig appears to have functioned satisfactorily with no apparent difficulties in 
controlling the applied pressure. No restraint was applied to the purlins and sheeting other 
than that of the flanges supported on the rafters, the attachment of the bridging between 
purlins and the wheel supports in Tests CP4 and CPS. 





The single bolt end support cleatless connection has a very low capacity due to the 
bolt pulling through the flange and prying action resulting from twisting. The 
dcsign has to be modified or a washer similar to the one used for the tests has to 
be used if the load capacity of the connection is to be equal to the load capacity of 
the purlin. 
The Z20015 purlin with no bridging twisted more than that with bridging and 
produced a more nonlinear response especially for deflections normal to the plane 
of the wall. As a consequence, the Z200 IS purlin with bridging was stiffer in 
bending in its plane than that with no bridging. The failure load for the Z20015 
purlin with bridging but no wheel support (Test CPI 3.23 kN/m (18.5 lbs/in) was 
5 percent greater than that for the same section with no bridging (Test CP2 
3.07 kN/m (17.6 lbs/in), and 11.8 percent greater than that for the same section 
with bridging and a wheel support (Test CP4 2.89 kN/m (16.5 Ibs/in». The failure 
load for the Z ISO 19 purlin with bridging and no wheel support (Test CP3 
3.05 kN/m (17.4 Ibs/in» was 16.4 percent greater than that for the same section 
with bridging and a wheel support (Test CPS 2.62 la'\!/m (15.0 lbs/in». [t is clear 
that restraint from the bridging being tied back to a wheel support lowers the load 
capacity, probably as a result of local and distortional failure in the vicinity of the 
bridging. 
The vertical deflections (40 mm (1.57 in» of the sheeted flange of the purl ins with 
bridging but no wheel support (Tests CPI and CP3) are considerabiy greater than 
those deflections (10 - 20 mm (0.4 - 0.8 in» of the purlins with bridging and a 
wheel support (Test CP4 and CPS). The magnitude of the deflections for the 
purlins whose bridging is not tied back to a rigid support are probably unacceptable 
in practice. 
The ratios of the failure loads of the cleatless tests to those of the cleated tests 
range from 0.98 to 1.15 and indicate that the cleatless purl ins are generally as 
strong as the cleated systems provided the bolts do not pull through the flanges 
where the purlins attach to the rafters. 
e) The forces in the bridging are of the order of 30 - 40 percent of those predicted by 
Clause D3.2.1 of the AlSI Specification. 
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Test Purlin Number of Spans Rows of Purlins Bridging Wheel Supports Failure Pressure 
(kPa) 
CPl Z20015 3 4 1 - 1 1 No 2.58 
CP2 Z20015 3 4 No No 2.30 
CP3 Z15019 3 4 1 - 1 - 1 No 2.45 I 
CP4 Z20015 3 3 1 - 1 - 1 Yes 2.05 
-0\ 
.p. 
CP5 Z15019 3 3 1 1 - 1 Yes 1.90 
I 
(1 kPa = 20.88 
Table 1: Test Setup and Failure Pressures 
Test Failure Average Line 
Number Pressure Load per 
(kPa) Portion 
(kN/m) 
CP1 2.58 2.58 
CP2 2.30 2.30 
CP3 2.45 2.45 
CP4 2.05 2.73 
CP5 1.90 2.53 
---------------
Top two purlins of the three purlins 
Computed Computed 
Load Factor Line Load on 







(1 kPa = 20.88 psf) 









Table 2: Failure Pressures and Loads 
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Fig. l(a) Section of Vacuum Type Purlin Test Rig for Tests 
CPl, CP2 and CP3 (4 Rows of Purlins) 

















Fig. l(b) Section of Vacuum Type Purlin Test Rig for Tests 
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Fig.2(a) Test Specimen Dimensions for Tests CPt, CP2 and CP3 (4 Rows ofPurlins) 
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Notel Tests CP4 and CP5 had 3 rows of purlins so row 4 and its 
corresponding transducers 21, 27 and 33 did not exist 
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DETERMINATION OF PURLIN R-FACfORS USING A NON-LINEAR ANALYSIS 
c;atherine J. Rousch • J. Hancock t 
SUMMARY 
In both Australia and the U.S.A., the design procedure for purlins under wind uplift loading is 
based on the use of reduction factors (R-factors), which allow for the flexural-torsional or non-
linear twisting behaviour of purlins with screw-fastened sheeting. To date, all R-factors have 
been determined by testing. However, in the future it may be more efficient to obtain R-factors 
from numerical models to minimise testing. 
This paper shows how a numerical model of the twisting behaviour of channel and Z-section 
purlins can be used to generate R-factors. Comparisons between experimentally determined and 
numerically based R-factors are made. 
1 INTRODUCTION 
Roof and wall systems used throughout the world often consist of cold-formed steel channel 
or Z-section purlins screw-fastened to high tensile profiled steel sheeting. In Australia, the 
design of such systems is in accordance with the Australian Cold-Formed Steel Structures Code, 
AS 1538 (Standards Association of Australia, 1988), and is usually governed by wind uplift 
loading. A limit state version of this code, the Australian/New Zealand Cold-Formed Steel 
Structures Standard (Standards Australia/Standards New Zealand, 1996), is currently under 
development. In this amended draft standard, the design procedure for purlins under wind 
uplift loading is based on the use of reduction factors (R-factors), which allow for the flexural-
torsional or non-linear twisting behaviour of purlins with screw-fastened sheeting. The R-factors 
in the draft standard were determined by Johnston and Hancock (1994) for simple channel and 
simple Z-section purlins commonly used for roof and wall systems in Australia, including the 
sheeting, screw-fasteners, cleats and lap peculiar to Australia. The American Iron 
and Steel Institute (AISI) Specification (1991a), on which the draft Australian/New Zealand 
standard is based, also uses R-factors. However, these R-factors have been calculated for purlin-
sheeting systems peculiar to the U.S.A., and are generally lower than those given in the draft 
Australian/New Zealand standard. 
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To date, all R-factors have been determined from testing. However, in the future it may be more 
efficient to obtain R-factors from numerical models to minimise testing. A non-linear, out-of-
plane elastic analysis, developed at the University of Sydney by Rousch and Hancock (1994a, 
1994b), has been used to predict the failure loads and failure modes of roof and wall systems 
composed of simply-supported and continuous cold-formed steel channel and Z-section purlins 
under wind uplift loading. From the predicted failure loads, R-factors have been calculated. 
R-factors have also been determined from tests performed in a vacuum test rig at the Centre 
for Advanced Structural Engineering (1989, 1990, 1994) within the University of Sydney, the 
results of which have been published in Hancock et al (1990,1993). In this paper, comparisons 
between the experimentally determined -and numerically based R-factors are made. 
2 NON-LINEAR ANALYSIS MODEL 
A non-linear, out-of-plane elastic analysis, developed at the University of Sydney by Rousch 
and Hancock (1994a, 1994b), can be used to predict the failure loads and failure modes of 
simply-supported and continuous cold-formed simple channel and simple Z-section purlins screw-
fastened to sheeting, and subject to wind uplift loading. The analysis incorporates a dis-
torted purlin section model which is based on a combination of models developed by Pekoz 
and Soroushian (1982), and Thomasson (1988). 
2.1 Distorted Section Model 
Screw-fastened systems usually provide adequate transfer of both lateral and torsional restraint 
from the sheeting to the purlin. If adequate lateral restraint and some degree of torsional 
restraint is applied, both Z-sections and channels will undergo vertical deflection and twisting, 
including section distortion, as shown in Fig. l(a) for a simple Z-section and in Fig. l(b) 
for a simple channel. Pekoz and Soroushian (1982) proposed that the vertical bending stage 
be analysed using simple flexure theory, whilst the torsion stage be analysed by modelling 
the unconnected purlin flange, lip, and a section of the web as a beam-column on an elastic 
foundation. The stiffness of the foundation is idealised as a linear extensional spring of stillness 
k, located at the level of the unconnected purlin flange as shown in Fig. l(e). 
~When a uniformly distributed wind uplift or gravity load, q, is applied parallel with the purlin 
web, a uniformly distributed lateral load, w, is induced in the unconnected purlin flange. Pekoz 
and Soroushian calculated the lateral load induced in the uJl(:onnected flange of a simply-




where Q is the first moment of area of the beam-column section about the purlin centroidal 
x-axis perpendicular to the web, b is the total width of the unconnected purlin flange, and Ix is 
the second moment of area of the full or effective deflected purlin section about the centroidal 
x-axis perpendicular to the undeflected position of the web. 
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As a result of lateral deflection and twist, the second moment of area, Ix, is reduced according 
to the equation (Pekoz and Soroushian, 1982) 
where 
I ro second moment of area of the full or effective Ilndeflected purlin section 
about the centroidal x-axis perpendicular to the web 
H purlin web depth 
6 lateral deflection of the unconnected purlin flange 
(2) 
Pekoz and Soroushian that Q could be simplified by ignoring the contribntions of the 
purlin web and lip to the beam-column section, whereas Thomasson (1988) included both the 
lip and a section of the web of depth x in his calculations. Rousch, Rasmussen and Hancock 
(1993) demonstrated that Eq. 1 is valid for both simply-supported and continuous simple Z-
section and simple channel purlins under wind uplift loading when substantial torsional restraint 
is provided by the sheeting. The calculation of the beam-column moment, Q, shonld include the 
contribution of both the lip and a section of the web of depth x. For Australian made Z-sections 
and channels, x should be taken as being equal to 35 percent of the total web depth. The second 
moment of area, Ix, should be that of the full purlin section. 
Fig. 2(a) shows the beam-column section for a typical simply. supported purlin-sheeting system 
without bridging (bracing), including the axial compressive force, p, induced in the unconnected 
purlin flange by the in-plane bending, the induced uniformly distributed lateral load, w, given 
by Eq. 1, and the torsional restraint provided by the sheeting to the purlin, represented by a 
lateral restraint of stiffness k. Fig. 2(b) shows the same beam-column section with one row 
of bridging at the midspan, which effectively prevents lateral displacement of the unconnected 
purlin flange at that point. The bridging restraint is represented by a single spring of stiffness 
kB. 
2.2 Failure Criteria 
The stress distribution in the unconnected (compression) purlin flange of a screw-fastened chan-
nel or Z-section purlin under wind uplift loading can be calculated from the in-plane bending 
stresses determined from a linear, in-plane analysis, and the out-of-plane bending stresses de-
termined from the non-linear, out-of-plane analysis developed by Rousch and Hancock (1994a, 
1994b ). 
Analytical Stresses 
The in-plane bending stress, CTi, induceli in the compression flange of a channel or Z-section 




M", in-plane bending moment 
Z", elastic section modulus of the full deflected purlin section for the 
extreme compression fibre for bending of the whole section about 
the x-axis perpendicular to the web 
The in-plane bending stress, ai, is assumed constant across the width of the unconnected (com-
pression) purlin flange. 
The out-of-plane bending stress, ao , induced in the compression flange of a channel or Z-section 
purlin is given by the equation 
where 
Mybc out-of-plane bending moment applied to the beam-column section, 
comprised of the unconnected pm·lin flange, lip, and 35 percent 
of the web 
Zybc elastic section modulus of the beam-column section for bending 
about the centroidal y-axis of the beam-column section parallel 
with the web 
(4) 
The out-of-plane bending stress, ao , can be calculated at any point along the unconnected purlin 
flange. 
The total stress, a j, at any point along the unconnected pUrlill flange is therefore gi ven by the 
equation 
+ (5) 
Distortional Buckling Failure Stress 
A design method for the distortional buckliug of flexural members has been presented by Han-
.cock, Rogers and Schuster (1996). Distortional buckling of flexural members such as channel and 
Z-section purlins usually involves the rotation of the compression flange and lip about the flange-
web JUJlction, as shown in Fig. 3(a). The web undergoes flexure at the same half-wavelength as 
the flange buckle, and the compression flange may translate in a direction normal to the web. 
The flexure of the web involves double curvature transverse bending. The calculation rules ap-
plied by Hancock in the design for distortional buckling of channel and Z-section purlins which 
are prevented from twisting so that there is uniform compression across the flanges as shown in 
Fig. 3(b), are given in Eqs 6( a) and 6(b). The alternative equations for distortional buckling, 
which are based on a strength design curve that has been upgraded slightly from the original 
proposal, are given in Eqs 7( a) and 7(b). 
The distortional buckling failure stress, a e , in the compression flange of a channel or Z-section 
purlin can be calculated from the elastic distortional buckling stress, aod, and the yield stress, 
fy, as follows. 
un 
For (jod > O.5Iy: 
and for (jod :<; O.5jy: 
(jc = jy[O.055( fJ: - 3.6)2 + 0.237J y-;;;;; 
Alternatively, for (jod > 2.2jy: 
and for (jod :<; 2.2jy: 





The elastic distortional bnckling stress, (jod, can be calculated from the equations provided 
in Appendix A of Hancock, Rogers and Schuster, in Appendix D of the amended draft Ans-
tralian/N ew Zealand Cold-Formed Steel Structures Standard (Standards Australia/Standards 
New Zealand, 1996), or by a rational analysis (Papangelis and Hancock, 1995). These equations 
include the full section properties of the compression flange and lip. 
Local (Flange-Web) Buckling Failure Stress 
The local buckling failure stress, (jbw, at the purlin flange-web junction can be determined 
from the equations in the Australian Cold-Formed Steel Structures Code, AS 1538 (Standards 
Association of Australia, 1988), with the factor of safety removed: 
where 
d1 !f (jbw == [1.21- O.00013( t)V jylfy 
d1 clear distance between the flanges 
t nominal steel thickness exclusive of coatings 
jy yield stress of the steel 
Comparison of Stresses 
(8) 
The distortional buckling failure stress, (jc, calculated in the compression flange of a channel or 
Z-section purlin using Eqs 6 or 7, can be compared with the analytical stress, (j I/, calculated at 
the purlin flange-lip junction using Eq. 5. The flange of the section usually has a stress gradient 
across it when failure occurs, as shown in Fig. 3( c). Equations 6 and 7 are based on uniform 
stress in the flange, but it is assumed that these equations still applicable. The local buckling 
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failure stress, (Jbw, calculated at the pUl'lin flange-web junction using Eq, 8, can be compared 
with the analytical stress, (JJw, calculated at the flange-web junction using Eq. 5. 
The distortional buckling failure stress, (Je, and the local buckling failure stress, (Jow, can therefore 
be used in the non-linear analysis to predict the limit states of screw-fastened purlins under wind 
uplift loading. In the analysis, the applied uniformly distributed wind uplift load, q, is increased 
from zero until either (J J1 = (Je or (J Jw = (Jbw occurs at some point along the pUrlill span. If (J JI 
(Je, a distortional buckling failure mode is predicted by the analysis. If (Jjw = (Jow, a local 
(flange-web) bnckling failure mode is predicted. The load at which this occurs is the predicted 
purlin failure load, qf. 
3 VACUUM RIG TEST RESULTS 
3.1 General 
Simulated wind uplift tests on roof and wall systems composed of simply-supported and contin-
uous cold-formed simple channel and simple Z-section purlins screw-fastened to sheeting have 
been performed in the vacuum test rig at the Centre for Ad vanced Structural Engineering (1989, 
1990, 1994) within the University of Sydney. These included the Series 1 - 3 tests, the results 
of which have been published in Hancock et al (1990,1993), and the Series 7 tests, published in 
Rousch and Hancock (1995a, 1995b). 
The non-linear analysis developed by Rousch and Hancock (1994a, 1994b) and outlined in Sec-
tion 2 of this paper has been used to predict the failure loads and failure modes of the Series 1 
3 and Series 7 vacuum rig tests. The non-linear analysis incorporates the torsional restraint, 
k, provided by the sheeting to the attached purlin, and the bridging restraint, kB, as discussed 
in Section 2. The value of the torsional restraint, k, has been determined for the purlins in each 
of the Series 1 - 3 and Series 7 vacuum rig tests from purlin-sheeting connection tests carried 
out at the University of Sydney by Rousch and Hancock (1996). The test procedure employed 
was similar to the purlin-sheeting connection test method described in the AISI Test Procedures 
(1986). Rousch and Hancock reported that torsional restraint is dependent on the position of 
the screw-fastener across the purlin flange. For this reason, the purlins in the Series 7 vacuum 
rig tests were carefully screw-fastened at the mid flanges (Rousch and Hancock, 1995a, 1995b). 
The same care in aligning the snell's was not administered to the purlins in the Series 1 - 3 tests 
conducted earlier, however these have also been assumed to be screw-fastened at the mid-flanges. 
The value of the bridging restraint, kB, is dependent on whether the rotations at the purlin end 
supports (cleats) are assumed to be fixed or free in the non-linear analysis for the bending of the 
beam-colullln section about an axis parallel with the pUl'lin web. The fixed end rotation case 
assumes that the cleats completely prevent minor axis bending of the purlin, whilst the free end 
rot.ation case assumes that the cleats provide no restraint to minor axis bending. The restraint 
provided (Rousch and Hancock, 199.5a) by one row of bridging in each pnrlin span is equal to 
78 N /mm when the end rotations at the cleats are assumed fixed, and 88 N /mm when the end 
rotations are assumed free, The restraint provided by two rows of bridging in each purlin span 
is equal to 101 ?i/mm when the end rotations are assumed fixed, and 88 N/mm when the end 
rotations are assumed free. 
The data for each of the Series 1 - 3 and Series I \'acuum rig tests is included in Table 1. This 
data includes the purlin type, the number of spans, the number of rows of bridging in eacll span, 
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and the measured torsional restraint, k, provided to each purlin by the attached sheeting. 
3.2 Comparison of Tests with Non-Linear Analysis 
The experimental failure load, qExp, of each of the Series 1-3 and Series 7 vacuum rig tests is 
given in Table 2. As discussed in Section 2.2, the distortional buckling failure stress, (Je, and 
the flange-web buckling failure stress, (Jow, are used in the non-linear analysis to predict the 
failure load and failure mode of the purlins in each vacuum rig test. The values of (Je and 
(Jbu" calculated for the purlins in each vacuum rig test using Eqs 7 aud 8 respectively, and the 
failure loads, qfF,nd and qlFw' predicted by the anaylsis when the rotations at the purlin end 
supports are assumed fixed and free respectively, are given ill Table 2. The ratios, qE:rp/ qfpix,d 
and qExp/ qlFm' of the experimental fanure load to the predicted failure loads are also given for 
each test in Table 2. 
The ratio of the analytical stress, afl, calculated at the purlin flange-lip junction at failure, to 
the distortional buckling failure stress, a e , and the ratio of the analytical stress, (Jfw, calculated 
at the purlin flange-web junction at failure, to the local buckling fajlure stress, (Jbw, are given in 
Table 3 for both cases of fixed and free rotations at the purlin end supports. A ratio of afl/ac 
equal to 1.0 indicates a predicted failure mode of distortional buckling, whilst a ratio of (J fw/(Jbw 
equal to 1.0 indicates a predicted failure mode of flange-web buckling. From the ratios in Table 
3, it can be seen that, in some tests, the purlins are predicted to fail by either distortional 
buckling or by flange-web buckling, as both ratios are close to unity. This is pa.rticularly the 
case for the purlins in the unbridged tests. 
The predicted failure modes and their locations along eaclJ purlin span aTe compared with the 
actual vaCUUlll rig test fajlures in Fig. 4 for Serles 1, Fig. 5 for Series 2, Fig. {) for Series 3 
and Fig. 7 for Series 7. For the cases where both distortional and flange-web buckling failure 
are a possibility, the failure (mode and location) which best matches the actual test failure has 
been chosen. These failures are indicated in Table 3 in italics. In all but four cases (Series 1 
Test 4(A), Series 2 Tests 2 and 3, and Series 3 Test 3), the failure predicted by the non-linear 
analysis when the end rotations are assumed fixed is the same as that predicted when the end 
rotations are assumed free. The failure predicted for Series 1 Test 4(A) best matches the actual 
test failure when the end rotations are free, whilst the failures predicted for Series 2 Tests 2 and 
3 and Series 3 Test 3 best match the actual test failures when the end rotations are fixed. 
From Figs 4-7 it can be seen that there is very good correlation between the predicted failures 
and the actual failures for all tests except Series 1 Test 6. The purlins in this test failed by 
distortional buckling at the end of a lap in the interior span, not, as predicted by the analysis, 
by distortional buckling at the bridging. Failure at the end of a lap indicates that perha.ps larger 
purlin sections, Z20019 sections for example, were used in one or both of the end SpallS instead 
of Z20015 sections as specified. (It is COllllllon practice in industry to llse a larger section if the 
section specified is not available.) The relatively high ratios of qE"p/qIFiX," and qE"p/qfp", for 
Series 1 Test 6, equal to 1.395 and 1.479 respectively, support this theory. 
The meal! ra.tios of qExp/qfFiI<d and qExp/qJF'" for the tests with no bridging, oue row of 
bridging and two rows of bridging have been tabulated, along with the corresponding standard 
deviations, in Table 4. Series 1 Test {) has been excluded from these calculations. The values 
in Table 4 indicate that the non-linear analysis predicts failure loads closer to those determined 
experimentally when the end rotations are assumed to be fixed than when they are assumed to 
be free. 
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4 DESIGN CRITERIA 
4.1 Reliability Analysis 
The reliability or safety index, {3, is a relative measure of the reliability or safety of a structure 
or structural element. When two designs are compared, the one with the larger {3 is the more 
reliable. The reliability index accounts for the uncertainties and variabilities inherent in the 
design parameters, such as the material properties, geometry, and applied load. 
To calculate the reliability index, a First Order Second Moment (FOSM) method, described by 
Ellingwood et al (1980), can be used. This method is outlined in the AlSI Commentary (1991 b). 
Because of the uncertainties and variabilities in the applied load, Q, and resistance, R, the exact 
probability distributions of Q and R (both assumed to have lognormal distributions) are' not 
known. However, the mean applied load, Qm, and mean resistance, Rm, and the corresponding 
variances VQ and VR, can be used to calculate the reliability index, {3: 
The mean resistance, R m , is given by the equation 
where Rn is the nominal resistance, and 
Pm mean ratio of the experimentally determined failure load to the predicted 
failure load for the actual material and cross-sectional properties 
of the test specimens 
Mm mean ratio of the actual yield stress to the minimum specified (nominal) 
yield stress 
Fm mean ratio of the actual specimen thickness to the nominal thickness 
The variance VR is given by the equation 




The nominal resistance, R n , for a screw-fastened purlin under wind uplift loading must satisfy 
the equation 
(12) 
where 1> is the resistance (or capacity) factor, and 
Q = W" 0.8G (13) 
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IVu and G are the applied wind uplift and dead loads respectively. The load combination 
Wu 0.8· G is given in the Australian loading code, AS 1170.1 (Standards Association of 
Australia, 1989a). 
As mentioned earlier, the exact probability distributions of Q, and hence of Wu and G, are not 
known. However, the mean load, Qm, can be expressed as 
(14) 
where Wum and Gm are the mean wind uplift and dead loads respectively. The corresponding 
variance, VQ, is given by the equation (AISI Commentary, 1991b) 
(15) 
where Vw and VG aTe the variances of 111" and G respectively. Ellingwood et (1/ analysed load 
statistics to show that Gm 1.05G and VG = 0.1. The value of 1.05 indicates that dead loads 
are, on average, underestimated. Holmes (1995) derived the parameters W"," = 0.42Wu and Vw 
= 0.37 by application ofthe Australian wind loading code, AS 1170.2 (1989b). 
From Eqs 12-14, and by assuming that Gm 1.05G, W"m = 0.42Wu, and G/W" = 0.1, 
By substituting VG 0.1 and Vw = 0.37 into Eq. 15, VQ = 0.494. 
Substitution of Eqs 10, 11, 16 and VQ = 0.494 into Eq. 9 gives 
f3 = In((Pm . Mm . }~)/0.342· </» 
JV2 + y2 + y2 + 0 4942 P M P • 
(16) 
(17) 
The resistance factor, </>, can be calculated for a fixed target value of the reliabilty index, f3 = 
2.5 (AISI Commentary, 1991b). 
From the experimental and predicted failure loads given in Table 2, the resistance factors of 
both the bridged and unbridged purlins have been calculated using Eq. 17 with f3 2.5. These 
resistance factors, together with the parameters Pm, Vro , Fm and their corresponding variances, 
yp, \1;\1 and Yp, are given in Table 5. The resistance factors 0.913 and 0.9, calculated for the 
unbridged purlins when the end rotations in the non-linear analysis are assumed fixed and free 
respectively, imply that the non-linear analysis is unconservative when estimating the failure 
loads of unbridged purlins, and so the predicted failure loads may need to be factored down. 
The resistance factors 0.992 and 1.131, calculated for the bridged purlins when the end rotations 
in the non-linear analysis are assumed fixed and free respectively, imply that the analysis is very 
accurate when estimating the failure loads of bridged purlins when fixed end rotations are 
assumed, but conservative when free end rotations are assumed. 
186 
4.2 Reduction Factors 
Clause 3.3.3.3 of the amended dra.ft Australian/New Zealand Cold-Formed Steel Structures Stan-
dard (Standards Australia/Standards New Zealand, 1996) states that the nominal member mo-
ment capacity, 111., of a channel or Z-section pnrlin loaded in a plane parallel with the web, and 
with the tension flange attached to sheeting and the compression flange laterally unbraced, is 







elastic section modulus of the effective deflected purlin section for the 
extreme compression fibre at fy for bending of the whole section 
about the x-axis perpendicular to the web 
(18) 
The reduction factors, or R-factors, in the draft standard were calibrated by Johnston and Han-
cock (1994) from the Series 1-3 vacuum rig tests (Centre for Advanced Structural Engineering, 
1989, 1990). 
From the failure loads, qiFixed a.nd qfp"" predicted by the non-linear analysis (assuming fixed 
end rotations and free end rotations respectively) for the purlins in each of the Series 1-3 and 
Series 7 vacuum rig tests and given in Table 2, nominal member moment capacities, MOF"ed and 
~MbFc",' can be calculated. Hence, from Eq. 18, corresponding R-factors, RFixed and RFree, can 
be determined. The values of fy, Zxejh IvJbFmd and RFixed, and 11·h Fm and RFree are given for 
the purlins in each vacuum rig test in Table 6. 
From the R·factors, RFixed and RFree, determined for each purlin test, average R·fact.ors have 
been calculated for the simply-supported and three-span continuous tests with no bridging, 
one row of bridging and two rows of bridging, and for the two-span continuous tests with no 
bridging, one row of bridging and two rows of bridging. Series 1 Test 6 has been excluded from 
these calculations. The average R-factors are compared with the R-factors given in the draft 
Australian/New Zealand standard in Table 7. 
Generally, the R-factors calculated from the analysis assuming fixed end rotations, RFixed, are 
closer to the values in the draft standard than those calculated assuming free end rotations, 
RFree. For the simply-supported and three-span continuous tests, RFixed is close to the value in 
the draft standard for the no bridging case, but conservative for one and two rows of bridging. 
For the two-spau continuous tests, RFixed is dose to the value ill the draft standard for the one 
row of bridging case, but uncollservative for the no bridging and two rows of bridging cases. 
Part. of the discrepancy between the average R-factors, RFired and RFree. determined from 
the predicted failure loads, and the R-factors in the draft standard, can be explained. Firstly, 
Johnston and Hancock calculated the R-factor for each of the Series 1 3 vacuum rig tests using 
a nominal yield stress, fy, of 450 lvIPa, whereas RFi:red and RPrce were calculated using the 
actual purlin yield stress, given in Table 6, Secondly, the R-factors in the draft standard were 
calculated from the average R-factors minus one standarri deviation. There is also a possibility 
t.hat the value of R = 1.0 given in the draft. standard for the simply-supported and three-span 
continuous cases witll two rows of bridging may need to be adjusted down to 0.95 if the Series 
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1 Test 6 results are removed from the data as discussed earlier. 
5 CONCLUSION 
A non-linear, out-of-plane elastic analysis has been developed at the University of Sydney by 
Rousch and Hancock to predict the failure loads, failure modes and R-factors of simply-supported 
and continuous cold-formed simple channel and simple Z-section purlins screw-fastened to sheet-
ing, and subject to wind uplift loading. The distortional and local (flange-web) buckling failure 
stresses were used in the analysis to predict the purlin limit states. The rotations at the purlin 
end supports (cleats) for the bending of the beam-column section about an axis parallel with 
the purlin web were assumed, in the first instance, to be fixed, and in the second, to be free. 
The predicted failures have been compared with those obtained experimentally in the Series 1 
3 and Series 7 vacuum rig tests performed at the Centre for Advanced Structural Engineering 
within the University of Sydney. The predicted R-factors have been compared with those in the 
amended draft Australian/New Zealand Cold-Formed Steel Strltctures Standard. 
Several observations can be made as a result: 
1. The failure modes predicted by the non-linear analysis, assuming either fixed or free end 
rotations at the cleats, compare closely with those obtained experimentally in the Series 1 
- 3 and Series 7 vacuum rig tests. The failure loads predicted assuming fixed end rotations 
are, on average, 7 percent higher than those predicted assuming free end rotations, and 
are closer to the experimental failure loads. 
2. Calculation of resistance factors showed that the non-linear analysis assuming either fixed 
or free end rotations at the cleats is unconservative when estimating the failure loads of 
unbridged purlins, and so the predicted failure loads may need to be factored down. When 
estimating the failure loads of bridged purlins, the analysis is very accurate when assuming 
fixed end rotations, but conservative when assuming free end rotations. 
3. The R-factors predicted by the analysis assuming fixed end rotations compare 'more closely 
with the R-factors in the draft standard than do those predicted assuming free end rota-
tions. This is particularly the case for purlins with one row of bridging. 
The value of R = 1.0 given in the draft standard for the simply-supported and three-span 
continuous purlins with two rows of bridging appears unconservative, and may need to be 
adjusted down to 0.95. 
From the above observations it can be concluded that the nOll-linear analysis developed by 
Rousch and Hancock can be successfully used to determine the failure loads, failure modes and 
R-factors of roof and wall systems composed of simply-supported and continuous screw-fastened 
simple channel and simple Z-section purlins, and subject to wind uplift loading. The rotations 
at the cleats should be fixed in the analysis to prevent minor axis bending of the purlin. 
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width of unconnected purlin ilange 
clear distance between ilanges 
yield stress 
mean ratio of actual specimen thickness to nominal thickness 
dead load 
mean dead load 
purlin web depth 
second moment of area of full deilected purlin section 
second moment of area of full undeilected purlin section 
torsional restraint 
bridging restraint 
nominal member moment capacity 
mean ratio of actual yield stress to nominal yield stress 
in-plane bending moment 
out-of-plane bending moment 
induced distributed axial compressive force 
mean ratio of experimentally determined failure load to predicted 
failure load 
applied uniformly distributed wind uplift or gravity load 
predicted failure load 
experimental failure load 
first moment of area of beam-column section 
or applied load 
mean applied load 
resistance 




variances of F, 1\1, P, Q and R respectively 
induced uniformly distributed lateral load 
wind uplift loa d 
mean wind uplift load 
depth of purlin web included in beam-column section 
elastic section modulus of full deilected purlin section 
elastic section modulus of effective deilected purIin section 
elastic section modulus of beam-column section 
reliability index 
lateral deilection of unconnected purlin ilange 
ilange-web buckling failure stress 
distortional buckling failure stress 
total stress 
stress at purlin ilange-lip junction 
stress at purlin flange-web junction 
in-plane bending stress 
out~of-plane bending stress 
e]astic distortional buckling stress 
resistance factor 
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Test Purlin Type No. Spans : Bridging k 
(N/mm2) 
SITl Z15019 3-span continuous 0-0-0 0.058 
S1T2 Z15019 3-span continuous 1-1-1 0.058 
S1T3 Z15019 3-span continuous 2-1-2 0.058 
SIT4(A) Z20015 3-span continuous 0-0-0 0.014 
SITS Z20015 3-span continuous 1-1-1 0.014 
S1T6 Z20015 3-span continuous i 2-1-2 0.014 
S1T7 Z20019 o3-span continuous 0-0-0 0.026 
S1T8 Z20019 3-span continuous 1-1-1 0.026 
S1T9 Z20019 3-span continuous i 2-1-2 0.026 
I 
I 
S2Tl Z30025 2-span continuous i 0-0 0.016 
S2T2 Z30025 2-span continuous 1-1 0.016 
S2T3 Z30025 2-span continuous 2-2 0.016 
S3T1(R) Z20024 simply-supported 0 0.041 
S3T2 Z20024 simply-supported 1 0.041 
S3T3 Z20024 simply-supported 2 o 0.041 
S3T4 C20024 simply-su pported 0 0.028 
S3T5 C20024 simply-supported 1 0.028 




S7Tl Z20015 simply-supported 0 0.023 
S7T2 C20015 simply-supported 0 0.018 
S7T3 C20015 simply-supported 1 
I 
0.018 
S7T5 C20015 simply-supported 2 0.018 
Table 1: Series 1 3 and Series 7 Vacuum Rig Test Data 
192 
! I i Fixed End Rotations : Free End Rotations Test qExp G c Gbw qFixed qsxp / qFixed qFree : qExp/ qFree 
(N/mm) (MPa) (MPa) (N/mm) (N/mm) I 
SlT1 2.31 374 488 3.003 0.769 2.988 I 0.773 
SlT2 2.63 374 488 2.419 1.087 2.234 1.177 
SlT3 2.98 391 488 2.563 1.163 2.438 1.222 
SlT4(A) 2.58 318 436 2.369 1.089 2.422 1.065 
S1T5 2.94 318 436 2.400 1.225 2.153 1.366 
S1T6 3.87 318 436 2.775 1.395 2.616 1.479 
S1T7 3.51 352 461 3.594 0.977 3.566 0.984 
SIT8 4.28 352 461 3.600 1.189 3.188 1.343 
SlT9 4.55 352 461 3.988 1.141 3.800 1.197 
S2T1 4.33 352 431 4.456 0.972 4.244 1.020 
S2T2 4.93 341 431 5.256 0.938 3.988 1.236 
S2T3 5.77 ! 342 427 6.275 0.920 5.763 1.001 
. S3T1(R) I 3.28 385 517 3.644 0.900 3.806 0.862 
S3T2 3.69 385 517 4.113 0.897 3.231 1.142 
S3T3 4.76 385 517 4.075 1.168 4.025 1.183 
S3T4 3.63 400 507 3.122 1.163 3.231 1.123 
S3T5 3.63 400 507 4.338 0.837 3.094 1.173 
S3T6 4.71 400 507 3.906 1.206 3.994 1.179 
S7T1 1.85 331 439 1.922 0.963 2.006 0.922 
S7T2 1.70 320 454 1.844 0.922 1.919 0.886 
S7T3 1.77 311 431 1.675 1.057 1.434 1.234 
S7T5 1.95 i 311 430 1.878 1.038 1.866 1.045 I 
Table 2: Comparision of Failure Loads 
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Fixed End Rotations Free End Rotations 
Test °Jdoc :O!wIObw Buckling Mode oj/lac! OJw/Obw Buckling Mode 
I 
SITI 0.86 1.00 Flange- Web 1.00 0.96 F- WIDist. 
SlT2 1.00 0.66 Distortional 1.00 0.62 Distortional 
S1T3 1.00 0.75 Distortional 1.00 0.67 Distortional 
SI T4(A) 1.00 0.87 Distortional 0.96 1.00 F-W/Diat. 
S1T5 1.00 0.65 Distortional 1.00 0.56 Distortional 
S1T6 1.00 0.74 Distortional 1.00 I 0.65 Distortional 
SIT7 1.00 0.96 F- WIDist. 0.94 1.00 F- W/Dist. 
SIT8 1.00 0.74 Distortional 1.00 0.57 Distortional 
SIT9 1.00 0.81 Distortional 1.00 0.71 Distortional 
~. 
S2T1 1.00 0.99 F-W/Dist. 0.78 1.00 Flange- Web 
S2T2 1.00 0.94 F- W/Dist. 1.00 0.72 Distortional 
S2T3 1.00 0.97 F- W/Dist. 1.00 0.92 F-W IDist. 
S3TI(R) 0.93 1.00 F- W/Dist. 0.86 1.00 Flange-Web 
S3T2 1.00 0.87 Distortional 1.00 0.63 Distortional 
S3T3 1.00 0.95 F- W/Dist. 1.00 0.86 Distortional 
S3T4 0.92 1.00 F- W/Dist. 0.80 1.00 Flange- Web 
S3T5 0.98 1.00 F-W/Dist. 1.00 0.63 Distortional 
S3T6 0.98 1.00 F-W lDist. 1.00 0.94 F-W I Dist. 
S7Tl 0.93 1.00 F- W/Dist. 0.89 1.00 Flange- Web 
S7T2 0.99 1.00 F- W/Dist. 0.87 1.00 Flange- Web 
S7T3 1.00 0.67 Distortional 1.00 0.55 Distortional 
! S7T5 1.00 0.85 Distortional 1.00 0.80 I Distortional 
Table 3: Predicted Failure Modes 
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Fixed End Rotations Free End Rotations 
Mean Standard Mean Standard 
qExp/ qFixed Deviation qExp/qFree Deviation 
No Bridging 0.969 0.119 0.954 0.115 
1 Row Bridging 1.033 0.148 1.239 0.086 
2 Rows Bridging * 1.106 0.107 1.138 0.092 
Table 4: Calculated Means - Series 1 - 3 and Series 7 (*excludes Series 1 Test 6) 
(3 = 2.5 lVIm VM Fm VF Pm Vp ¢ 
Unbridged Purlins 1.142 0.044 1.012 0.007 0.969 0.123 0.913 
Fixed End Rotations 
Unbridged Purlins 1.142 0.044 1.012 0.007 0.9.54 0.121 0.900 
Free End Rotations 
Bridged Purlins 1.123 0.034 1.014 0.006 1.067 0.123 0.992 
Fixed End Rotations 
Bridged Purlins 1.123 0.034 1.014 0.006 1.192 0.084 1.131 
Free End Rotations 
Table .S: Resistance Factors - Series 1 - 3 and Series 7 
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Test fy Zxeff A1bPOJed RFixed Mbpru. RFree 
(MPa) (mmS) (kNm) (kNm) 
SITI 487 2.447EH 11.38 0.955 11.32 0.950 
SlT2 487 2.447EH 9.17 0.769 8.47 0.710 
SlT3 487 2.389EH 9.71 0.835 9.24 0.794 
Sl T4(A) 520 2.612EH 8.98 0.661 9.18 0.676 
S1T5 520 2.612EH 9.10 0.670 8.16 0.601 
S1T6 520 2.612EH 10.52 0.774 9.92 0.730 
SIT? 495 3.800EH 13.62 0.724 13.52 0.719 
SlT8 495 3.800EH 13.64 0.725 12.08 0.642 
SlT9 495 3.800EH 15.11 0.804 14.40 0.766 
S2Tl 485 1.023E+5 32.48 0.655 30.94 0.624 
S2T2 485 1.099E+5 38.32 0.719 29.07 0.545 
S2T3 485 1.052E+5 45.74 0.897 42.01 0.823 
S3Tl(R) 529 5.293EH 22.32 0.797 23.31 0.833 
S3T2 529 5.293EH 25.19 0.900 19.79 0.707 
S3T3 529 5.293EH 24.96 0.891 24.65 0.880 
S3T4 518 5.395E+4 19.12 0.684 19.79 0.708 
S3T5 518 5.395EH 26.57 0.951 18.95 0.678 
S3T6 518 5.395EH 23.92 0.856 24.46 0.875 
S7T1 527 2.687EH 11.77 0.831 11.29 0.868 
S7T2 548 2.672EH 11.29 0.771 11.75 0.803 
S7T3 512 2.745E+4 10.26 0.730 8.78 0.625 
S7T5 510 2.749EH 11.50 0.820 11.43 I 0.815 
Table 6: R-factors Calculated from Non-Linear Analysis 
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Fixed End I Free End I Australian/New Zealand 
Rotations Rotations Draft Standard 
RFixed RFree R 
Simply-Supported & 3-Spa.n Continuous 
No Bridging 0.77 0.79 0.75 
One Row 0.79 0.66 0.85 
Two Rows 0.84 0.83 1.00 
2-Span Continuous 




One Row 0.72 0.55 0.70 
I Two Rows I 0.90 0.82 0.80 
Table 7: Comparison of R-factors for Simple Purlins 
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DEFLECTION DESIGN OF COLD-FORMED RHS STEEL BEAMS 
Xiao-Ling Zhao and Kwong-Ping Kiew 
SUMMARY 
The moment-deflection results of cold-fonned RHS (rectangular hollow section) steel beams are 
examined. A simple design approach is proposed to account for the effect that material non-
linearity has on deflection. A general expression is also derived to predict the deflection of cold-
fonned RHS steel beams. 
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DEFLECTION DESIGN OF 
COLD-FORMED RHS STEEL BEAMS 
Xiao-Ling Zhaol and Kwong-Ping Kiew2 
1. INTRODUCTION 
In Australia, cold-formed steel structures are generally designed to the Australian Cold-
Formed Steel Structures Standard AS 1538-1988 (SAA 1988), which is similar to the 
American Iron and Steel Institute Specification for the Design of Cold-Formed Steel 
Structural Members (AISI 1986). However, cold-formed RHS (rectangular hollow 
section) members manufactured in accordance with the Australian Structural Steel 
Hollow Sections Standard AS 1163-1991 (SAA 1991) are included within the scope of 
the Australian Steel Structures Standard AS 4100-1990 (SAA 1990). The strength 
design rules in AS 4100 for hollow sections are the result of Australian research 
performed over the past decade (Hancock 1994, Hancock and Zhao 1992, Hancock. 
Sully and Zhao 1994, Key 1988, Key and Hancock 1985, 1986, 1993a, 1993b, Key, 
Hasan and Hancock 1988, Hasan 1987, Hasan and Hancock 1989, Sully and Hancock 
1995, Zhao 1992, Zhao and Hancock 1991a, 1991b, 1991c, 1992a, 1992b, 1993, 1994, 
1995a, 1995b, 1995c, 1995d, Zhao, Hancock and Trahair 1995). 
The design rules in AS 4100-1990 for calculating the deflection of RHS beams are based 
on linear-elastic theory, whereby a constant value is assumed for the modulus of 
elasticity E of 200 GPa (29000 ksi). This is also the case in comparable overseas design 
Standards, e.g. Canadian Limit States Standard for Steel Structures CAN/CSA-SI6.1-94 
(CSA 1994). The rules in AS 4100 are documented in the Design Capacity Tables for 
Structural Steel Hollow Sections published by the Australian Institute of Steel 
Construction (AISC 1992). However, a value of E=200 GPa (29000 ksi) was derived for 
hot-rolled I-sections for which the steel exhibits essentially elastic-plastic behaviour 
followed by strain-hardening, and may be inappropriate for cold-formed RHS beams. 
The steel in this latter type of section exhibits a non-linear (rounded) stress-strain 
relationship up to maximum stress. This is due to the existence of large through-
thickness residual stresses which arise during the cold-forming process (Clarke 1992). 
Therefore, the steel in a cold-formed RHS beam yields gradually as load is applied to the 
member, and a non-linear (rounded) moment-deflection curve results. Tests show that 
using E=200 GPa (29000 ksi) may cause deflections to be significantly underestimated, 
which is the subject of this paper. 
The results of tests on cold-formed RHS beams of stress grades 350 MPa (51 ksi) 
(Hasan and Hancock 1989) and 450 MPa (65 ksi) (Zhao and Hancock 1991a) are 
examined. A simple, empirical design method is proposed to account for the effect of 
material non-linearity which amounts to mUltiplying the deflection calculated using 
linear-elastic theory under service-loading by a constant correction factor (:1.2). A non-
linear analysis is described which was conducted using estimates for the secant modulus 
E, calculated from test data using the Ramberg-Osgood stress-strain formula. A finite 
element analysis was also performed to predict the deflection of the test beams, and good 
1 Lecturer, Dept. of Civil Engineering, Monash University, Clayton. VIC 3168, Australia 
2 Postgraduate Student. Dept. of Civil Engineering, Monash UniVersity. Clayton, VIC 3168. Australia 
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agreement was obtained between the two approaches. As a consequence, a slightly more 
accurate estimate is proposed for the correction factor to the deflection calculated using 
linear-elastic theory, which amongst other aspects takes account of variation in the Jive-
to-dead load ratio Q/G. 
2. EXPERIMENTAL OBSERVATIONS 
2.1 General 
The moment versus mid-span deflection behaviour of a simply-supported RHS beam is 
shown schematically in Fig. 1, where Mu is the ultimate moment capacity of the beam, 
and M* and M. are the design bending moments corresponding to the strength and 
serviceability limit states, respectively. The term t:..1 is the mid-span service-load 
deflection predicted using linear-elastic theory, while .6.n and t:..xp are the mid-span 
service-load deflections either predicted using non-linear analysis or detennined 
experimentally, respectively. 
The shape of the moment-deflection curve shown in Fig. I is typical of cold-formed RHS 
beams acting under predominantly flexural conditions, and is discussed further in Section 
2.3. In contrast, hot-rolled I-section beams do not display non-linear behaviour until 
much higher values of the ratio MlMu, where M is the applied bending moment, which is 
described as follows. 
2.2 Hot·Rolled I·Section Beams 
According to Kulak et aI. (1995), the response of a hot-rolled or welded I-section beam, 
with a maximum longitudinal residual strain in the section equal to 0.3Ey (WRC-ASCE 
1971), is linear-elastic until the maximum moment reaches 0.70My, where My is the first-
yield moment and Ey is the yield strain. 
An experimental investigation conducted by Suzuki and Dno (1973) showed that the 
response of welded I-section beams was linear-elastic until the maximum moment 
reached 0.7Mp, where Mp is the plastic moment capacity of the section calculated using 
measured yield strengths. Similarly, experimental investigations by Suzuki and Dno 
(1970) and Udagawa et al. (1973) showed that the response of hot-rolled I-section 
beams was linear-elastic until the maximum moment reached between 0.80Mp and 
0.90Mp. 
For the situations described above, it can be demonstrated that the moment after which 
behaviour becomes non-linear is generally close to or larger than M •. Therefore, Iinear-
elastic theory (with E=200 GPa (29000 ksi» is generally adequate for predicting the 
deflection of hot-rolled I-section beams. 
2.3 Cold-Formed RHS Beams 
Experimental investigations by Hasan and Hancock (1989) and Zhao and Hancock 
(199Ia) have shown that the moment-deflection response of typical Australian cold-
formed RHS beams becomes non-linear when the applied moment is as low as O.2Mp. 
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Therefore, linear-elastic theory assuming E=200 GPa (29000 ksi) underestimates the 
deflection of cold-formed RHS beams at typical service load levels. 
The tests were reported in detail by Hasan and Hancock (1989) and Zhao and Hancock 
(1991 a). The rectangular hollow sections were manufactured in accordance with AS 
1163. A schematic view of the "bending test" set-up is shown in Fig. 2, noting that "a" is 
the shear span. The test details, specimen dimensions, average yield stress (Le. 0.2% 
proof stress for a rounded stress-strain curve) and compactness (C for compact, N for 
non-compact, S for slender) are summarised in Tables 1 and 2 for 450 MPa and 350 
MPa RHS beam~, respectively. One test was performed for each section of grade 450 
MPa, and the specimen numbers are designated BSI to BSI0. Two tests (on different 
specimens) were performed for each section of grade 350 MPa, and the specimen 
numbers are designated BS 11 a, BS 11 b to BS 19a, BS 19b. Therefore, all together twenty-
eight bending tests were performed. 
3. SIMPLE EMPIRICAL DESIGN METHOD 
It follows from Fig. 1 that for a rounded moment-deflection curve, the ratio D.explD.., 
increases with the ratio M,lMu, while the value of M,lMu depends on the values of the 
Iive-to-dead load ratio Q/G and the strength and serviceability load factors as described 
in Section 5. 
In order to derive a simple approach to determine the non-linear deflection D.n, the value 
of the ratio M,lMu is chosen as 0.60 for the following reasons. 
(i) In permissible stress design codes AISI-1986 and AS 1538, a typical safety factor 
of 1/0.60 is used for the design of beams. 
(ii) In limit states design of steel beams to AS4100-1990 (SAA 1990), the capacity 
factor $ is 0.90 for bending, and the strength load factors normally equal 1.25 for 
dead load G and 1.50 for live load Q (SAA 1989). Therefore, the ratio of the 
working load (G+Q) to the design load for strength approaches $11.5=0.60 (AISC 
1992). 
For each of the tests in Tables 1 and 2, the experimental and elastic deflections, D.exp and 
D..I respectively, were determined as follows: 
0) D.exp was measured at a mid-span service-load moment Ms=0.6Mu ; and 
(li) D..I was calculated assuming measured section dimensions and E=200 GPa (29000 
ksi) at a mid-span service-load moment Ms=0.6Mu. 
where Mu is the ultimate moment capacity obtained from the test. This is a slightly more 
conservative approach than having used Mu equal to nominal moment capacity of each 
beam. 
Values of the ratio D.explD.e/ are given in Table 1 for the tests on the 450 MPa RHS beams, 
which vary from 1.l4 to 1.32 with a mean value of 1.23. Similarly. for the tests on the 
350 MPa RHS beams the values vary from 1.11 to 1.31 with a mean value of 1.21. It can 
be concluded that the experimental deflection D..xP at a mid-span bending moment 
M=0.6Mu is on average about 20 per cent larger than that predicted using linear-elastic 
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theory. A correction factor of 1.20 is proposed as a simple empirical method to 
determine the deflection of cold-formed RHS beams, i.e. 
£lRHS 1.20 £lei (1) 
4. NON·LINEAR ANALYSIS 
4.1 General 
An approximate method for determining the deflection of stainless steel beams has been 
developed by Rasmussen and Hancock (1993). It involves modelling the non-linear 
stress-strain curve of the material with an explicit expression (Le. modified Ramberg-
Osgood formula), and calculating the secant modulus E,. Rasmussen and Hancock 
obtained good agreement using finite element analysis to verify the accuracy of the 
approximate method. 
The modified Ramberg-Osgood formula is given by the following expression, which 
closely represents the non-linear stress-strain curve of RHS beam material: 
e =~+O.OO2(~)· (2) 
E" (fa.1 
where, 
The deflection of a beam can be expressed as: 




in which P is the applied load, L is the beam span, I is the second moment of area and Es 
is the average of the secant moduli (Est and Esc) calculated at the extreme fibers in tension 
and compression. It is assumed in this paper that the secant modulus derived from 
compression coupon tests (Esc) is the same as that derived from tensile coupon tests (E~. 
The expression for Es is: 
E. =~ E.{1+0.002~(~)·-'}-' 
e (J' fI.1 (f 0.2 
(5) 
where Eo is the initial modulus of elasticity (Le. tangent modulus at e=O). 
The term Kv in Eq. 4 depends on the boundary and loading conditions. It is defined such 
that Eq. 4 reproduces the linear-elastic expression for the deflection when E. is replaced 
by Eo (Rasmussen and Hancock 1993). It is assumed that the stress at the extreme fibres 
can be determined using: 
cr k M 
• Z (6) 
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where M is the bending moment, Z is the elastic section modulus and k., is a stress factor 
less than or equal to unity. Suitable values of k., are determined by trial and error using 
test results and/or results obtained from finite element analysis. 
4.2 Determination of Parameter Values 
The value of parameter n in Eq. 3 is determined using stress-strain curves derived from 
tensile coupon tests of cold-formed steel sections. For the specimens referred to in 
Tables I and 2, the average value of n was about 5.0. 
After a lengthy trial-and-error process, a value of k,,=0.80 satisfactorily predicted the 
deflection of the 450 MPa RHS beams in Table 1 at a load of 60 per cent of the 
maximum load. For the 350 MPa RHS beams in Table 2, the stress factor k., is assumed 
to equal 0.8...J(cr/450)=0.71. This assumption is similar to the approach adopted in AS 
4100 to consider the effect of material yield stress, noting that the value of 0.71 is only 
slightly higher than a value of 0.67 suggested by Rasmussen and Hancock (1993) for a 
single-span stainless SHS (square hollow section) beam. 
4.3 Determination of Deflection 






in which cry is the yield stress (Le. 0.2% proof stress for a rounded stress-strain curve), 
SF is the shape factor of the RHS section and M* is the plastic moment capacity Mp. 
A typical comparison (specimen BS I) of the deflection predicted using Eq. 7 and that 
determined experimentally is shown in Fig. 3, where good agreement is obtained. 
4.4 FE Analysis 
The finite element program Strand6 (G+D Computing 1993) was used to simulate the 
behaviour of the cold-formed RHS beams referred to in Tables I and 2. Representative 
stress-strain curves of the test material were used in the simulation, noting that the 
through-thickness residual stresses in an RHS section are incorporated in the measured 
stress-strain curves (Clarke 1992). 
The results of the finite element analysis (again for specimen BS1) are compared in Fig. 3 
with those determined using non-linear analysis and the experiment result, where good 
agreement is obtained, The curve predicted using linear-elastic theory is also shown in 
Fig, 3 for comparison purposes, 
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5 LIMIT STATES DESIGN 
5.1 Load Combinations 
It can be seen from Fig. 1 and Eqs 7 and 8 that the deflection ratio ArlAe/ depends on the 
moment ratio M/M*, or equivalently on the load ratio P,IP*. 
Design load p* is calculated as follows as a combination of dead load G and live load Q 
(SAA 1989, NRCC 1995): 
P* = 1.25G + 1.50Q (9) 
This is different to the load combination (1.20G + 1.60Q) specified in ANSI 
A58.l(ANSI 1982). 
For normal office occupancy, the short- and long-term serviceability loads are calculated 
as follows (SAA 1989, Pham and Dayeh 1986): 
P,=G+0.7Q (10) 
P,=G+OAQ (11) 
This is different to the load combination (G+Q) specified in CAN/CSA-S 16.1-94 (Kulak 
et al. \995) and the AISI-1991 Specification (AISI 1991, Galambos and Yu 1984). 
In this paper, only the load combinations expressed by Eqs 9 and 10 will be considered. 
Similar results will be obtained if other load combinations are used. 
5.2 P JP* versus Q/G 
From Eqs 9 and 10 it follows that: 
~ G+O.7Q _ 1+0.7QfG 
M' r 1.25G+ 1.50Q -1.25+1.50QfG (12) 
This relationship between P,IP* and QlG is shown in Fig. 4. It can be seen that the ratio 
P,IP* increases rapidly as Q/G decreases, and its value varies from 0.80 when Q/G=O to 
0.467 for a large value of Q/G. 
It follows from Fig. 4 that P,IP*=0.54 when QlG=3. This value of Q/G was used to 
calibrate the AISC-LRFD Specification (AISC 1993, Galambos 1995). Similarly, for 
Q/G=5, P,IP*=O.5l. This value of Q/G was used to calibrate the AISI-LRFD 
Specification (AISI 1990, AISI 1991), noting however that the strength limit (Mu in Fig. 
I) in AISI-1991 is My rather than Mp. 
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5.3 An II:...! versus PJP* 
The correction factor K (=An IAel) given by Eq. 8 is plotted against PJP* in Fig. 5 with 
PJP* varying between 0.467 and 0.80 as explained in Section 5.2. Curves are given for 
both the 450 MPa and 350 MPa RHS beams in Tahles 1 and 2, for which average 
measured values of SF and cry are (1.19, 1.20) and (461, 374 MPa), respectively. 
It can be seen from Fig. 5 that the curves for the two steel grades are very similar, and 
that K varies from approximately 1.10 to 1.30. The value of K= 1.20 proposed in Section 
3 is clearly a mid-range value. 
5.4 An IAelastic versus QlG 
Substituting Eq. 12 into Eq. 8, it follows that: 
K I +O.002(~)k·SF>( I +O.7QI G )' 
cr, 0 L25+L50QIG (13) 
The relationship between K (=An fAel) given by Eq. 13 and QlG is shown in Fig. 6. 
Some typical values of the Q/G ratio found in floor and roof construction are presented 
in Table 3 (ADCM 1993). The corresponding values of PJP* and An IAeI (=K) have been 
calculated and are included in Table 3. It can be observed that the value of the correction 
factor K varies from 1.15 to 1.26, again indicating that the value of 1.20 suggested in 
Section 3 is a good approximation for some typical practical situations. 
6. CONCLUSIONS 
1) Tests on cold-formed RHS steel beams have shown that linear-elastic theory assuming 
a modulus of elasticity E of 200 GPa (29000 ksi) underestimates their deflection under 
service loading by approximately 20 per cent. 
2) During design, the effect of the non-linear stress-strain curve of the RHS steel can be 
taken simply into account by mUltiplying the deflection Ae/ calculated using linear-elastic 
theory by a correction factor K II:...!) to give the non-linear deflection An. 
3) As a simple rule, it has been shown that K equals 1.20. A slightly more accurate 
expression has been derived for K which amongst other aspects includes the live-to-dead 
load ratio Q/G in one of its terms. For some typical practical situations, it has been 
shown theoretically that K varies between 1.10 and 1.30, whereby the simple design 
approach of assuming K=I.20 is normally satisfactory. 
7. COMMENTS 
1) Only limited tests on cold-formed RHS steel beams were examined in this paper. In 
order to draw a more general conclusion on deflection design of cold-formed RHS steel 
beams, more tests are needed on RHS beams with different span lengths and different 
load cases. 
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2) The effect of the first loading event was examined in this paper, where a permanent 
set occurs once the load is removed. However, the serviceability deflections under live 
load may be less than those computed for the first loading event because upon reloading 
the member will follow the stiffer unloading path. 
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Initial modulus of elasticity 
Secant modulus 
Dead load 
Second moment of area 
Correction factor (=6.,/6..1) 
Factor used in vertical deflection calculation 
Stress factor (~I) 
Span 
Load 
Design service load 
Design load corresponding to strength limit state 
Bending moment 
Plastic moment capacity 
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My First-yield moment 
M, Design moment corresponding to service load 
M* Design moment corresponding to strength limit 
Mu Ultimate or nominal moment capacity 
n Parameter in modified Ramberg-Osgood formula 
Q Live load 
SF Shape factor 
t Wall thickness 
Z Elastic section modulus 
D.eJ Elastic deflection 
D.exp Experimental deflection 
D.n Non-linear deflection 
D.RHS Deflection of RHS beam 
~ Degree of shear connection 
e Strain 
ey Yield strain 
0' Stress 
0'0.2 0.2% proof stress 
0'0.05 Stress corresponding to 0.05% strain 
O'y Yield stress 
<I> Capacity reduction factor 
220 
ISpecimen DxB x t L a cry I Compact Ll."P Ll.el i'le,pl Ll.el 
I No. (rom) (rom) (rom) (MPa)i -ness (mm) (rom) 
BSI 100xlOOx3.8 1000 250 459 N 5.47 4.63. 1.18 
BS2 100x100x3.3 1000 250 435 N 5.20 .4.54 1.15 
I BS3 100x 100x2.8 1000 250 466 S 5.30 4.16 I 1.27 
BS4 75x75x3.3 1000 250 462 C 6.77 5.55 1.22 
BS5 75x75x2.8 1000 250 490 N 6.97 5.94 1.17 
BS6 75x75x2.3 1000 250 I 469 I S 6.73 4.80 1.40 
BS7 65x65x2.3 1000 I 250 479 N 7.46 6.54 1.14 
BS8 125x75x3.8 1000 250 448 C 5.20 4.22 1.23 
BS9 125x75x3.3 1000 I 250 452 C I 4.91 3.72 1.32 i 





-- -- 1.23 
COY -- -- -- 0.034 -- -- -- om I 
Table 1 Results for Grade 450 MPa RHS Beams 
Specimen D xB x t L a .1 cry Compact Ll.exp i'lel Ll.expl Ll.el 
No. (rom) (mm) (rom)'{MPa) -ness (rom) (mm) 
.---'--. 
BSlla 254x254x4.9 2400 800 418 S I 9.83 7.92 1.24 
BSlib 254x254x4.9 2400 800 418 S ! 10.08 7.67 1.3.1 I 
I BS12a 203x203x9.5 1600 400 438 C 7.11 I 6.00 1.19 i 
BS12b 203x203x9.5 1600 i 400 438 C 7.46 6.15 1.21 
! BS13a 203x152x6.3 1600 400 368 C 5.40 4.80 1.13 I BS13b 203x152x6.3 1600 360 368 C i 5.74 4.78 1.20 
BS14a 127x127x4.9 1600 400 378 C 7.77 7.00 1.11 
BS14b 127x127x4.9 1600 400 I 378 C 8.70 6.87 1.27 
BS15a 102x102x4.0 1000 250 373 C 4.57 3.91 1.17 
BS15b 102x102x4.0 1000 250 373 C 4.67 3.62 1.29 i 
BS16a 102x76x3.6 1000 250 i 341 C 4.35 3.77 1.15 
BS16b 102x76x3.6 1000 250 ! 341 C 4.60 3.90 1.18 I 
BS17a 89x89x3.6 1000 250 358 C 5.30 4.11 1.29 
BS17b 89x89x3.6 1000 250 358 C 4.67 3.78 1.24 I 
BS18A 76x76x3.2 1000 250 . 344 C 5.84 4.65 1.26 
BSI8b 76x76x3.2 1000 240 344 C 6.11 4.80 1.27 I 
BS19a 76x76x2.6 1000 250 347 N 5.00 4.40 1.14 
i BS 19b 76x76x2.6 1000 240 . 347 I N 5.00 4.43 1.13 
i mean -- -- -- 374 -- -- -- 1.21 
COY -- -- I -- 0.087 -- -- -- 0.05 
Table 2 Results for Grade 350 MPa RHS Beams 
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Component Material LID P, I p' lln Ill.l 
Floor ber 3.0 0.54 1.15 
Floor Concrete 0.50 0.68 1.23 
Roof Sheet 0.625 0.66 1.21 
Roof Tile 0.278 0.72 1.26 
Table 3 Typical Examples 
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M Figure 1 Moment versus Mid-span Deflection Behaviour 
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FINITE ELEMENT ANALYSIS OF 
HOLLOW FLANGE BEAMS WITH WEB STIFFENERS 
by P. Avery and M. Mahendran* 
Summary 
A new cold-formed and resistance welded section known as the Hollow Flange Beam (HFB) 
has been developed recently in Australia. In contrast to the common lateral torsional buckling 
mode of I-beams, this unique section comprising two stiff triangular flanges and a slender 
web is susceptible to a lateral distortional buckling mode of failure involving lateral 
deflection, twist, and cross-section change due to web distortion. This lateral distortional 
buckling behavior has been shown to cause significant reduction of the available flexural 
capacity of HFBs. An investigation using finite element analyses and large scale experiments 
was carried out into the use of transverse web plate stiffeners to improve the lateral buckling 
capacity of HFBs. This paper presents the details of the finite element model and analytical 
results. The experimental procedure and results are outlined in a companion paper at this 
conference. 
1. Introduction 
In recent years, thin-walled cold-formed high strength steel structural members are being 
widely used in various applications, including purlins, girts, portal frames and steel framed 
housing. Although cold-formed members have complicated behavioral characteristics, they 
are often more efficient than conventional hot-rolled steel members. One such member is the 
new Hollow Flange Beam (HFB) developed by Palmer Tube Mills Pty. Ltd. in December 
1993. This product is unique as it is the first cold-formed, hollow flange section to be mass 
produced anywhere in the world. The HFB is manufactured from a single strip of high 
strength steel (G450 steel with a minimum guaranteed yield stress of 450 MPa) using electric 
resistance welding. The structural efficiency of the HFB due to the torsionally rigid closed 
triangular flanges combined with economical fabrication processes was the basis of HFB 
development (Dempsey, 1990, 1991). Table I presents the details of the geometry of HFBs. 
The HFB, dubbed the "dogbone" because of its distinctive shape, was developed primarily for 
flexural applications (Dempsey, 1990, 1991, 1993, Heldt and Mahendran, 1992). However, 
research has identified that the flexural capacity of the HFB is limited under certain restraint, 
span and loading conditions by the lateral distortional buckling mode of failure shown in 
Figure 1 (Dempsey, 1990, 1991, Dunai and Horvath, 1990). Unlike the commonly observed 
lateral torsional buckling of steel beams, the lateral distortional buckling of HFBs is 
characterised by simultaneous lateral deflection, twist and cross-section change due to web 
distortion as seen in Figure 1. 














Table 1. Geometry ofHFB Sections 
Nominal Depth 
Mass of 




















































































HOLLOW "LANGE BEAM 
Figure 1. Lateral Torsional and Lateral Distortional Buckling Modes 
The cross-sectional distortion causes significant strength reductions, and is particularly severe 
in short to medium spans. Furthermore, because of its unique fabrication process, the HFB is 
not completely compliant with either the Australian Steel Structures (AS4100) or Cold-
formed Steel Structures (ASI538) codes (SA, 1988, 1990). Lateral distortional buckling is 
not encompassed by the design formulae contained in either of these codes, and an elastic 
buckling analysis is required to determine its eapacity. Therefore an investigation was 
eonducted to study the lateral distortional buckling behavior of HFBs and to quantifY the 
associated reduction in flexural strength, and to determine ways of eliminating this problem. 
It is generally known that web stiffeners and batten plates increase the lateral buckling 
strength of beams due to the local increment in the torsional and bending stiffnesses at the 
stiffened cross-section. Past research has demonstrated the use of different type of stiffencrs 
(Szewczak et aI., 1983). Stiffeners have also been found to improve the buckling capacity of 
members subject to distortional buckling as they act to prevent distortion by coupling the 
rotational degrees of freedom of the top and bottom flanges (Akay et aI., 1977). Therefore it 
is reasonable to expect web stiffeners to reduce cross-sectional distortion of HFBs and 
improve their performance. This expectation is supported by the findings of Bradford and 
Trahair (1981), that a reduction in the number of cross-section degrees of freedom improves 
buckling perfonnance. Studies by Szcwczak et al. (1983) and Takabatake (1988), while not 
directly relevant to stiffened HFBs, indicate that stiffened beams have a higher critical 
buckling load compared to unstiffened beams and that members with high relative torsional 
229 
stiffuess benefit most from the use of stiffeners. On this basis the HFB members with high 
torsional stiffness were expected to benefit significantly and this investigation was aimed at 
economically alleviating the lateral distortional buckling problem of HFB by the use of a 
suitable type, size, location and number of web stiffeners. 
For these purposes, a finite element analysis was first used to investigate the effects of a 
number of parameters such as stiffener type (plate and box-stiffeners), thickness (5 to 20 
mm), location (midspan, third or quarter points), number of stiffeners (both sides or one side 
only of the web), stiffener welding (welded to flanges only, web only or both), type of HFB 
section and span on the buckling behavior of HFBs under a uniform bending moment. The 
analytical model used was validated by comparing its results with those from a finite strip 
analysis and laboratory experiments. It was found that stiffening an HFB with 5 mm thick 
transverse plate web stiffeners at third points of the span could effectively eliminate lateral 
distortional buckling. 
This paper presents the details of the finite element model used in the buckling and nonlinear 
ultimate strength analyses of the stiffened HFBs, and the results obtained. A companion paper 
(Mahendran and Avery, 1996) presents the details of the buckling experiments conducted in 
relation to this study, which led to further refinements of the final web stiffener arrangement. 
2. Finite Element Analysis 
For this study, the finite element analysis program MSCINASTRAN (MSC, 1994) was used, 
with the pre-processor MSCIXL used for model generation, and the post-processors MSC/XL 
and A VS used for visualisation of results. All the computations were carried out on a 
CONVEX mini-supercomputer at QUT. 
2.1 Model Design and Implementation 
To analyse the lateral distortional buckling behavior of the HFB, two alternatives were 
available: 
1. Elastic buckling analysis to determine the critical buckling load and buckled shape. 
2. Non-linear static analysis (including geometric and material non-linearities) to determine 
the complete load-displacement behavior, including post-buckling. 
It was necessary to select elements that would model the expected primary actions of the 
structure. Considerations included the following: 
I. The section is subject to in-plane and bending actions, therefore the elements must be able 
to represent membrane and flexural behavior. 
2. It was known that distortion would occur, therefore the elements must allow all 
distortional and local buckling effects to be considered. 
3. The objective of the non-linear analysis was to investigate the lateral buckling behavior of 
the HFB extending up to and beyond the ultimate load. The web and flanges were 
expected to exhibit large deflections, hence the finite elements and the solution sequence 
must be able to handle large displacements and elasto-plastic deformations. 
4. If the model were to be three dimensional, the elements must be able to maintain rotation 
and displacement continuity around the circular flange comers. 
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The finite element available that satisfies all these criteria in the NASTRAN library is the 
quadrilateral shell element (QUAD4). This element is flat, with 4 nodes, and 6 degrees of 
freedom per node. The total stiffness matrix for this element is constructed by superimposing 
the bending and membrane stiffness. In the local coordinate system the stiffness 
corresponding to rotation about the normal to the element surface is assigned a small arbitrary 
value by the K6ROT parameter to prevent singularities. Element size and shape was chosen 
such that the aspect ratio was kept below I :4. The element with the minimum width, located 
on the flange radii, therefore limited the maximum longitudinal dimension of the elements 
and forced the use of a relatively fine mesh, with a maximum longitudinal element length of 
20 mm. Rectangular QUAD4 elements were used for most of the model avoiding distortions. 
The stiffeners were modeled using shell elements separated from the HFB section by a small 
gap and connected to the HFB mesh using a linear constraint equation. This approach 
provided the greatest flexibility, for example, by deleting the constraints connecting the 
stiffener to the web nodes, the model could easily be changed to represent a stiffener welded 
to the flanges only. Triangular shell elements (TRIA3) were used to model the stiffeners, as 
the trapezoidal shape of the stiffener forced unacceptable distortions of QUAD4 elements. 
The final mesh details can be seen in Figure 3. 
Preliminary investigations were confined to constant bending moment and simple supports 
because this is generally the most conservative loading distribution, and the current design 
charts were developed using this assumption (Dempsey et aI., 1993). This bending moment 
distribution was generated using two equal point loads located outside the span, as shown in 
Figure 2. 
Figure 2. Loading Arrangement 
Symmetry of geometry and loading about the center-plane of the span permitted modeling of 
only half the beam. This reduees the size of the model and hence solution time and 
computational effort. Although the cross-section was also symmetrical about its major and 
minor axes, it was necessary to model the full cross-section because the buckled shape is non-
symmetrical, and the planes of symmetry move with the beam as it buckles. The support 
constraints included vertical translation, lateral translation and twist. These are the conditions 
assumed for the derivation of the lateral torsional buckling formula used in both AS 1 53 8 and 
AS4100 (SA, 1990, 1988). The model was designed to transmit only major axis bending 
from the cantilever to the simple span, with the cantilever fully restrained against lateral 
deflection to prevent it from buckling. This was achieved by physically separating the 
cantilever and the simple span with a very small gap, and connecting them only with a linear 
constraint equation. In order to transmit only major axis bending, adjacent nodes on the 
cross-sections of the cantilever and the simple span were tied together with equal z-axis 
rotation (all nodes) and x-axis translation (nodes on the vertical centre-line axis only). This 
model was used for the large number of parametric studies using elastie buckling analysis, 
and for comparison with finite strip and theoretical solutions. However, some variations to 
this model were implemented to represent the actual experimental set-up as closely as 
possible. These are described by Avery and Mahendran (1996). 
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Figure 3. Finite Element Mesh of the HFB Model, Stiffener mesh and 
Web Distortion of Unstiffened Model 
In the nonlinear ultimate strength analysis including geometric and material nonlinearities, an 
initial imperfection of the beam was assumed as a linear variation in lateral displacement for 
all nodes on the cross-section, varying from zero at the support to a maximum value of two 
wall thicknesses at midspan. This value was recommended by Salmi and Talja (1992), which 
includes manufacturing tolerances and some allowance for the effects of residual stresses. 
The nonlinear model also included an allowance for stress dependent material properties, 
including a stress-strain curve of G450 steel (0.2% proof stress of 480 MPa and ultimate 
tensile stress of 570 MPa). 
2.2 Model Validation 
The convergence of the mesh was established by independently increasing the mesh density 
in each part of the HFB section (top of flange, radii, flange angles and web). The model was 
also analysed with increased mesh density in all parts of the section simultaneously, and with 
higher order elements (QUAD8s). The accuracy of the final model was validated by: 
232 
I. Comparison of an unstiffened model with existing solutions from a finite strip elastic 
buckling program (Dempsey, 1990). The model was found to give excellent agreement 
with these solutions. 
2. Experimental results from the testing of unstiffened and stiffened HFBs (Mahendran and 
Avery, 1996). 
3. Visualisation of the deformed geometry and stress contours. An animated sequence of the 
buckling was generated using the post-processor A VS and the results of a non-linear 
analysis. No significant stress discontinuities across the element boundaries were 
identified, and the deformation behavior conformed to the expected behavior. 
2.4 Preliminary Analyses 
Preliminary analyses indicated that with simple supports, the HFB exhibited no post buckling 
strength for the lateral distortional buckling mode of failure, therefore elastic buckling was 
deemed to be the most appropriate method of analysis. Before embarking on an extensive 
parametric study using buckling analyses, a small number of preliminary analyses were 
conducted to investigate the behavior of the HFB. These preliminary studies involved: 
I. Establishing that significant distortion did occur in HFBs, and that this distortion did 
cause a reduction in bending strength. This was done by visualisation of the results of a 
buckling analysis of an unstiffened beam. It was apparent that significant distortion of the 
web did occur (see Figure 3). Comparison of the lateral distortional buckling moment 
with the lateral torsional buckling moment indicated that a substantial reduction of 
bending strength occurred due to the distortional behavior of the section. 
2. Obtaining an indication of the likely benefits of using stiffeners, and gaining some insight 
into the mechanism by which the stiffener may improve the performance of the HFB. 
This was achieved by analysing a single model with a transverse web plate stiffener at 
midspan. This resulted in an increase of more than 10% in the elastic buckling moment 
of the member. This was considered to be significant enough to warrant further 
investigations. Visualisation of the stiffened HFB revealed that there was no distortion at 
the stiffener location, and significantly reduced distortion elsewhere in the span. 
2.5 Parametric Studies 
The proposed investigation embraced a range of parameters that could influence the lateral 
buckling behavior ofHFBs stiffened with web stiffeners. These parameters included: 
• Stiffener type - for example: transverse web (Rectangular Hollow Section or plate), 
longitudinal box or cross stiffener, located on one or both sides of the member. 
• Stiffener size - for example: 5 mm or 10 mm plate. 
• Stiffener welding - for example: welded to flange only, welded to web only or welded to 
both flange and web. 
• Stiffener spacing - for example: a single stiffener location at midspan or two stiffener 
locations at the third points of the span. 
• HFB section - it was thought that stiffeners may have a different effect on each of the 
various sections due to the different section properties, and particularly the web 
slenderness ratios. 
• Span - it was expected that the benefit derived from stiffening the HFB would be related 
to the distortional behavior, and hence be a function of the span. 
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• Bending Moment distribution - this variable was expected to be significant, but was 
given the lowest priority for the current project due to time constraints. Constant 
moment is generally the worst case and was therefore used for all analyses. 
To investigate these parameters, a large number of analyses were required. A significant 
proportion of the time required to obtain a single result is consumed in the pre-processing, 
that is, the definition of the geometry, mesh, loads and constraints. A FORTRAN program 
was therefore written to create an input file (.INPX) containing instructions for the pre-
processor to automatically generate a model of the HFB, with variables such as the section, 
span, and stiffener details specified through a screen interrogation or by providing an 
information (.INFO) file. A series of batch files were created to sequentially execute this 
program and the pre-processor, using the program output as input to the pre-processor. It was 
therefore possible to generate a large number of models with no user input other than the 
preliminary creation of the .INFO files, each containing six lines. Details of this method are 
given in Avery (1994). 
3. Finite Element Analysis Results and Discussion 
An extensive analytical parametric study into the buckling behavior of unstiffened and 
stiffened HFBs was carried out and the results are presented in this section. Effects of 
stiffener type and welding, stiffener thickness, location, and number of stiffeners were 
investigated using an elastic buckling analysis described in Section 2. The results obtained 
for the 300 90HFB28 are presented, discussed and evaluated in the following three sections. 
Results for all other section sizes are provided by Avery and Mahendran (1996). 
3.1 Effect of Stiffener Type and Welding 
Table 2 presents the results of the investigation into the stiffener types illustrated in Figure 4. 
Box and cross stiffeners were not considered due to the complexity of fabrication. The 
results shown are elastic buckling moments for a 300 90HFB28, 4.0 metre span, with 5 mm 
plate stiffeners (Types A to F, see Figure 4) located at third points of the span. Stiffener 
Types A and B were also modeled using a multi-point constraint (MPC), i.e. a linear 
constraint equation to prevent distortion by suppressing relative rotation of the nodes at the 
stiffened cross-section. The result obtained for an unstiffened (U/S) member is also shown. 
Table 2. Effect of Stiffener Type 
. Stiffener Type ...•. 
.. 
U/S A B C .D >~ F MRCA· MPCB 




Figure 4. Stiffener Configurations 
The results given in Table 2 suggest that: 
1. Stiffeners cannot be accurately modeled using just a linear constraint equation (MPC). 
Comparison of the results from models using MPC and shell element reveals that the 
major part ofthe strength increment (approximately 75%) is due to the local suppression 
of distortion, which occurs in both models. The remainder must therefore be due to the 
local increment in the section properties, particularly the torsion constant (1) and the 
minor axis second moment of area (Iy)' This is obviously a function of the stiffener size 
and is only modeled by the shell elements, hence the discrepancy. 
2. As suggested by this finding, the rectangular hollow section (RRS) stiffener (Type B) 
does not provide a significantly higher strength increment than a simple transverse web 
plate stiffener. This is because the effect of a stiffener is mostly due to the constraints 
provided, which are independent of the stiffener size (above a nominnl value). For the 
same reason the single sided fully welded stiffener (Type C) provides a similar, but 
slightly less, strength increment compared to the double sided fully welded stiffener 
(Type A). 
3. A transverse web stiffener welded to the flanges only (Type D) is just as effective as a 
fully welded transverse web stiffener (Type A), while a transverse web stiffener welded to 
the web only (Type has virtually no effect. This is because the majority of the strength 
increment is provided by the tying together of the rotational degrees of freedom of the 
flanges, forcing the section to remain undistorted in the vicinity of the stiffener. This 
constraint has a much wider zone of influence than the prevention of web distortion which 
results from welding the stiffener to the web only. 
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Longitudinal batten plate stiffeners located parallel to the web were not considered, as they 
are not effective for the HFB. Although this stiffener type connects the flanges, it does not 
have enough out-of-plane stiffness to prevent relative rotation of the flanges and hence does 
not prevent distortion. 
These findings suggest that a single sided transverse web stiffener of nominal size, welded to 
the flanges only (Type F) may provide a strength increment only slightly less than a fully 
welded two sided transverse web (Type A) or RHS stiffener. The use of such a 'minimum' 
stiffener would entail significantly reduced fabrication costs. To investigate this result 
further, a range of experiments were conducted, the results of which are reported in a 
companion paper (Mahendran and Avery, 1996). Based on the results from the analysis and 
some preliminary experiments, 5 mm transverse web plate stiffeners welded to the flanges on 
both sides of the web (Type D) are recommended. Subsequent analyses were restricted to 
this recommended configuration. 
3.2 Effect of Stiffener Thickness 
The critical buckling moments resulting from varying the thickness of the stiffener plate (1.) 
are shown in Table 3 for the 300 90HFB28 section and three different spans with Type D 
stiffeners at third points of the span (a total of 4 stiffeners). As suggested in the previous 
section, the section properties of the stiffener are less significant than the nature of the 
constraint they provide. There is therefore little variation in the strength increment for the 
members stiffened with transverse web stiffeners modeled with 5, 10, 15 and 20 mm thick 
shell elements (see Table 3). The effect of stiffener thickness was found to be virtually 
independent of section but was significantly greater for short spans (compare the 2000 and 
6000 mm spans) and almost negligible for long spans. This is because the local increment in 
the section properties influences a greater proportion of a short span than a long span. The 
importance of these results is that stiffener plate thickness is not particularly significant. 
Fabricators can therefore use any available scrap plate greater than a nominal 5 mm thickness. 
Table 3. Effect of Stiffener Thickness 
i Span (mm) Elastic Buckling Moment (kNm) 
1. = 10 mm ts = 15 mm ts 20 mm 




6000 38.1 38.2 
3.3 Effect of Location and Number of Stiffeners 
Figure 5 illustrates the results obtained from the analysis of the 300 90HFB28 section with 8 
different spans and with Type D stiffeners at midspan (n, = 1), third points (n, = 2), and 
quarter points (Ils = 3) and without stiffeners (Ils 0). Note that ns represents the number of 
cross-sections within the span at which stiffeners are located. The number of stiffener 
locations is used for comparison purposes in preference to stiffener spacing because it is non-
dimensional composite of the span' and the spacing and therefore allows all spans to be 
directly compared. The lateral torsional buckling (LTB) moment is also provided. Figure 6 
illustrates the elastic buckling moments expressed as a percentage of the lateral torsional 
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Figure 5. Elastic Buckling Moments (B.M.) 
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Figure 6. Elastic Buckling Moments (B.M.) as a Percentage of L TB Moment 
Figure 7 illustrates the design bending moments based on the elastic buckling moments 
shown in Figure 5. The design moments were calculated using the procedure outlined in 
AS 1538 (SA, 1988). These values are compared to the design moments obtained directly 
from the HFB Design Manual for unstiffened HFBs (Dempsey et ai, 1993). The design 
bending moments based on the lateral torsional buckling moment (LTB) are also provided. 
The percentage strength increase in design strength due to stiffening is illustrated in Figure 8. 
The percentage strength increase that would be achieved if the elastic buckling moment was 
equal to the lateral torsional buckling moment (L TB) is also shown. 
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Figure 8. Percentage Increase in Design Bending Moment (B.M.) 
Figure 5 indicates that the as the number of stiffeners increases, the elastic buckling moment 
of the HFB tends towards the lateral torsional buckling moment. The lateral torsional 
buckling moment would be achieved if the whole section was constrained to prevent 
distortion without the inclusion of any local increments in the section properties (as provided 
by stiffeners). Increasing the number of stiffeners has a diminishing return, because the 
lateral torsional buckling moment effectively places a ceiling on the capacity of the section. 
The importance of this fmding is that the use of three stiffeners does not provide a 
significantly greater strength increment than is obtained from two stiffeners. Any subsequent 
strength increase due to the inclusion of more than three stiffeners are due to local increments 
in the section properties only, and hence will be relatively minor (as discussed previously), 
and not economical. This is illustrated by the graph showing the percentage of the lateral 
torsional buckling moment (Figure 6). It is clear that the greatest improvement is between the 
unstiffened and the I stiffener cases, with a smaller increment between I and 2 stiffeners, and 
an almost negligible increment between 2 and 3 stiffeners. 
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Figure 6 also indicates that a greater percentage of the lateral torsional buckling moment can 
be achieved for longer spans. This is because the distortional effects reduce as the span 
increases, and the HFB tends towards a purely lateral buckling mode. The significance of 
this is shown in the graph of percentage increase in design bending strength (Figure 8). The 
benefits of stiffening (in terms of bending strength) are small for the long span members 
because the distortional effects are relatively small. The greatest benefit occurs for the 
medium span members, because distortional effects are most significant in this range. The 
design strength benefit is less for the small spans because the section capacity limits the 
design strength. This yield plateau can be seen in Figure 7. However, the trends shown in 
Figures 5 and 6 suggest that stiffening will provide greatest strength increases for high 
strength steel. 
3.4 Validation of Analytical Results 
3.4.1 Comparison of Experimental and FEA Results 
In order to validate the analytical results reported in Sections 3.1 to 3.3, preliminary 
experiments were carried out on an unstiffened HFB and a HFB stiffened with a Type A 
stiffener. Details of these and other experiments can be found in a companion paper by 
Mahendran and Avery (1996). The analytical results of the buckling and ultimate moments 
and moment-deflection curves were found to agree well with the experimental data. 
3.4.2 Comparison of Finite Strip Analysis and FEA Results 
The unstiffened design bending moments calculated using the finite element model and the 
elastic buckling solution sequence deviate by less than 2% from the HFB Design Manual 
bending moments calculated using a finite strip analysis in the case of an unstiffened HFB 
(see Figure 7). Assuming the latter to be accurate, this validates the convergence of the finite 
element model for the elastic buckling analyses of unstiffened HFBs. Given this result and 
the close comparison of both analytical and experimental results for both stiffened and 
unstiffened HFBs (Mahendran and Avery, 1996), it is reasonable to extrapolate the 
convergence and accuracy of the model to encompass all of the eonducted analyses. 
3.4.3 Comparison of Elastic Buckling and Non-linear FEA Results 
The elastic buckling moments were found to be only slightly less than the non-linear ultimate 
moments for both the unstiffened and stiffened cases. For example, these moments were 43.3 
and 44.0 kNm for unstiffened 300 90HFB28 section, and both were the same (50.3 kNm) for 
the same section stiffened with Type C or F stiffeners (see Figure 4). This indicates that very 
little or no post-buckling strength occurs for the lateral distortional buckling mode of the 
HFB. However, it must be emphasized that this conclusion may only be valid for the 
assumed boundary conditions. 
3.5 Effect of Bending Moment Distribution 
The results presented in the previous sections are only applicable to HFBs subject to constant 
bending moment distributions. However, preliminary investigations indicated that stiffeners 
may provide at least a similar improvement in the flexural strength of HFB members subject 
to other bending moment distributions. This subject requires further investigation. 
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3.6 Benefits 
Due to the strength increase provided by stiffeners, an unstiffened HFB section may be able 
to be replaced with a smaller, stiffened HFB section. This can result in substantial material 
cost savings. Assuming two transverse web stiffeners are provided at a cost of A$20 
(approximately US$16) per stiffener, and an average 97% of the lateral torsional buckling 
moment is achieved, savings of up to A$60 (approximately US$48) per beam can be made. 
In terms of the total cost of the beam, this is quite a significant benefit. In fact, for the longer 
spans (6 to 10 metres) where close to 100% of the lateral torsional buckling moment can be 
achieved, and the design curves are relatively close together, a stiffened 300 90HFB38 can be 
substituted for an unstiffened 450 90HFB38. It should be noted that these substitutions are 
subject to other criteria also being satisfied, such as shear and deflections. These cost 
savings provide quite a significant boost to the market demand for the Hollow Flange Beam. 
Stiffening the HFB allows reduced section sizes to be used. This translates to not only 
material cost savings, but also a number of other significant benefits, including: 
1. Reduced weight. This reduces the dead load on a structure, and assists the speed and ease 
of construction. 
2. Smaller section dimensions (particularly the height). This will allow smaller floor to 
floor heights in building and hence indirectly reduce other costs such as cladding. 
4. Conclusions and Recommendations 
From the results and discussion presented in this paper, the following conclusions can be 
drawn: 
1. The effects of lateral distortional buckling can be effectively and economically eliminated 
in a Hollow Flange Beam by the use of transverse web stiffeners. An increase in the 
design moment capacity of more than 35%, and cost saving of more than US$48 per beam 
are possible for certain conditions. It is reasonable to suggest that the elimination of 
similar distortional buckling modes may also be possiblc for other cold-formed sections, 
therefore this finding may have particular long-term significance. 
2. The most suitable stiffener type is the transverse web plate stiffener, of nominal thickness, 
and welded at least to the flanges. 
3. The buckling strength of the HFB approaches the lateral torsional buckling moment as the 
number of stiffeners increases. Stiffeners located at third points of the span usually 
provide an optimum compromise between the cost of fabrication and the strength 
obtained (generally about 93 to 97% of the lateral torsional buckling moment). 
4. The greatest percentage increase in the design bending strength of Hollow Flange Beams 
due to the use of stiffeners occurs for intermediate spans (2 to 5 metres). However, the 
greatest cost benefits per beam occur for long spans (5 to 10 metres) because of the 
proximity of the design strength curves of the different sections. 
5. The use of stiffeners allows designers to reduce the section size for a fixed load and span, 
increase the spacing of fly bracing in portal frame rafters and columns, or increase the 
span for a fixed load without using a larger section. The significant cost benefits obtained 
suggest that the use of stiffeners may make the Hollow Flange Beam more attractive to 
designers, boosting the product's potential market share. 
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It is recommended that: 
1. The design moments for stiffened Hollow Flange Beams shown in Figure 7 be adopted. 
These design curves encompass the 300 90HFB28 section stiffened with transverse web 
stiffeners at mid-, third and quarter points of the span. Similar curves for all other 
sections have been produced (Avery and Mahendran, 1996). 
2. The minimum stiffener configuration for the stiffening of Hollow Flange Beams should 
consist of 5 mm thick mild (G250) steel plate, welded at least to the flanges, and situated 
on both sides of the section at third points of the span. 
3. For Hollow Flange Beams with this minimum stiffener configuration, a design flexural 
buckling strength equal to the design strength based on 95% of the elastic lateral torsional 
buckling moment can conservatively adopted for members spanning more than three 
metres and subject to constant bending moment. 
4. Further research be conducted, to consider the effects of other parameters not considered 
in this investigation, such as the bending moment distribution. 
Note that a detailed experimental investigation of stiffened HFBs was conducted following 
this FEA study, which led to further refinements to the recommended minimum stiffener 
configuration. Details of this experimental investigation and results are presented in a 
companion paper (Mahendran and Avery, 1996). 
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BUCKLING EXPERIMENTS ON 
HOLLOW FLANGE BEAMS WITH WEB STIFFENERS 
by M. Mahendran and P. Avery* 
Summary 
A new cold-fonned and resistance welded section known as the Hollow Flange Bearn (HFB) 
has been developed recently in Australia. In contrast to the common lateral torsional buckling 
mode ofI-beams, this unique section comprising two stiff triangular flanges and a slender web 
is susceptible to a lateral distortional buckling mode of failure involving lateral deflection, 
twist and cross-section change due to web distortion. This lateral distortional buckling 
behaviour has been shown to cause significant reduction of the available flexural strength of 
HFBs. An investigation using finite element analyses and large scale experiments was carried 
out into the use of transverse web plate stiffeners to improve the lateral buckling capacity of 
HFBs. This paper presents the details of the experimental investigation, the results, and the 
final stiffener arrangement whereas the details of the finite element analyses are presented in a 
companion paper at this conference. 
1. Introduction 
In recent years, thin-walled cold-formed high strength steel structural members are being 
widely used in various applications, including purlins, girts, portal frames and steel framed 
housing. Although cold-formed members have complicated behavioural characteristics, they 
are often more efficient than conventional hot-rolled steel members. One such member is the 
new Hollow Flange Beam (HFB) developed by Palmer Tube Mills Pty. Ltd. in December 
1993 (see Figure I). This product is unique as it is the first cold-fonned, hollow flange 
section to be mass produced anywhere in the world. The HFB is manufactured from a single 
strip of high strength steel (0450 steel with a minimum guaranteed yield stress of 450 MPa) 
using electric resistance welding. The structural efficiency of the HFB due to the torsionally 
rigid closed triangUlar flanges combined with economical fabrication processes was the basis 
ofHFB development (Dempsey, 1990,1991). 
The HFB, dubbed the "dogbone" because of its distinctive shape, was developed primarily for 
flexural applications (Dempsey, 1990, 1991, 1993, Heldt and Mahendran, 1992). However, 
research has identified that the flexural capacity ofHFB is limited under certain restraint, span 
and loading conditions by the lateral distortional buckling mode of failure shown in Figure 1 
(Dempsey, 1990, 1991, Dunai and Horvath, 1990). 










HOLLOW FLANGE BEAM 
Figure 1. Lateral Torsional and Lateral Distortional Buckling Modes 
Unlike the commonly observed lateral torsional buckling of steel beams, the lateral 
distortional buckling of HFBs is characterised by simultaneous lateral deflection, twist and 
cross-section change due to web distortion as seen in Figure 1. The cross-sectional distortion 
causes significant strength reductions, and is particularly severe in short to medium spans. 
Furthermore, because of its unique fabrication process, the HFB is not completely compliant 
with either the Australian Steel Structures (AS4100) or Cold-formed Steel Structures 
(AS1538) codes (SA, 1988, 1990). Lateral distortional buckling is not encompassed by the 
design formulae contained in either of these codes, and an elastic buckling analysis is required 
to determine its capacity. Therefore an investigation was conducted to study the lateral 
distortional buckling behaviour of HFBs and to quantifY the associated reduction in flexural 
strength, and to determine ways of eliminating this problem. 
This investigation concentrated on the use of transverse web plate stiffeners to reduce cross-
sectional distortion of HFBs and improve their performance using finite element analyses and 
large scale experiments. It had the objective of economically alleviating the lateral distortional 
buckling problem of HFB by the use of a suitable type, size, location and number of web 
stiffeners. For these purposes, the finite element analysis was first used to investigate the 
effects of a number of parameters on the buckling behaviour of HFBs under a uniform 
bending moment. The parameters investigated were stiffener type (plate and box-stiffeners), 
stiffener thickness (5 to 20 mm), location and number of stiffeners (midspan, third or quarter 
points within a span, both sides or one side only of the web), stiffener welding (welded to 
flanges only, web only or both), type of HFB section and span. It was found that stiffening an 
HFB with 5 mm thick transverse web plate stiffeners at third points of the span could 
effectively eliminate lateral distortional buckling. Although plate stiffeners welded to the 
flanges on both sides of web were recommended, the study indicated that plate stiffeners 
welded to the flanges on only one side of the web may be adequate. In order to validate the 
results from the finite element analysis, a detailed experimental investigation was carried out 
on unstiffened and stiffened HFBs under a constant bending moment with a number of web 
stiffener configurations. 
This paper presents the details of the experimental investigation, the results, and the final 
stiffener arrangement. Details of the finite element analysis are presented in a companion 
paper at this conference (Avery and Mahendran, 1996). 
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2. Experimental Investigation 
2.1 Experimental Program 
A very and Mahendran (1996) investigated the effect of type, thickness, location and number 
of web stiffeners on the lateral distortional buckling behaviour of the HFB using finite 
element analyses (FEA) of stiffened and unstiffened HFBs, based on which they made a series 
of recommendations. The experimental program described in this section was designed such 
that the recommendations and results from the FEA could be verified adequately before using 
them in the design of HFBs. A total of ten 6 m long HFB specimens were loaded to failure 
under a constant bending moment within their span of 4.5 m (see Figure 2). The details of 
each experiment are summarised in Table 1. The measured yield (0.2% proof) and ultimate 
tensile stresses were 480 and 570 MPa, respectively, for the G450 steel. 




Figure 2. Experimental Set-up 
0.55 m Load F 
r 
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Table 1. Summary of Experiments 
• ExperImet1t HFB Section Number Of Stiffeners Stif{enerConnection 
... and LOcation .. 
1 30090HFB28 None -
2 30090HFB28 4 - Both sides Welded to Flanges and Web 
3 30090HFB28 2 - One side only Welded to Flanges only 
4 30090HFB28 2 - One side only Welded to Flanges only 
5 30090HFB28 2 - Al tern ate sides Welded to Flanges only 
6 30090HFB28 2 Alternate sides Screw-fastened to Flanges only I 
7 300 90H~~Both sides Screw-fastened to Flanges only I 
8 
= 
I 45090HF Alternate sides Screw-fastened to Flanges only • 
9 ! 250 90HFB28 2 - Alternate sides Screw-fastened to Flanges only 
10 30090HFB28 None 
The FEA results indicated that 5 mm transverse web plate stiffeners were adequate as the 
buckling capacity only increased marginally for thicknesses greater than 5 mm. Similarly, 
stiffeners at third points of the span were found to be adequate as the additional buckling 
capacity increase was marginal for spacings closer than one third span. However, stiffeners at 
midspan alone were found to be insufficient. Other types of stiffeners such as those made of 
Rectangular Hollow Sections (RHS) were not considered in the experimental investigation as 
the FEA study showed that the capacity increase due to these more expensive RHS stiffeners 
was only slightly more than that due to web plate stiffeners. Therefore in all the experiments 
5 mrn transverse web plate stiffeners fabricated from mild (G250) steel plate were used at 
third points of the span as recommended by Avery and Mahendran (1996). Experiments 1 
and 2 were conducted to verify the improvement to the lateral buckling capacity ofHFBs with 
the use of these stiffeners. 
(a) Stiffener Welded only to Flanges (b) Special Stiffener Screw-fastened to Flanges 
Figure 3. Transverse Web Plate Stiffeners 
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The buckling results from FEA were identical for HFBs with stiffeners welded to their flanges 
only or both flanges and web. This means that the stiffener welded to the flanges alone is 
effective in improving the buckling capacity of HFB, and it is unnecessary to weld the 
stiffeners to the web. The FEA study also indicated that it may be sufficient to weld stiffeners 
on one side only instead of welding on both sides as the difference in buckling capacity was 
small. Therefore a number of experiments were conducted to verify these predictions 
(Experiments 2 to 5). Some experiments had stiffeners on both sides of the web at third 
points of the span (a total of four stiffeners) whereas others had stiffeners which were either 
on one side only or on alternate sides of the web (a total of two stiffeners). Since the FEA 
predicted no difference between welding to both flanges and web, and welding to flanges 
only, most experiments (3 to 5 in Table 1) had flange welding only. Figure 3 (a) shows a 
typical transverse web plate stiffener welded to flanges only. 
Since the finite element study predicted that welding to flanges alone would be sufficient, a 
special stiffener was developed that could be screw fastened to the flanges. This stiffener was 
fabricated by cold-bending a 5 mm plate to fit the inclined flanges of HFB and was easily 
fastened to the flanges using No.14 screw fasteners (see Figure 3 (b)). Experiments 6 to 9 
were therefore conducted with these special stiffeners. As seen in Table 1, the last experiment 
(10) was a repeat of Experiment 1 in order to confirm the reliability of the experimental set-up 
and method used in this series of experiments. 
2.2 Experimental Set-up 
Two load-controlled hydraulic jacks, located on the overhangs at a distance of 550 mm from 
each support, were used to produce a constant bending moment over a span of 4500 mm (see 
Figure 2). Two special loading devices were used to transmit the jack load into the webs of 
the HFB specimen as shown in Figure 4. This eliminated the load height effects and flange 
crushing. 
Figure 4. Load Application 
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To enable direct comparison with the results from the finite element analyses ofHFBs (Avery 
and Mahendran, 1996) and other theoretical solutions, it was highly desirable that each degree 
of freedom be either fully fixed or ie., no partial restraint. The preferred restraint 
conditions at the supports were for the cross-section to be restrained from vertical and lateral 
translation, and prevented from twisting about the longitudinal axis of the member, while 
being free to rotate about the major and minor axes. These conditions were met by using a 
specially designed, but relatively simple, support configuration shown in Figure 5. 
Figure 5. Support Configuration 
As shown in Figure 5, two mild steel plates were placed between the HFB beam and each 
roller support. These plates were separated by a stainless steel sheet attached to the top plate 
and a Teflon layer connected to the bottom plate. A steel pin fixed to the top plate fitted into 
a hole in the bottom plate. The plates eould therefore rotate freely on the low friction Teflon I 
stainless steel interface, but were prevented from relative translation by the pin. The bottom 
plate was prevented from lateral translation by the considerable friction force (due to large 
nonnal forces) at the interface with the roller. A steel plate was also e\amped to the roller to 
ensure minimum lateral movement of the bottom plate. A Rectangular Hollow Section (IUIS) 
web stiffener was welded to the HFB section and to the top plate over the support (see Figure 
5). This stiffener prevented twist at the support, and connected the HFB specimen to the top 
plate, allowing rotation about the minor axis without lateral deflection. The stiffener also 
transmitted the reaction force from the web directly to the support, preventing local bearing 
failure of the bottom flange. 
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Two 5 mm strain gauges located at midspan on the top and bottom fibres of the section were 
used to verify the bending moment within the span, and two wire displacement transducers 
attached to the top and bottom fibres at midspan were used to measure lateral deflection 
Figure 2). Conventional displacement transducers were not suitable because large deflections 
were expected and the direction of buckling was not known. Furthermore, it was necessary to 
locate the displacement transducers far enough away from the beam to minimise error due to 
the vertical deflection of the beam. Two conventional displacement transducers, one at 
midspan to measure vertical deflection, and the second at a support to measure movement of 
the bottom plate were also used. This was implemented to monitor the performance of the 
support configuration, and to assess whethcr thc assumed lateral restraint did occur. 
2.3 Experimental Procedure 
Each HFB specimen was prepared with RHS stiffeners on both sides of the web at the 
supports and intermediate transverse web plate stiffeners as per Table 1. It was placed onto 
the roIler supports and the displacement transducers, strain gauges and special loading devices 
were set in place. The hydraulic jacks were carefully located and aligned as any eccentric 
loading would be undesirable. The load was applied incrementally with reducing load steps 
as the expected failure load was approached. Since the load was applied using load control, 
particular care was required to accurately determine the ultimate load without catastrophic 
failure. During the loading of specimen, deflection and strain readings were taken and the 
failure mode carefully observed. The magnitude of the applied constant bending moment 
within the span of the HFB specimen was obtained by multiplying the jack load by the 
distance of jack from the support of 550 mm. This value was compared with the bending 
moment calculated using the measured midspan strains (average of top and bottom flange 
strains X Young's modulus of 200,000 MPa X section modulus Z of HFB section). The 
agreement was within 5% in most cases and thus for consistency only the former value of 
applied bending moment was used in all the moment versus lateral deflection curves shown in 
the next section. These curves were used to evaluate and compare the performance of the 
HFBs. These results are presented in the next section and discussed. 
3. Experimental Results and Discussion 
AIl the experiments showed that HFBs have very little post-buckling strength beyond lateral 
buckling. This confirms the results from the finite element analysis of HFBs (Avery and 
Mahendran, 1996). For some experiments, attempts were made to determine the buckling 
moment from the moment versus lateral deflection curve using the fourth power method 
(Takabatake, 1988). For example, the buckling moment of unstiffened 300 90HFB28 
(Experiment 1) was estimated to be 42.6 kNm compared with the ultimate moment of 42.9 
kNm. The corresponding results from the finite element analysis were 43.3 and 44.0 kNm. 
Therefore in the discussion of results in this section, no attempt was made to differentiate 
between the elastic buckling and ultimate moments. 
Table 2 presents the ultimate failure moments from the experiments reported in the previous 
section, and compares with the elastic lateral distortional buckling moments from the finite 
element analyses. In general, the results agreed quite well, with experimental values often 
being greater than the analytical values. 
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Table 2. Elastic Lateral Distortional Buckling and Ultimate Failure Moments 
1< .•. 
•...... ~ ......•....... 
....... > 
. ....... Elll~ticBticklirigMoriiellt ·lJltifl1atYf'al1ti!"eMomertt.· 
Ii.············.· fi()m~Ei\:(kNrii) frQm,ExperiIiienf(kNm) . 
1 - No stiffeners 43.3 42.9 
2 - 4 stiffeners 5l.8 56.4 
3 - 2 stiffeners- one side 50.3 48.8 
4 - Repeat of 3 50.3 52.3 
5 - 2 stiffeners- alt.sides 50.3 63.8 
6 - 2 stiffeners- alt. sides 50.3 57.8 
screw fixed 
7 - 4 stiffeners-both sides 51.8 55.0 
screw fixed 
8 - 2 stiffeners-alt.sides 68.0 71.5 
screw fixed 450 90HFB38 
9 - As above 250 90HFB28 51.0 49.5 
10 - Repeat of 1 43.3 42.9 




2. The FEA buckling moments for 450 90HFB38 and 250 90HFB28 with no 
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Figure 6. Bending Moment versus Lateral Deflection at Midspan Curves for 
Unstiffened and Stiffened (4 Stiffeners Welded to Flanges and Webs) 
300 90HFB28 Beams 
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Experiments with unstiffened HFBs (Experiments 1 and 10) verified the premature lateral 
distortional buckling failure of HFBs. The fact that experiments 1 and 10 were conducted 
three months apart and still gave the same failure moments confirmed the repeatability and 
reliability of the experimental results. Figure 6 presents the experimental and non-linear finite 
element analysis results for two 300 90HFB28 beams: the first unstiffened and the second 
with stiffeners on both sides (Experiments 1, 2 and 10 in Tables 1 and 2). The non-linear 
finite element analysis was able to predict the bending moment versus lateral deflection curve, 
and ultimate moment capacity quite well. The results in Figure 6 and Table 2 clcarly show 
the improvement of approximately 20% in the lateral buckling capacity of HFB when 
stiffeners were used on both sides of the web. The capacity of 56.4 kNm in Experiment 2 is 
rather high and may have been due to experimental variation. The use of stiffeners appeared 
to have eliminated the distortion of the HFB section during its lateral buckling failure. Figure 
7 shows the typical lateral buckling failures of unstiffened and stiffened HFBs. 
(a) Unstiffened HFB (b) Stiffened HFB 
Figure 7. Typical Lateral Buckling Failures ofHFBs 
Figure 8 presents the bending moment versus lateral deflection results from Experiments 3 to 
5 for which only two stiffeners were used either on the same side of the web or on alternate 
sides of the web. The FEA results for the HFB with stiffeners on the same side of the web are 
also presented in Figure 8 and compared with experimental results. It is assumed that the 
FEA results for stiffeners on alternate sides of the web will be nearly identical to those for 
stiffeners on the same side of the web. As seen from the ultimate moment results in Figure 8 
and Table 2, welding stiffeners on the same side (Experiment 3 and 4 - 48.8 and 52.3 kNm) 
appeared to be detrimental compared to welding stiffeners on alternate sides (Experiment 5 -
63.8 kNm). When the stiffeners were welded to the same side of the beam it was found that 
the welding process introduced an initial bow in the beam in the form of a single half sine 
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wave which was in phase with the expected latcral buckling mode within the span. This had 
the potential of reducing the ultimate moment capacity of the beams. On the other hand, 
when the stiffeners were welded to alternate sides of the beam, an initial bow in the form of a 
continuing sine wave form with two half sine waves was introduced in the beam. This initial 
bow was not in phase with the expected lateral buckling mode and this could have caused the 
higher buckling capacity of 63.8 kNm. Since the finite element analysis did not include these 
imperfections due to welding, it could not predict this variation in capacity. For the same 
reason, the experimental moment versus lateral deflection curves did not agree well with the 
FEA curve. Despite these results, Experiments 3 to 5 gave confidence in the use of only two 
stiffeners as the experimental capacities (48.8, 52.3 and 63.8 kNm) were all considerably 
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Figure 8. Bending Moment versus Lateral Deflection at Midspan Curves for 
300 90HFB28 Beams with 2 Stiffeners Welded to Flanges only 
60 
Since the previous experiments with stiffeners welded to the flanges only showed that they 
were equally effective as those welded to both flanges and webs, the special stiffener shown in 
Figure 3 (b) was used in Experiments 6 to 9. Figure 9 presents the results of these 
experiments for three different HFB sections. Results were of the same order (57.8 and 55.0 
kNm) for Experiments 6 and 7 with stiffeners on one side of the web (two stiffeners) and both 
sides of the web (four stiffeners), respectively. This confirmed that stiffeners on one side of 
the web were equally effective as stiffeners on both sides of the web for 300 90HFB28 
sections. In fact, the experiment with two stiffeners produced a higher ultimate moment than 
that with four stiffeners. Both experimental results (57.8 and 55.0 kNm) appeared to be of the 
same order as the corresponding results (52.3 and 56.4 kNm from experiments 4 and 2) when 
stiffeners were welded. This implies that screw-fastening the special stiffener to the flanges 
will be adequate and can eliminate the need for welding the stiffeners to the 300 90HFB28 
beams. By comparing Figures 8 and 9 it can be seen that lateral deflections prior to buckling 
were quite small for HFBs with screw-fastened stiffeners compared to the HFBs with welded 
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stiffeners. This is because the screw-fastening does 
imperfections or residual stresses compared to welding. 
produced by the screw-fastening method. 
not introduce any geometrical 
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Figure 9. Bending Moment versus Lateral Deflection at Midspan Curves for HFB 
Sections with 2 New Stiffeners Screw-fastened to Flanges only 
Experiments 8 and 9 involving other HFB sections, the largest section 450 90HFB38 and one 
of the smaller sections, 250 90HFB28, also confirmed the analytical predictions and other 
observations, in particular the adequacy of the new screw-fastened stiffeners. The use of 
screw-fastened stiffeners improved the buckling moment from 57.1 kNm to 68.0 kNm for the 
larger HFB section (19% increase) and 44.5 to 51.0 kNm for the smaller .section (15% 
increase). It is to be noted that based on the finite element analysis (Avery and Mahendran, 
1996), up to about 50% increase can be expected in the buckling moment of stiffened HFBs 
for medium spans in the range of 2 to 4 m 
Sinee the new stiffeners are simply screw-fastened to the flanges on alternate sides of the 
beams and improve the buckling capacity in a similar manner to those welded to the flanges, 
they are recommended rather than welded stiffeners. In Experiments 6 to 9, the new stiffeners 
were screw fastened to alternate sides of the HFB web. Since they did not introduce any 
residual stresses or geometric imperfections in the beam as in the case of welding, it is 
unlikely that screw-fastening to the same side or alternate sides of the web will make any 
difference to the results. However, the latter method was preferred in all the experiments in 
this investigation and is recommended. 
4. Conclusions 
A detailed experimental investigation of unstiffened and stiffened HFBs under a constant 
bending moment was conducted in order to veritY the results from a finite element study of 
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the same. Large scale experiments on 4.5 m span HFBs confirmed that HFBs underwent a 
premature lateral distortional buckling failure, but the web distortion was eliminated and their 
capacities were significantly improved when transverse web plate stiffeners were used. The 
experiments verified the analytical based recommendation that 5 mm web plate stiffeners 
welded to flanges on both sides of the web at third points of the span would be adequate to 
provide such improvements. Verification of the important outcomes of the finite element 
study implies that design charts developed using the finite element buckling results for 
stiffened HFBs (Avery and Mahendran, 1996) can be safely used in design practice. 
The experimental investigation revealed that welding 5 mm plate stiffeners welded to the 
flanges on alternate sides of the web was equally adequate. It also led to the development of 
an 'easy-to-install' special stiffener that is screw-fastened to the flanges on alternate sides of 
the web for all the HFB sections. 
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FLEXURAL STRENGTH OF COLD-FORMED STEEL PANELS USING 
STRUCTURAL GRADE 80 OF A653 STEEL 
Shaojie Wu1, Wei-Wen Yu2, and Roger A. LaBoubel 
ABSTRACT 
Cold-formed steel decks made of the Structural Grade 80 of ASTM A653 steel (formerly 
ASTM A446 Grade E steel) are currently designed according to the AISI specification, using 
75% of the specified minimum yield strength of the steel or 60 ksi (413.7 MPa), whichever is 
less, due to the lack of ductility of the steel. To further evaluate the flexural strength of the cold-
formed steel decks using such a steel, a total of seventy-two deck panels with hat-shaped sections 
were designed and tested under simply supported and two-point loading condition. The test 
results indicated that for the panel specimens with small wit ratios (17.93 to 61.07), the tested 
yield moments were reached and are compared reasonably well with the calculated effective yield 
moments using actual dimensions, actual yield strength of the steel, and the 1986 AlSI 
Specification. However, for the panel specimens with large wIt ratios (102.86 to 189.95), the 
tested ultimate moments are lower than the calculated effective yield moments, but much larger 
than the calculated moments using the specified value of 60 ksi. Fracture in tension was not 
observed in the tested panels. Panel specimens designed for the first yielding in the tension 
flange developed higher ratios of tested yield moment to calculated effective yield moment. 
1. INTRODUCTION 
Cold-formed steel decks have been widely used in buildings as load-carrying structural 
elements, such as floor and roof decks (Yu 1991, sm 1992, USD 1994). One of the main 
structural functions for the steel decks is to CatTY live and dead loads and transfer the loads to 
beams or girders. As a result, the decks work as flexural members. The steel decks usually 
consist of several hat-shaped ribs formed together in their cross section. When such decks, either 
in single-span or multi-span, is subject to uniform or concentrated loads, the overall stability of 
the decks, such as lateral torsional buckling, often does not control the moment capacity of the 
members. 
In the United States, it is a common practice that steel decks are made of the Structural 
Grade 80 of ASTM A653 steel (formerly ASTM A446 Grade E steel). The unique property of 
the Structural Grade 80 steel, as compared to the conventional steels used for cold-formed 
1. Post-Doctoral Fellow, Department of Civil Engineering, University of Missouri-Rolla, Rolla, 
MO 65401. 
2. Curators' Professor Emeritus of Civil Engineering, University of Missouri-Rolla, Rolla, MO 
65401. 
3. Associate Professor of Civil Engineering, University of Missouri-Rolla, Rolla, MO 65401. 
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members, is that it has a high specified yield strength (Fy=80 ksi (551.6 MPa) and a low tensile-
to-yield strength ratio (F JFy=1.03). The ductility of the steel is unspecified (ASTM A446) and 
was reported to be smaller than the ductility requirements for the conventional steels (Dhalla and 
Winter 1971). 
Due to the lack of ductility and low tensile-to-yield strength ratio of the Structural Grade 
80 steel and considering the required ductility for adequate structural performance, SectionA3.3.2 
of the specifications for the design of cold-formed steel structural members (AISI 1986, AISI 
1991) permits the use of the steel for particular configurations provided that (l) the yield 
strength, Fy, used for design of elements, members, and structural assemblies, is taken as 75% 
ofthe specified minimum yield point or 60 ksi (413.7 MPa), whichever is less, and (2) the tensile 
strength, F u' used for design of connections and joints, is taken as 75% of the specified minimum 
tensile strength or 62 ksi (427.5 MPa), whichever is less. 
In the past, studies on the strength and performance of structural components made of the 
Structural Grade 80 steel were limited (Wu, Yu, and LaBoube 1995). The reduction of the 
specified material properties by 25% for design purposes is based on the fact that the structural 
performance of cold-formed members and connections made of such a steel has not been fully 
investigated and understood. Therefore, since 1995, a research project on the strength of tlexural 
members using Structural Grade 80 of A653 steel has been carried out at the University of 
Missouri-Rolla to further study the strength and performance oftlexural members and connections 
made of such a steel. This paper summarizes the results of the panel tests under two-point 
loading and simply supported condition. Panel tests under one-point loading condition, web 
crippling tests, and connection tests are planned for further study. 
2. MATERIAL TESTS 
To determine the ductility and material properties of the Structural Grade 80 steel and to 
use them to evaluate the results of panel tests, a total of seventy-six tensile coupon tests were 
conducted (Wu, Yu, and LaBoube 1995). The tensile coupons were made of 22, 24, 26, and 28 
gage steel sheets and cut both parallel and perpendicular to the rolling direction of the sheets. 
The results of the tensile coupon tests are shown in Table I. It is noted in the table that with 
decreases in thickness of the steel sheets, the yield and tensile strengths increase, but the ductility 
tends to decrease. In the direction perpendicular to the rolling direction, the 0.2% offset yield 
strength and tensile strength of the sheets are much higher than those in the rolling direction, 
while the ductility is much lower than those in the rolling direction. 
3. DESIGN OF PANEL SPECIMENS 
Twenty-four hat-shaped sections were designed based on the actual yield strength of the 
Structural Grade 80 steel and the AISI Specification (AISI 1986). The design parameters include: 
thickness, tlange tlat-width-to-thickness ratio (wit), web tlat-width-to-thickness ratio (hit), and 
extreme fiber tension-to-compression stress ratio (f/f,) at first yielding in a section. Three types 
of steel sheets were used, namely 22, 26, and 28 gage sheets. The designed wit ratios ranged 
from 17.24 to 189.66 and the hit ratios ranged from 17.24 to 103.45, which were selected based 
on current cold-formed steel deck products (USD 1994, 8m 1992). Three fife ratios, namely 0.8, 
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1.0, and 1.2, were used for (1) first yielding in compression flange only, (2) in both compression 
and tension flanges simultaneously, and (3) in tension flange only, respectively. The designed 
inside bend radius, R, was taken as 1116 inches (1.59 mm) for all four steel sheets, which results 
in a Rlt ratio ranging from 2.16 to 4.17. The angle between the plane of the web and 
the plane of the bearing surface, 0, was taken as 60 Table 2 illustrates the variation of 
the wIt and hit ratios used for the design of the twenty-four sections, and Figure 1 shows the 
shape of the sections. In the table, each combination of wIt and hit ratios corresponds to three 
f/( ratios (0.8, 1.0, and 1.2). 
For each of the twenty-four sections, three panel specimens were fabricated. After the 
members were manufactured from long sheets, three panel specimens and a segment were cut 
from the members representing each section. The dimensions of each segment were carefully 
measured using a calliper with an accuracy of 0.001 inches (0.025 mm). The angle between 
planes of the web and adjacent flanges was measured twice using an angular ruler, one with 
respect to the compression flange and the other with respect to tension flange. The measured 
dimensions of all elements and the angles of all webs are shown in Tables 3, 4, and 5, and the 
shape of the sections is shown in Figure 2. In these tables, each specimen is designated as: 
t**w**h**-*(x), where "t""" represents gage number (thickness), such as t22 (22 gage); "w"*" 
indicates the flat width ofthe compression flange, such as w1.5 (w=1.5 inches (38.1 mm»; "h"*" 
represents the flat width of the web, such as hI (h=l.O inch (25.4 mm»; "-*" indicates the 
location of the first yielding, such as -c (occurring in compression flange only); oct (in 
compression and tension flanges simultaneously); and -t (in tension flange only). "(x)" represents 
test number such as 1,2, and 3. The actual inside bend radius, R, was 1/32 inches (0.79 mm) 
in all specimens. The actual wIt ratios ranged from 17.18 to 189.95 and the actual hit ratios 
ranged from 16.35 to 104.89. 
With all the measured dimensions, effective yield moments were calculated for all sections 
using the computer program CFS (Glauz 1990) and the actual yield strength of the steel. The 
average value of the two measured angles between the web and the two flanges was used in the 
calculation. The shear strength of webs, shear-moment interaction, web crippling strength of 
webs, web crippling-moment interaction, and shear lag were checked using the AISI Specification 
(AISI 1986) to determine the total length of each panel specimen so that no other failure modes 
will be possible during a test except the flexural failure mode. 
4. TEST SETUP, INSTRUMENTATION, AND TEST PROCEDURE 
Each panel specimen was placed on two simple supports (one was a roller condition and 
the other was a pin condition) which were fastened on a wide flange support beam 84 inches 
(2134 mm) long. The support beam was firmly connected to the platen of the MTS 880 loading 
frame located at the Engineering Research Laboratory at the University of Missouri-Rolla. A 
cross beam was used to establish a two-point loading condition, with one pin and one roller at 
each end of the beam. Load was applied to the center of the cross beam. For all the tests, the 
distance between a support of a panel and the load transferred from one end of the cross beam 
ranged from Ll6 to Ll3.11 (L is the span length of the panel between two supports). Bracing was 
attached to the tension flanges of panel specimens using C-c1amps at several locations along the 
entire length of all specimen to prevent the section from changing its shape. The test setup is 
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shown in Figure 3. Displacement control was used to load a specimen throughout the test with 
a displacement rate of 0.000125 inches (0.0032 mm) per second. The displacement control was 
carried out automatically through the MTS 880 control system. 
Two L VDTs were used to record the displacements at the center of the panel specimen, 
with each L VDT on each side of the specimen. Two additional L VDTs were located at the two 
loading locations. Twelve to eighteen strain gages were used throughout the constant moment 
region to record top and bottom extreme fiber strains and to detect initiation of local buckles. 
All of the L vnT and strain gage data were simultaneously recorded through a CMAC data 
acquisition system with a sampling rate of three samples per second. 
Before a panel specimen was loaded, the initial readings of the L VDTs and strain gages 
were recorded. The cross beam was placed and the readings of the L VDTs and strain gages were 
recorded again. The displacement control mode of the MTS system was then started immediately 
after continuous data recording was initiated. After the specimen had failed, the displacement 
control mode was terminated while the data recording continues until the cross beam was 
automatically and gradually released from the upper platen of the MTS 880 system. 
5. TEST RESULTS 
Seventy-two panel specimens were tested, which involved twenty-four different sections 
as shown in Tables 2, 3, and 4. For each section, three panel specimens were tested. The 
following is a brief summary of the test results and the behavior of the panel specimens. 
(I) Panel specimens t28w1.5hl-c(I,2,3), t28w1.5hl-ct(I,2,3), and t28w1.5hl-t(l,2,3): Flange 
local buckling occurred at about a quarter of the yield load. More than half of the panels yielded 
in the section. All the panels failed suddenly due to the formation of a local failure mechanism 
in the constant moment region shortly after ultimate load was reached. Local buckles of the 
flanges and webs largely developed at ultimate load in all the panels. The maximum ratio of 
central deflection to span at ultimate load was 1122. 
(2) Panel specimens t26w0.5hO.5-c(1,2,3), t26wO.5hO.5-ct(I,2,3), and t26wO.5h0.5-t(I,2,3): 
Flange local buckling occurred shortly prior to yielding. All of the panels yielded in the section. 
A plateau in the load vs. central deflection curve was developed for all the panels prior to a 
sudden failure due to the formation of a local failure mechanism in the constant moment region. 
Local buckles of the flanges and webs largely developed prior to failure. The maximum ratio 
of central deflection to span prior to failure was about 1/12. 
(3) Panel specimens t26wlhO.75-c(l,2,3), t26wlhO.75-ct(1,2,3), and t26wlhO.75-t(1,2,3): Flange 
local buckling occurred at about half of the yield load. The majority ofthe panels yielded in the 
section. A plateau in the load vs. central deflection curve was developed especially for the panels 
designed for first yielding in tension flange. All the panels failed suddenly due to the formation 
of a local failure mechanism in the constant moment region. Local buckles of the flanges and 
webs largely developed prior to failure. The maximum ratio of central deflection to span prior 
to failure was about 1115. 
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(4) Panel specimens t26w2h1.5-c(I,2,3), t26w2h1.5-ct(l,2,3), and t26w2h1.5-t(1,2,3): Flange 
local buckling occurred at about one-fifth of the yield load. Less than half of the panels yielded 
in the section. All the panels failed suddenly due to the formation of a local failure mechanism 
in the constant moment region. Local buckles of the flanges and webs largely developed prior 
to failure. The maximum ratio of central deflection to span prior to failure was 1/31. 
(5) Panel specimens t22wO.5hO.5-c(l,2,3), t22wO.5hO.5-ct(l,2,3), and t22wO.5hO.5-t(1,2,3): All 
the panels yielded in the section and continued to carry additional load beyond first yielding until 
an ultimate load was reached. Shortly prior to reaching an ultimate load, sections within one of 
the braced segments tended to open up (change shape). After the ultimate load was reached, the 
decrease in applied load was small with further increase in displacement. Tests were terminated 
because of excessively large displacement. A large plateau in the load vs. central deflection curve 
was developed for the panels having the sections oft22w0.5hO.5-ct and t22wO.5hO.5-t. No local 
buckling occurred at yielding. Sudden formation of a local failure mechanism did not occur 
before test was tenninated. The panels showed sufficient ductility. 
(6) Panel specimens t22wlhO.75-c(1,2,3), t22wlhO.75-ct(I,2,3), and t22wlhO.75-t(1,2,3): 
Flanges buckled locally shortly before yielding in all the panels. The majority of the panels 
yielded in the section and continued to carry additional load beyond first yielding. A plateau in 
the load vs. central deflection curve was deVeloped in all the panels before a local failure 
mechanism formed gradually within the constant moment region. Local buckles developed 
slightly prior to failure only in the flanges. The maximum ratio of central deflection to span was 
1116 prior to failure. 
(7) Panel specimens t22w3h2-c(1 ,2,3), t22w3h2-ct(1 ,2,3), and t22w3h2-t(l,2,3): Flanges buckled 
locally at about a quarter of the yield load in all the panels. The majority of the panels yielded 
in the section, especially for the sections of t22w3h2-ct and t22w3h2-t. A plateau in the load vs. 
central deflection curve was developed in the panels having the sections of t22w3h2-ct and 
t22w3h2-t before a local failure mechanism suddenly formed in the constant moment region. 
Local buckles largely developed in the flanges and webs prior to failure. The maximum ratio of 
central deflection to span was about 1137 prior to failure. 
(8) Panel specimens t22w5.5h3-c(1,2,3), t22w5.5h3-ct(l,2,3), and t22w5.5h3-t(I,2,3): Flanges 
buckled shortly after load was applied. Only two panels indicated yielding in the section, but the 
maximum strains were well above 4000 micro strain prior to failure for the rest of the other 
panels. This strain level corresponded to about 95 ksi (655.0 MPa) stress in the section based 
on the material test. All of the panels failed suddenly due to the fonnation of a local failure 
mechanism in the constant moment region. The maximum ratio of central deflection to span was 
about 1147 prior to failure. 
Comparing all the tested panel specimens, most of the panel specimens with the wit ratios 
of 103.52 or less experienced yielding in the section and continued to yield after first yielding, 
while with further increases in the wit ratios (larger than 103.52), the number of the panel 
specimens undergoing yielding in the section decreased. Even though some panels did not 
indicate yielding in the section prior to failure, the ultimate strains in almost all the panels 
exceeded 4000 micro strain. This strain level corresponded to at least 95 ksi stress (655.0 MPa) 
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in the three types of steel sheets based on the material tests. With increases in the wit ratios, the 
magnitude of the ultimate strains decreased. The maximum central deflection prior to the failure 
of panel specimens is always the largest for the sections designed with first yielding in tension 
flange and the smallest for the sections designed with first yielding in compression flange. All 
of the recorded ultimate strains were less than 1.4% in.lin. and no tensile fracture was observed 
in the tested panels. 
6. EVALUATION OF TEST RESULTS 
The flexural strengths of the seventy-two tested panel specimens were evaluated and 
compared to those predicted by using the AISI Specification (AISI 1986) and the measured 
dimensions. The effective moments were calculated using the actual yield strength, 75% of the 
actual yield strength, and the specified 60 ksi (413.7 MPa) for the Structural Grade 80 steel. The 
modulus of elasticity was taken as 29500 ksi (203 GPa) for all the calculations. The results of 
evaluation are discussed as follows. 
The effective moment calculated by using the specified 60 ksi (equal to 75% of the 
specified minimum yield strength (80 ksi (551.6 MPa)) for the Structural Grade 80 steel) is 
compared to the average tested ultimate moment of three panel specimens for each section (listed 
in Tables 3, 4, and 5) as shown in Figure 4 and Table 6. Figure 4 shows that for all the panel 
sections considered in this study, the ratio of the average tested ultimate moment to the calculated 
effective moment using the 60 ksi is larger than 1.2. This indicates that the predicted flexural 
strength of cold-formed steel decks made of the Structural Grade 80 steel by using the specified 
60 ksi stress is conservative. The moment ratios tend to decrease with increases in the wit ratios. 
Figure 4 and Table 6 also show the ratios of the average tested ultimate moment to the 
calculated effective moment by using 75% of the actual yield strength against the wit ratios. It 
is clear in the figure that the moment ratios are all larger than 1.0 for the wit ratios considered 
in the tests. As a result, the predicted flexural strength of the panels using 75% of the actual 
yield strength is also conservative, especially for the low wit ratios. 
The tested ultimate moments are also compared with the effective yield moments 
calculated by using the actual yield strength of the steel as shown in Table 7 and Figure 5 for all 
the tested panels. The figure indicates that the ratio of the tested ultimate moment to the 
calculated effective yield moment using the actual yield strength decreases from 1.25 to about 
0.80 with increases in the wit ratios. The moment ratios are usually larger than 1.0 for the wit 
ratios of 61.07 or less, and less than 1.0 for the wit ratios of 102.86 or larger, with a tendency 
to converge to 0.85 at larger wit ratios (120 to 190). It is also noted from Figure 5 that the 
highest moment ratios tend to be achieved for the sections designed with first yielding in tension 
flange as compared to the sections designed with first yielding in compression flange and in both 
compression and tension flanges. 
A comparison between the tested yield moments and the calculated effective yield 
moments using the actual yield strength of the steel is shown in Table 8 and Fig. 6. Similar to 
what is observed in Fig. 5, the ratio of the tested yield moment to the calculated effective yield 
moment by using the actual yield strength of the steel decreases with increases in the wit ratios, 
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with a tendency of converging to 0.80 at the larger wit ratios (120 to 190). The lower moment 
ratios correspond to the panels with the larger wit ratios, in which the chance of yielding in a 
section is small. The tested yield moments are predicted reasonably well by the calculated 
effective yield moments for the wit ratios of 61.07 or less. Figure 6 also indicates that larger 
moment ratios tend to be achieved with the panel sections designed for the first yielding occurred 
in tension flanges. 
Due to the fact that the ultimate strains in panels made of high strength steel and having 
larger wit ratios are often lower than the yield strain, the equation, developed by Pan (1987) to 
account for a yield strength reduction factor in predicting the effective moment, was used to 
predict the effective moments of the panel sections designed for the first yielding in compression 
flange and in both compression and tension flanges. Figure 7 shows the ratios of the tested yield 
moment to the effective moment calculated using the yield strength reduction factor against the 
wit ratios. It is noted from the figure that a slight improvement in predicting the yield moment 
is achieved with the use of the reduction factor for the sections having the wIt ratios of 102.86 
or larger, however, the prediction using the reduction factor is conservative for the sections with 
the wit ratios of 61.07 or less, as compared to the moment ratios shown in Fig. 6. 
7. SUMMARY 
A total of seventy-two cold-formed steel panels, involving twenty-four different hat-shaped 
sections and made of the Structural Grade 80 of ASTM A653 steel sheets, were tested under 
simply supported and two-point loading conditions. The preliminary research findings and the 
evaluation of the results are summarized as follows: 
(I) Yield strains were recorded in the panels with the wit ratios ranging from 17.93 to 189.95, 
however, the number of the panels that experienced yielding decreases with the wit ratio of 
118.64 or larger, while yielding occurred in the majority of the panels with the wit ratio of 
103.52 or less. Ultimate strains prior to failure of the panels were much larger than the yield 
strains in the majority of the panels with the wit ratio of 103.52 or less. The specimens without 
flange local buckling showed sufficient ductility. Fracture in tension was not observed in the 
tested panel specimens. For details, refer to Wu, Yu, and LaBoube (1996). 
(2) For the panels with the wit ratio of 61.07 or less, the tested yield moments compared 
reasonably well with the calculated effective yield moments by using the actual panel dimensions, 
actual yield strength of the ~1eel, and the 1986 AISI Specification. However, for the panels with 
the wIt ratio of 102.86 or larger, the tested ultimate moments were lower than the calculated 
effective yield moments using the actual yield strength, but larger than the calculated moments 
using the 60 ksi stress or 75% of the actual yield strength. It was found to be conservative to 
predict the effective moment using the specified 60 ksi stress for the cold-formed steel panels 
made of the Structural Grade 80 of ASTM A653 steel. This is justified by the fact that the 
ultimate strains in almost all the panels were larger than 4000 micro strain which corresponded 
to at least 95 ksi (655.0 MPa) in the three types of steel sheets. 
(3) The tested ultimate moments are larger than the calculated effective yield moments for the 
majority of the panels having the wIt ratio of 61.07 or less, indicating a potential inelastic reserve 
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capacity as justified by the recorded higher ultimate strains. 
(4) Panel specimens which were designed for the first yielding in the tension flange developed 
a higher ratio of the tested ultimate moment, or yield moment, to the calculated effective yield 
moment. 
(5) The equation, developed by Pan (1987) to account for a yield strength reduction factor in 
predicting the effective moment of flexural members made of high strength steel, slightly 
improves the prediction of effective moment for the panels with the wit ratio of 102.86 or larger, 
but was found to be conservative for the panels with the wit ratio of 61.07 or less. For details, 
refer to Wu, Yu, and LaBoube (1996). 
(6) The low ductility of the Structural Grade 80 of ASTM A653 steel does not appear to have 
adversely affected the flexural strength of the tested panels. This may be due to the fact that 
recorded ultimate strains in the panels were much less than the percent elongation in a 2-inch 
(50.8 mm) gage length of the steel. 
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APPENDIX II. NOTATIONS 
The following symbols are used in this paper: 
Fy specified yield strength of cold-formed sheet steel. 
F u specified tensile strength of cold-formed sheet steel. 
f/( ratio of the tensile to the compressive stress. 
h = flat width of web. 
L = span length, measured between centers of two supports of the panel. 
R = inside bend radius. 
t thickness of panel sheet. 
w = flat width of compression flange. 
() angle between planes of the web and bearing surface. 
Table I Material Properties of 22, 24, 26, and 28 Gage Steel Sheets 
Direction Gage Thickness 0.2% Offset Tensile Tensile-to- Local Elongation Uniform Elongation in 2-
Yield Strength Strength Yield Ratio in 1/2-in Gage Elongation in Gage Length 
Fy F, FJFy Length Outside Fracture 
(in.) (ksi) (ksi) (%) (%) (%) 
22 0.029 103.9 107.7 1.04 11.98 1.29 3.67 
Parallel --
to 24 0.024 110.1 116.4 1.06 933 1.23 2.69 
Rolling 
Direction 26 0.017 112.5 115.9 1.03 9.13 0.77 2.40 
28 0.015 II 1.0 \16.1 1.05 7.89 1.04 2.77 
22 0.029 119.6 121.2 1.02 7.29 0.41 1.99 
Perpendicular 
to 24 0.024 126.0 128.5 [,02 6.40 035 1.78 
Rolling 
Direction 26 0.017 129.7 132.6 [,02 3.78 0.43 
28 0.015 127.3 130.1 1.02 3.78 0.43 1.38 
'---





















0.015 (28) -- -- 100.00 -- -- --
0.017 (26) 29.41 58.82 -- 117.65 -- --
0.029 (22) 17.44 34.48 -- -- 103.45 189.66 
t (gage #) h (inches) 
(inches) 0.5 0.75 1.0 1.5 2.0 3.0 
0.015 (28) -- -- 66.67 -- -- --
0.017 (26) 29.41 44.12 -- 88.24 -- --
0.029 (22) 17.24 25.86 -- -- 68.97 103.45 
1/1 0.8,1.0,1.2 0.8,1.0,1.2 0.8,1.0,1.2 0.8,1.0,1.2 0.8,1.0,1.2 0.8,1.0,1.2 
Note: see Figure 1 for the measurement of wand h. 1 inch = 25.4 mm. 
Figure 1 Cross Section Used for the Design of Panel Specimens 
Table 3 Meas~ed Dimensions of Panel Specimens Made of 28 Gage Sheet Steel 
Section Type L" L,.) L, .. L4,$ L,., L,., L,., 1..,,10 LIO,lI Lll,u 
of (in.) (in.) (in.) (in.) (in.) (in.) (in.) (in.) (In.) (in.) 
Specimen (9~, in (eA,!) in (06,1 in (Og,9 in (OW,1l in 
(#) degree) degree) degree) degree) degree) 
t2 8w l.5h l-c 0.469 1.094 1.594 1.085 0.865 1.091 1.607 1.053 0.465 
-
(I) (60,60) (63,58) (58,62) (59,61) 
t28w1.5hl-ct 0.271 1.085 1.585 1.083 0,472 !.l05 1.630 1.036 0.268 - .. 
(2) (62,62) (63.5,59) (59,62) (61,61) 
t28wl.5hl·t 0.222 1.062 1.578 1.085 0.348 1.098 1.619 1.034 0.218 .. 
(3) (64,59) (62,60) (62.5.63.5) (64.5.61) 
----- •• L. ••••• ~ 
Note: see Figure 2 for measurement of dimensions. 1 inch 25.4 mm. 
h~ e'" It eA Jt"e~ 
1 2 5 6 9 10 13 
Figure 2 Cross Section of Panel Specimen 














Table 4 Measured Dimensions of Panel Specimens Made of 26 Gage Sheet Steel (see Figure 2 for Dimensions) 
.' 
Type L,~ 1....4:; L"ti L6•7 L" L8,9 L"ID L1(Ul Ll1 ,u 
of (in.) (in.) (h) (in.) (in.) (in.) (in.) (in,) (in,) 
Specimen (8", in (9~,5 in «(J6,1 in (611,9 in (8 1O•1t in 
(#) degree) degree) degree) degree) degree) 
126w05h05-< 0.365 0589 0.584 0566 0.748 0585 0574 0.581 0,748 0.591 0.614 
(4) (61,60) (60.5,60) (60,60.5) (60.61) (60,61) 
126w05hO.5·", 0242 0.596 0588 0.560 0.499 0.585 0570 0.575 0,494 0.593 0598 
-(5) (61.59.5) (6L5.60) (605,615) (61.60.5) (58,61) 
126wO.5hO.S·l 0,218 0564 0.585 0.549 0.391 0.597 0.574 0.575 0.377 0.591 0.630 
(6) (61.5,605) (62,63) (60.5,615) (60,62) (60,6L5) 
t26wlhO.75-c 0,434 0.843 1.071 0.828 0.854 0.844 1.121 0.813 0.452 
(7) (62,62) (63.5,62) (61.61) (60.5,63) 
126wlhO.75·ct 0.283 0,821 1.072 0,834 0,577 0,834 1.090 0,841 0,273 .. 
(8) (58.5,57.5) (61,6L5) (58,58.5) (56.5,61) 
t26wlhO.75·t 0,209 0,804 1.077 0.824 0.344 0,830 1.063 0,813 0,212 .. 
(9) (61,64) (62,62) (60,605) (6M3) 
t26w2hLS·c 0,483 1.594 2.072 1.578 0,889 1.596 2,136 1.521 0.489 .. 
(10) (63.5,59) (60,59) (62,64) (63,59.5) 
t26w2b l.5-ct 0,289 !.S90 2,067 1580 0529 1.610 2.079 !.S68 0.298 .. .. 
(II) (62.5,57) (59.5,58) (62,63) (62.5,58.5) 
t26w2h1.5·( 0214 1562 2.073 1.578 0.340 1.602 2.084 1.538 0,221 .. .. 
(12) (61.5,62.5) (64,62.5) (59,60.5) (60.5,65) 
L\z,n 
(in.) 


























Table 5 Measured Dimensions of Panel Specimens Made of 22 Gage Sheet Steel (see Figure 2 for Dimensions) 
SectiOon Type L1•1 LH L,u L,. Lh,1 L", L."" Ll0,11 Lll,IJ 
of (in,) (iR) (in.) (in,) (in,) (in,) (In,) (in,) (in,) 
Specimen in (e~.s in (86,1 in (810,1\ in 
(#) degree) degree) degree) degree) 
t22-«l5hO,S·c 0.472 059& 0596 0554 0,979 0,602 0.568 0,587 0,946 0599 0,628 
(13) (60,625) (62,63.5) (605,61) (59,60) (62,60,5) 
-
t22\.vO.5hO,5-ct 0319 0,601 0587 0563 0,664 0,602 0.583 0577 0,644 0,607 0,634 
(14) (59,60) (61,61) (58,59) (57,5,58,5) (61,59) 
t22\~5hO 5·, 0233 0581 0583 0565 0.457 0,600 0571 0594 0.445 0,607 0,619 
(15) (61,61.5) (62,61) (60.5,60,5) (60,61.5) (62,60) 
t22wlhO.75-c 0,612 0,842 1.086 0,841 1.205 0,864 1.084 0,833 0,625 
-
(16) (59,60) (60,5,59) (585,58) (58,60.5) 
t22wlhO 7S .. ct 0.414 0,845 1.084 0,838 0,867 0,854 1.111 0,811 00411 
- -
(17) (59,61) (61.5,6U) (595,58.5) (65,61.5) 
t22wlhO,75·t 0,210 0,841 1.084 0,847 0,534 0,846 1.088 0,843 0,286 
-
(18) (595,60) (61,62) (60,59) (58,62.5) 
t22w3h2-c 0,860 2,095 3,066 2,085 0,8(,4 .. .. .. 
-
(19) (59,5,595) (60,61) 
t22w3h2-ct 0.474 2,104 3,059 2,081 0.496 .. .. .. 
-
.. 
(20) (605,62) (59.5,64.5) 




(21) (61,64) (62,60) 
:C=' 
t22w5,5h3·c 0.738 3,097 5552 3.103 0.739 .. .. .. 
(22) (62.5,60,5) (61,62) 
t22w5.5h3-<t 0.445 3,1I2 5.573 3,078 0-460 - .. .. .. 
(23) (605,60,5) (60.5,6l.5) 
t22w5.5h3·, 0,296 3.112 5579 3,032 0313 - - .. -






























Table 6 Calculated Moments Using Specified 60 ksi Stress, 75% Actual Yield Strength and 100% of Actual Yield Strength 
Thickness Average M e,60ksi M e.15%Fy 
(in.) wit (kips-in) (kips-in) 
t28w 1.5h I-c 0.015 103.13 1.68 2.16 2.78 0.81 
t28w 1.5h I-ct 0.015 103.52 1.38 1.91 2.44 1.05 
t28wl.5hl-t 0.015 102.86 1.26 1.75 2.22 1.10 
t26wO.5hO.5-c 0.017 31.43 1.08 1.43 1.80 0.84 
t26wO.5hO.5-ct 0.017 31.33 0.90 1.27 1.69 1.00 
t26wO.5hO.5-t 0.017 31.65 0.84 1.10 1.46 1.08 
t26wlhO.75-c 0.017 61.07 1.38 1.77 2.25 0.83 
t26wlhO.75-ct 0.017 60.38 1.14 1.60 2.03 1.00 
t26wlhO.75-t 0.017 59.56 0.96 1.35 1.80 1.13 
t26w2h 1.5-c 0.017 120.41 3.42 4.47 5.40 0.84 
t26w2h 1.5-ct 0.017 118.64 2.94 4.05 5.18 0.98 
t26w2h1.5-t 0.017 118.86 2.64 3.63 4.84 1.09 II N 
II 0'\ t22wO.ShO.5-c 0.029 18.13 1.86 2.42 3.22 0.84 '-0 
t22wO.ShO.5-ct 0.029 18.35 1.68 2.18 2.91 1.00 
t22wO.5hO.5-t 0.029 17.93 1.50 1.95 2.60 1.12 
t22wlhO.75-c 0.029 35.06 3.00 3.66 4.57 0.80 
t22w IhO.7S-ct 0.029 35.40 2.64 3.43 4.47 1.00 
t22w I hO. 7 5-t 0.029 35.04 2.10 2.65 3.53 1.24 
t22w3h2-c 0.029 103.33 6.00 7.40 9.35 0.80 
t22w3h2-ct 0.029 103.00 5.28 6.70 8.73 1.00 
t22w3h2-t 0.029 103.31 4.32 5.53 7.17 1.19 
t22w5.5h3-c 0.029 188.98 10.68 13.17 14.86 0.79 
t22w5.5h3-ct 0.029 189.74 9.18 11.69 15.07 0.99 
t22w5.5h3-t 0.029 189.95 7.98 10.13 13.30 1.13 
Note: 1 inch 25.4 mm. I kip = 4.448 kN. Mel,oksi = Effective moment calculated by 60 ksi stress. 
calculated by using 75% of the actual yield strength. My"oo%Fy = Yield moment calculated by using 1 00% of 
strength. fife calculated tension to compression stress ratio. All the moments are calculated based on the A1S1 Specification 
CAISI 1986). 
Table 7 Tested Ultimate Moments and Ratios of Tested Ultimate Moment to Calculated Yield Moment 
-- ~- ---_ ........ _-
"', Thickness Average MU,te!l Mu,tl!$l M,,''''t M u,tes!My.l000'fi,Fy Mu.,fd/My,lOO".4Fy M",,,jM,,,IOO%F, (in.) wit (kips-in) (kips-in) (kips-in) 
(test I) (test 2) (test 3) (test I) (test 2) (test 3) 
t28wl.5hl-c(l,2,3) 0.015 103.]3 2.41 2.40 2.37 0,87 0.86 0.85 
t28wl.5h l-ct(1,2,3) 0.015 103.52 2.32 2.35 2.32 0.95 0,96 0,95 
t28w1.5h l-t(1,2,3) 0,015 102.86 2.20 2.19 2,]3 0.99 0.99 0.96 
t26wO,5hO.5-e(l,2,3) 0.017 31.43 1.79 1.83 1.85 0.99 1.02 L03 
t26wO,5hO.5-et(I,2,3) 0,017 31.33 1.80 1.97 1.78 1.07 1.17 1.05 
t26wO.5hO.5-t(I,2,3) 0.017 31.65 1.64 1.81 1.66 1.12 1.24 1.14 
t26wlhO.75-c(I,2,3) 0.017 61.07 2.32 2.33 2.35 1.03 1.04 1.04 
t26wlhO.75-ct(I,2,3) 0.017 60.38 2.33 2.23 2.25 1.15 1.10 1.!1 
t26wlhO.75-t(1,2,3) 0.017 59.56 2.13 2,16 2.12 1.18 1.20 1.18 
t26w2h I.S-e(1 ,2,3) 0.017 120.41 4.50 4.S4 4.59 0.83 0.84 0.85 
t26w2h 1.5-et(I,2,3) 0.017 118.64 4.46 4.41 4.S0 0.86 0.85 0.87 
t26w2h 1.5-t(1 ,2,3) 0.017 118.86 4.35 4.40 4.45 0.90 0.91 0.92 
t22wO.5hO.5-e(l,2,3) 0,029 18.13 3.65 3.85 3.67 1.13 1.20 1.14 
t22wO.5hO.5-et(I,2,3) 0.029 18.35 3.42 3.29 3.58 1.18 1.13 1.23 
t22wO.ShO.5-t(I,2,3) 0.029 17.93 2.99 2.90 3.02 1.15 1.12 1.16 
t22wlhO. 75-e(l ,2,3) 0.029 35.06 4.86 4.78 4.78 1.06 1.05 1.05 
t22w IhO. 75-et(1,2,3) 0.029 35.40 4.44 4.34 4.55 0.99 0.97 1.02 
t22wI hO.75-t(l,2,3) 0.029 35.04 3.73 3.94 3.92 1.06 1.12 1.11 
t22w3h2-c(I,2,3) 0.029 103.33 8.04 8.25 8.34 0.86 0.88 0.89 
t22w3h2-ct(l,2,3) 0.029 103.00 7.38 7.47 7.54 0.85 0.86 0.86 
t22w3h2-t(1,2,3) 0.029 103.31 7.14 7.07 7.15 1.00 0.99 1.00 
t22w5.5h3-c(I,2,3) 0.029 188.98 12.89 12.98 13.24 0.87 0.87 0.89 
t22w5.5h3-ct(1 ,2,3) 0.029 189.74 12.31 12.43 12.13 0.82 0.83 0.81 
t22w5.5h3-t(l,2,3) 0.029 189.95 12.12 12.D7 11.94 0.91 0.91 0.90 
Note: 1 inch = 25.4 mni. 1 kip = 4.448 kN. Mu•tcst = Tested ultimate moment. M".l00%Fy = Calculated yield moment by using 
100% of the actual yield strength. All the calculated moments are determined based on the AlSI Specification (AISI 1986). 
IV 
"" o 
Table 8 Tested Yield Moments and Ratios of Tested Yield Moment to Calculated Yield Moment 
Average 
wIt 
I (test I) I (test 2) I (test 3) (test I) I (test 2) I (test 3 
0.015 103.13 --
--
235 -- 0.85 
0.015 103.52 nla 2.35 2.21 nla 0.96 0.90 
0.015 102.86 2.16 -- 2.10 0.97 -- 0.95 





0.017 3133 1.72 1.92 1.77 1.02 1.14 1.05 
t26wO.5hO.S-t(1,2,3) 0.017 31.65 1.63 1.80 1.65 1.11 1.23 Ll3 
t26w IhO. 75-c{ 1,2,3) 0.017 61.07 2.16 .. -- 0.96 
t26w IhO. 75-ct(l,2,3) 0.017 6038 231 2.23 -- Ll4 1.10 
t26w I hO. 75-t(1,2,3) 0.017 59.56 2.02 1.96 2.03 1.12 1.09 I 1.13 
t26w2h I.S-c(l ,2,3) 0.017 120AI -- 434 -- -- 0.80 
t26w2h l.5-ct(l ,2,3) O.oJ7 118.64 4.26 -- 4.42 0.82 -- N 
t26w2h 1.5-t(1,2,3) 0.017 118.86 -- - 4.41 .. 0.91 -.J 




3.29 1.07 nla 1.02 
t22wO.ShO.S-ct(I,2,3) 0.029 18.35 3.09 3.07 n/a 1.06 1.06 nla 
t22wO.5hO.5-t(l,2,3) 0.029 17.93 2.86 2.79 2.85 1.l0 1.07 1.10 
t22w IhO. 75-c(l,2,3) 0.029 3S.06 
t22w IhO. 75-ct(I,2,3) 0.029 35.40 4.44 4.29 4.54 0.99 0.96 I 1.02 t22w IhO. 75-t(1,2,3) 0.029 35.Q4 3.66 nla 3.72 1.04 nla 1.05 
t22w3h2-c(I,2,3) 0.029 103.33 -- 8.16 .. 
--
0.87 
t22w3h2-ct(I,2,3) 0.029 103.00 7.29 7.45 7.51 0.84 0.85 I 0.86 t22w3h2-t(l,2,3) 0.029 103.31 7.14 7.07 7.15 1.00 0.99 1.00 
t22w5.5h3-c(i,2,3) 0.029 188.98 12.89 - -- 0.87 
t22wS .5h3-ct( I ,2,3) 0.029 189.74 -- -- 12.13 I I 0.81 
t22w5.5h3-t(I,2,3) 0.029 189.95 
Note: 1 inch 25.4 mm. 1 kip = 4.448 kN. My•rest = Tested yield moment. = Calculated yield moment by using 100% 
of the actual yield strength. 1t_.1t = Panel did not yield in the section according to the recorded strains. Itn/a" Data not available. 
All the calculated moments are determined based on the AISI Specification (AISI 1986). 
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Figure 3 Test Setup 
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Figure 4 Ratio of Tested Ultimate Moment to Calculated Moment vs. wit Ratio 
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Figure 5 Ratio of Tested Ultimate Moment to Calculated Yield Moment vs. wit Ratio 
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Figure 1 Ratio of Tested Ultimate Moment to Calculated Moment Using Reduced Yield 
Strength vs. wit Ratio 
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EXPERIMENTAL RESEARCH ON THE BEHAVIOUR OF COMBINED WEB 
CRIPPLING AND BENDING OF STEEL DECK SECTIONS 
H. Hofmeyerl , I.O.M. Kerstens2, H.H, Soijde~, M.C.M. Bakker4 
ABSTRACT 
At an interior support, sections of cold·formed steel are subjected to a concentrated load and a 
bending moment Existing design rules describing tbe section failure at an interior support are 
SUbject to improvement and are not based on tbe section's physical failore behaviour. In tbe last 
decade, several analytical models have been developed that predict tbe section ultimate 
concentrated load and directly include tbe in1luence of tbe bending moment, so that an empirical 
interaction method is not needed, However, tbe authors believe that tbese models are correct only 
for a concentrated load and a small bending moment In practice large bending moments occur. 
Therefore, tbe aim of tbe current research project is to develop an analytical model for trapezoidal 
hat sections subjected to a concentrated load and a bending moment as occurring in practice. The 
development of this model will be based on both experimental and numerical research will be 
carried out. In this article, a part of the experimental research will be presented. 
1 INTRODUCTION 
1.1 EXISTING EMPIRICAL DESIGN RULES 
Sections of cold formed steel, for example trapezoidal hat sections, can fail at an interior support, 
due to tbe load actions of bending moment and concentrated load. Currently, tbe common used 
empirical method to describe tbe failure at an interior support is given in tbe interaction formula 
below. 1ms method will be called tbe empirical interaction method. 
M 
0;-+ 
F M F 
'5."{ and -<1 and -<1 
Mu Fu Mu Fu 
M and F are tbe actual bending moment and concentrated load acting on the section. Fu is tbe 
section's ultimate concentrated load with a negligible small bending moment acting on tbe section. 
Mu is tbe section's ultimate bending moment without a concentrated load acting on tbe section. The 
factors 0;, ~, and "{ are determined by fitting tbe curve of the empirical interaction method as good 
as possible to points representing tbe ultimate loads of sections SUbjected to several ratios between 
M/M. and FIFu. The curve describing tbe empirical interaction method is graphically shown in 
figure 1. In this empirical interaction method, tbe ultimate concentrated load F. is predicted by tbe 
&curve fitting method, 1ms method uses a empirical determined formula based on tbe registered 
ultimate loads and section parameters during three-point bending tests, These tests are carried out 
with small span lengths to obtain a negligible small bending moment For tbe empirical interaction 
Ph.D. student, Eindhoven Uoiv. of Tech. (rUE), Dep. of Struc. Design, The Netherlands 
Professor of Structural Design, Applied Mechanics, TIJE. 
Professor of Structural Design, Steel Structures, TIJE, Holland Railconsult 
Assistent Professor, Computational Mechanics, Steel Structures, TIJE 
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method, the ultimate bending moment M. is predicted by using the ,effective width method. The Fu' 




FIFu 1 'YIP 
Figure 1, MIM.·FIF. diagram 
The empirical interaction method is subject to improvement because: 
• It was shown by Bakker, that the ultimate loads predicted by several F.·curve fitting methods 
can differ up to 40 %. This means that the F.·curve fitting method does not always produce 
accurate results [Bakk86a]. 
• The F.-curve fitting method is based on three point bending tests with small span lengths. It is 
assumed that the bending moment is negligible small. However, this negligible small bending 
moment is present For the empirical interaction method, the influence of the bending moment 
is thus taken into account twice: first by the interaction method itself, second by the Fu·curve 
fitting method. 
• For some sections, the Fu-curve fitting method can not be used. Due to the section properties, 
the bending moment is too large to be negligible small, even for tests with very short span 
lengths. 
• Both the empirical interaction method and Fu·curve fitting method are based on the 
measurement of ultimate loads during experimental tests. Both methods are not based on the 
section's physical failure behaviour. 
1.2 FAlLUREMECHANISMS 
To introduce the analytical models that were developed to describe the behaviour at an interior 
support and will be discussed in 1.3, the section failure mechanisms for several loading conditions 
will be described in this paragraph 
1.2.1 CONCEN1RATED LOAD AND SMALL BENDING MOMENT (F u) 
For trapezoidal hat sections, su~ected to a concentrated load and a small bending moment, two 
failure mechanisms occur [Bakk92a]: a yield·arc mechanism and a rolling mechanism. For small 
comer radii, the yield-arc mechanism occurs; for large corner radii, the rolling mechanism occurs. 
Looking at a section's cross-section, the two failure mechanisms are shown in figure 2. 
277 
The sections are subjected to a concentrated load by a load bearing plate. The yield arc mechanism 
bas fixed yield lines which do not move during the deformation. The rolling mechanism has moving 
yield lines (illustrated with an arrow). These yield lines are located at the comer raOO sides. The 
bottom flange yield lines move under the load bearing plate to the outside direction. The web 
moving yield lines move up through the web to the top side. The comer radii roll in the direction of 
the top flange. The web crippling deformation is defined as the decrease in distance between load 
bearing plate and top flange, as shown in figure 2. The flange deformation bas to be compatible 
with the web deformation. Therefore, looking at the section's side, a hinge mechanism occurs, as 
shown in figure 3. This hinge mechanism is equal for both mechanisms as shown in figure 2. 
Yl"d'OC'-""~._J,L_¥~ 
Top flange Bottom flange ~ 
Rolling mechanism Web I! ~ 1£ 1-[ * 
Web crippling deformation 
1 I I t _ .. C .. 
" ','''x, f'»» ..... __ . t -_._._......... .... ,. 
Figure 2, yield arc mechanism and rolling mechanism 
Because the hinge mechanism acts like a hinge near the load bearing plate, redistribution of 
bending moments may be possible. This will be explained below. 
J12F J12F 
Figure 3, hinge mechanism compatible with yield arc and rolling mechanisms 
In figure 4, a multi-span section is shown. If the load q for this section increases, the difference 
between the moment at interior support B and the moment in the field remains equal: 1I8*q*L2• 
L 
Figure 4, redistribution of bending moments 
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However, if the ultimate moment at B is reached because a plastic hinge has developed, the 
moment at B can not further increase. 1berefore, the moment in the field will increase as shown in 
figure 4, at the right. 
1be section fails if the ultimate bending moment is reached both in the field and at the support. 
This approach is economical compared with the assumption that the section fails if elther at the 
supports or in the field the ultimate moment is reached However, the method of moment 
redistribution can only be used if there is enough rotational capacity at the support 1berefore, the 
hinge mechanism should have enough rotational capacity to make moment redistribution possible. 
1.2.2 PURE BENDING MOMENT (M,,) 
Hat sections subjected to pure bending moment only, show a failure mechanism as shown in figure 
5, which is treated in literature [Dann9Oa, Land94a, Nest80a]. This failure mechanism will be 
called a bending mechanism and can have two forms. The two forms are shown in figure 5. In 
literature, no description was found about the web deformation mechanism (yield arc or rolling). 
Figure 5, failure mechanisms for sections subjected to a bending moment only 
1.2.3 INIERACIION (F" AND M,,) 
For sections subjected to a concentrated and a medium to large bending moment, the author did not 
found failure mechanisms described in literature. 
1.3 EXISTING ANALYTICAL MODFLS 
1.3.1 FIRST GENERATION ANALYTICAL MODELS 
To replace the empirical interaction method, several attempts have been carried out to develop 
analytical models. 1be developed models predict the ultimate concentrated load and directly include 
the influence of the bending moment, so that an empirical interaction method is not needed 1bey 
are based on the implicit assumption that the failure mechanism is not influenced by the magnitude 
of the bending moment. An analytical model based on this assumption will be called a .fu:s.t 
generation analytical model. 
The Dutch design code for cold-formed sections incorporated a first generation analytical model in 
1974. However, the correctness of this model was questionable. Reinsch presented a first 
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generation analytical model in 1983 [Rein83a]. For this analytical model, a yield line model of the 
physical failure behaviour was developed with empirically determined yield-line positions, 
observed in tests. Tsai calculated the section ultimate concentrated load with the Reinsch formulae 
and reduced this ultimate load for a smail bending moment action by manipulating load-web 
crippling deformation curves [Tsai86a]. More information is given in [Hofm96aJ. 
1.3.2 THE BAKKER MODEL 
In 1992, Bakker presented an analytical model [Bakk92a]. 'The Bakker model is presented here 
more detailed than the first generation models because during the development of the Bakker 
model: 
• Three different failure mechanisms were observed. Two of these mechanisms are also found in 
the current experimental research. 
• Parameters that significantly influence the type of failure mechanism were identified. These 
parameters are imIX>rtant for the design of the current experimental research. 
• Although the Bakker model was only developed for small bending moments, it was explicitly 
realized that the failure mechanism is influenced by the magnitude of the bending moment 
Therefore the Bakker model is no first generation model. 
Bakker carried out tests on trapezoidal hat sections subjected to a concentrated load only or to a 
concentrated load and a small bending moment During the tests, the occurring failure mechanisms 
were carefully studied and the web crippling deformation, the sUPIX>rt rotation, and the beam 
deflection were measured. 
Three failure mechanisms were found. Two mechanisms occurred frequently: the yield-arc 
mechanism and the rolling mechanism. The third mechanism was characterized by an asymmetric 
failure and was found only 3 times. It was believed that this failure mechanism was caused by a 
not fully fixed load bearing plate, able to rotate slightly. More information about this mechanism is 
presented later. 
The two failure mechanisms (rolling mechanism and yield arc mechanism) can be characterized by 
their concentrated load-web crippling deformation behaviour, as shown in figure 6 with bold drawn 
lines. 
According to the Bakker model, this behaviour can be described by a linear curve until the 
formation of a yield line mechanism is initiated. Once this mechanism is fonned, the behaviour can 
be described by a rigid-plastic curve, as shown in figure 6. 
'The mechanism initiation load is defined as the load at which the yield line mechanism is initiated. 
For the yield arc mechanism, the ultimate load is about the mechanism initiation load. For the 
rolling mechanism, the ultimate load is significantly higher than the mechanism initiation load. 
However, it is believed that for larger span lengths, for the rolling mechanism, the difference 
between mechanism inltiation load and ultimate load will decrease [Bakk92aJ. 
For the rolling mechanism, Bakker developed a yield line mechanism to predict the load F for 
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initiating the mechanism. For this prediction, the load F displacement w as shown In figure 7 was 
one of the variables used. The load F displacement w depends on the web crippling deformation 
and on the beam deflection as shown In figure 7. For a larger span length, both the bending moment 
and beam deflection increase. Because the prediction of the ultimate web crippling load Fu uses the 
beam deflection, the influence of the bending moment on Fu is directly taken into account 
mechanism initiation = .~ mechanism g 1 '0 initiation theoretical ultimate ~ ~ load j '\ thoore""" 
= = ultimate load g"2 <.> ~-g <.> 




web crippling stlffuess 
web deformation 
elastic behaviour web deformation 
yield arc mechanism rolllng mechanism 
Figure 6, load deformation diagram for the yield arc and rolling mechanism 
For various magnitudes of elastic web crippling deformation, Bakker calculated the load for which 
a yield line mechanism describing the rolllng mechanism would initiate. giving a mechanism 
initiation curve. 
Web crippling Be am deflection 
deformation t ~. ffZ23z~!_~ 
Figure 7, load displacement w equals the sum of beam deflection and web crippling deformation 
For finding the linear elastic curve, Vaessen developed an analytical model [Vaes95a). This curve 
is shown in figure 8. The intersection of the linear curve and mechanism initiation curve is the 






echo initiation curve 
web deformation 
Figure 8, calculation of mechanism initiation polnt for the rolling mechanlsm 
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It should be noted that the mechanism initiation cmve does not describe the rigid plastic behaviour 
and has no physical meaning, except at the mechanism initiation point 
The we of an elastic curve and a mechanism initiation curve is needed because the developed yield 
line mechanism for the rolling mechanism is geometrically non-linear. For geometrically linear 
yield line models, the mechanism initiation load can be calculated without taking elastic behaviour 
into account 
1.4 AIM OF CURRENT RESEARCH 
First generation analytical models carmot replace the empirical interaction method because the type 
of failure mechanism is influenced by the magnitude of the bending moment 
1llis was realized by Bakker, although the Balcker model was only developed for small bending 
moments. In practice, medium to large bending moments occur. 
The aim of the current research is to develop a new analytical model for a concentrated load and a 
bending moment as occurring in practice. Furthermore, the new model has to take into account that 
the type of failure mechanism is influenced by the magnitude of the bending moment 1llis new 
model will be called a second generation analytical model. As far as known by the author, no 
efforts have been made so far to develop such a model. 
For the development of a second generation analytical model, the failure behaviour of sections 
subjected to a ratio between concentrated load and bending moment as occurring in practice should 
be observed These observations will be carried out first by experimental research. A part of the 
experimental research is presented in chapter 2. 
The experimental research will be simulated wing advanced finite element calculations for 
improving the insight about the section behaviour. Using the experimental and numerical research, 
a second generation analytical model will be developed 
2 EXPERIMENTAL RESEARCH 
2.1 TEST SERIES DESIGN 
The objective of the experimental research is to observe mechanisms of trapezoidal hat sections at 
an interior support, subjected to a concentrated load and a bending moment as occurring in 
practice. 
Sections in practice have stiffeners in longitudinal and transverse direction. In this research project, 
first sections without stiffeners in both directions are studied. Later. sections with stiffeners in 
longitudinal and transverse directions will be tested 
For the experimental research, the following parameters should be equal to the situation in practice: 
the section properties; the ratio between the concentrated load F and the bending moment M; and 
the ratio between MIM. and FIF •. Therefore, products of two cold-formed steel manufactures were 
studied [Sab95a, Hair95a]. the ratio between concentrated load F and bending moment M in 
practice was studied. Using this information, the ratio between MIM. and FIF. in practice could be 
determined From now on. 11 will be defined as the ratio between MIM. and FIF.: 
~ n=(~J 
2.1.1 SECTION PARAMETERS 
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Regarding figure 9, the follOwing test specimen parameters as occuning in practice were studied: 
bl/> b ... bbfl 9 ... rl;1/> rj;bfl and t. [Hofm96c]. Furthermore, the following material properties were 
studied: the yield strength!)'> the ultimate strength!., the modulus of elasticity E, and the tensile 
strain at fracture £". 
b .. 
1I2b 
Figure 9, hat section cross-section properties 
2.1.2 MlF-RATIOS 
It was observed that in practice the MlF ratios equal [Hofm96c]: 
055 ft (0.167 m);S; M ;S; 1.97 ft (0.6 m) 
F 
2.1.3 n RATIOS 
The n ratios occuning in practice, can be determined by calculating the ultimate bending moment 
Mu and the ultimate concenlrated load F. for the sections studied [Sab95a, HaiI95a]. 
Fu is calculated using a formula developed by Wing [Wing81a] as shown below: 
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Fu = 2* *1.85** "'9.0'" t2 '" fty *sine w *(1.0-0.001 *;V }-(1.O+0.005 L:b) 
{1.O-0.075ti;ttf } (l.O-O.1fty )(1.O-0.1 "';is) 
TIle ultimate load is determined for one web. In this case the ultimate load for two webs is 
needed. 
'This factor undoes the design rule safety factor 1. 85. 
For the calculation of M., Eurocode 3 [Euro90a] and the Dutch design code RGSP'85 [Rgsp85a] 
are used in combination with a computer program developed by Bakker [Bakk92a]. More 
information is given in [Hofm96c]. 




FlFu 1 1.25 
Figure 10, 11 ratios as occurring in practice 
2.1.4 TEST SERIES 
Based on the section properties, the MJF ratios, and the 11 ratios as OCCurring in practice, the 
following test series was designed For each of the parameters, the values used in the test series are 
listed below: 
bif: 










3.94 in. (100 rom) 
3.94 in. (100 rom) 
5.51 in. (140 rom) 
50, 70, and 90 degrees 
0.0394 in., 0.118 in., 0.197 in., and 0.394 in. (1, 3, 5, and 10 rom) 
0.0295 in. (0.75 rom) 
47.2 in., 70.9 in., and 94.5 In. (200, 1800, and 2400 rom) 
46,376.8 psi (320 N/mm2) 
56,521.7 psi (390 N/rom2) 
3.04"'107 psi (210,000 N/mm2) 
17% 
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The values of 0.... rj:/fi rl;b" and L are variable, but rl;If and rj;b! are equal. It was shown in the 
research of Bakker [Bakk92aJ that the four parameters have significant Influence on the type of 
fallure. The values of bIf , bw, bbf, t, fY> fib E, and e., are constant for all test specimens. because it is 
assumed that these parameters have less significant influence on the type of failure [Bakk92a]. All 
values have been chosen to meet the values in practice. However, L and bw were slightly adjusted 
until the MlF and 11 ratios of the test specimens equaled the situation in practice. For every 
combination of parameter values, a test specimen has been designed, giving 36 test specimens. 
2.2 PlWTTESTSERIES 
Before testing the test sedes discussed in 2.1.4, a pilot test sedes has been designed for three 
reasons. First, the tests sedes was used to develop the test setup. Furthermore, the pilot test sedes 
was set up to investigate the influence of a 'bending and rebending' zone in the bottom flange. For 
sections having a large ratio between section height and bottom flange width, this 'bending and 
rebending' zone is needed if the press brake operation is used for producing the sections. The zone 
is produced by bending and rebending the bottom flange in the rnidzone at the same position for 90 
degrees, as shown in figure 11. More information is presented in [Hofm96cJ. 
Top flange 
\ 
Top flange \ 'Bending and rebending' zone 
,Web 
Trapeziodal hat section 
Bottom flange 
Zone is bend over 90 degrees Zone is rebend over 90 degrees 
Figure II, 'bending and rebending' lone inevitably for press-brake operation 
Finally, the pilot sedes were used to explore the section mechanisms. Therefore 0"" bb!, and L were 
varied. Sections were provided with and without a 'bending en rebending' zone to investigate the 
influence of this zone on the failure behaviour. The pilot series Is presented in the table 1. 









5.51 In. (140 mm) 
3.94 in. (loomm) 
0.118 in. (3 mm) 
0.0295 in. (75 mm) 
47,536.2 psi (328 N/mm2) 
58,115.9 psi (401 N/mm~ 
3.04*107 psi (210,000 N/mm~ 
33.5 % 
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Section . ew [deg] bbf[in.] 'bending and rebendiDl( zone L [in.] 
1 50 3.94 yes 39.4 
2 70 3.94 no 39.4 
3 70 3.94 yes 39.4 
4 90 3.94 no 39.4 
.5 90 3.94 yes 39.4 
6 70 1.57 yes 47.2 
7 50 1.57 no 55.1 
8 90 1.57 yes 55.1 
9 50 1.57 no 63.0 
10 90 1.57 no 63.0 
11 70 1.57 yes 70.9 
12 90 1.57 yes 70.9 
13 90 1.57 yes 70.9 
. 
section numbers are specified in report [Hofin96c] 
Table 1, pilot test series 
2.3 TEsT SEfUP 
In the tests, the sections of the pilot test series were subjected to a concentrated load and a medium 
to large bending moment, as shown in figure 12. 
TIle sections were loaded by a load bearing plate, fastened to a hydraulic jack. The hat sections 
were supported by support rods and bars at the section ends. Strips, preventing spreading of the 
webs, were fixed on the section upper flanges. Two strips preventing sway of the section webs and 
bottom flange were fixed on the section ends. 
Strip against Support bar 
Figure 12, test rig, mechanical part 
Measurements were carried out as shown in figure 13. The support rotations were measured using 
two displacement indicators measuring the displacement of a frame fixed to the support rods. The 
support rotations are registered to investigate the bending moment-rotation behaviour used for 
moment redistribution as explained in 1.3. The web crippling deformation was measured using 
two Linear Variable Differential Transformers (L VDT) fastened at a measurement strip. This strip 
was fixed at the upper flanges. TIle L VDT units measured the displacement between this strip and 
the load bearing plate. The web crippling deformation was measured to investigate the relation 
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between web crippling deformation and concentrated load and to investigate the relation between 
web crippling defonnation and support rotation. 
Mittutoyo displacement 
rotation 
measurement Hat section 
frame 
Figure 13. test rig, measurement part 
The beam deflection was measured using one L VnT measuring the distance between the load 
bearing plate and the support connection beam. 
2.4 TEST RESULTS 
2.4.1 OcCURRING FAILURE MODES AND MECHANISMS 
To describe the section failure behavionr, distinction has been made between the section behavionr 
at ultimate load and the section post-collapse behaviour. Failure modes will describe the behavionr 
at ultimate load and failnre mechanisms will describe the post-collapse behaviour. During the pilot 
tests two failure modes were observed, as shown in figure 14. 
Yield eye mode 
Yield arc mode 
-Figure 14, section behaviour at uiti1lU1te load 
For one failure mode, the webs were locally indented at the fonr corners of the load bearing plate, 
seeming to form a yield arc in the webs. This mode will be cailed the yield arC mode. For the other 
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failure mode, two curved yield lines, that have the appearance of an eye, occurred in the bottom 
flange besides the load bearing plate. This mode will be called the yield eye mode. 
It is believed that the yield eye mode Is caused by bending moment mainly and that the yield arc 
mode is caused by the concentrated load mainly. 
For the yield eye mode, at ultimate loa~ the tests showed that the bottom flange fails first, due to 
compression stresses in longitudinal direction. Compression stresses in the bottom flange in 
longitudinal direction are mainly introduced by the bending moment 
For the yield arc mode, at ultimate load, the tests showed that the webs fail first, due to 
compressive stresses in the web. Compressive stresses in the webs in transversal direction are 
mainly introduced by the concentrated load. 
After the attainment of the ultimate load, three mechanisms occurred as shown in figure 15: the 
yield arc mechanism, the yield eye mechanism and the Interaction mechanism. 
TIle yield arc mechanism developed from the yield arc mode. The flange deformed to be compatible 
with the deforming webs of the yield arc mode. The yield eye mechanism developed from the yield 
eye ~. TIle webs deformed to be compatible with the deforming flange of the yield eye mode. 
The interaction mechanism developed from the yield arc mechanism after large deformations. 
Yield arc mechanism Yield eye mechanism Interaction mechanism 
Figure 15, yield line mechanisms for post-collapse behaviour 
For all mechanisms, the top flange yield lines were not clearly marked during the tests. However, 
they are shown in figure 15 to indicate the hinge mechanism develops. 
2.4.3 LoAD-WEB CRlPPUNG DEFDRMATION AND BENDlNG MOMENT-ROTATION BEllA VIOUR 
For all test specimens. the load-web crlppling deformation behaviour of the yield are, the yield eye 
and the interaction mechanism is given in figure 16. For all mechanisms, the load decreases fast 
after the ultimate load. The web crlppling deformation for the yield eye mechanism seems to 
decrease after the ultimate load. However, this is not true, but is caused by lifting of the test 
specimen from the load bearing plate, giving a wrong indication for the web crippling deformation 
as shown in figure 18. The lifting of the test specimen is characteristic for the yield eye mechanism. 
The interaction mechanism acts first as a yield arc mechanism, thereafter, the behaviour of the 
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Figure 16, load-web crippling deformationfor three mechanisms 
• Yield arc mechanism 
• Yield eye mechanism 
+ Interaction mechanism 
For all test specimens, for all failure mechanisms, the same bending moment -support rotation 
behaviour occurred. lbis behaviour is shown in figure 17. 
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a :: real section height 
a-c = real web crippling deformation 
a-b = measured web crippling deformation 
Figure 18. measured web crippling deformation 
2.4.4 LOCATION OF TEST RESULTS IN FlFu AND MlMu DIAGRAM 
TIle test specimens FIF. and MIM. values are presented in figure 19. Fu and M. were calculated as 
mentioned in 2.1.3. The sections with a 'bending and rebending' zone have probably a higher Mu. 
TIlls was not taken into account, because no design rules were available to calculate the increased 
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Yield arc mode with 
'bending and rebending' 
zone 
Yield eye mode with 
.. 'bending and rebending' 
zone 
o 
Yield arc mode without 
'bending and reb ending' 
zone 
Yield eye mode without 
'bending and rebending' 
zone 
TIle sections failed by the yield eye mechanism are located in the group with the highest 11 ratios 
(figure 19). The sections failed by the yield eye mechanism are located on an almost horizontal 
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line. 'This indicates that for these sections, the ultimate load depends not on the FlFu ratio. 
However, this indication is only based on 3 tests. 
In figure 19, it can also be seen that the test series has 11 ratios between 1.14 and 2.67. Following 
paragraph 2.2 the 11 ratios should lie between 1.45 and 2.75. 'This means that for the 11 ratio the 
test series represent the situation in practice. 
3 DISCUSSION ABOUT OBSERVATIONS DURING EXPERIMENTAL TESTS 
3.1 'BENDING AND REBENDING' ZONE 
During the tests, no significant influence of the 'bending and rebending' zone on the failure 
mechanism type was found. However, sections having the 'bending and rebending zone' had a 10 
% higher ultimate load compared with sections not having the 'bending and rebending' zone. It is 
believed that this is caused by the higher yield strength of the 'bending and rebendlng zone' , due to 
the fabrication process. 
3.2 FAlLUREMODES: YIEI.J) ARC MODE AND YIEI.J) EYE MODE 
For trapezoidal hat sections, having small comer radii, at the ultimate load two failure modes were 
found: the yield arc mode and the yield eye mode. 
For small 11 ratios, without exception, the yield arc mode occurred. 'This was also found by Bakker 
[Bakk92a]. For large 11 ratios. the yield arc mode and the yield eye mode occurred. 
During the research of Bakker, the yield eye mechanism was observed three times for small comer 
radii and for the highest 11 ratios. It was believed that this yield eye mechanism occurred due to a 
not rigidly fixed load bearing plate. Now it can be concluded that this yield eye mechanism is a 
normal failure mechanism and is not caused by questionable testing conditions. 
3.3 APPEARANCE OF TIm BENDING MECHANISM FOR A SMALL CONCEN1RA1ED LOAD AND 
BENDING MOMENT 
The bending mechanism for pure bending moment is presented in 1.2. The yield eye mechanism for 
concentrated load and large bending moments is presented in 2.4.1. It is not known whether for 
very high 11 ratios, the yield eye mechanism or the bending mechanism occurs. 'This will be 
investigated using numerical simulations in which sections can be tested with very high 11 ratios. 
Using these simulations, knowledge can be obtained about the influence of a (small) concentrated 
load on the behaviour of sections subjected to a large bending moment 
3.4 REDIS1RIBTITION OF BENDING MOMENTS 
In 1.2 the moment redislribution phenomenon is presented. In 2.3.4. the bending moment-support 
rotation for the tested sections is presented in 2.4.1. For these sections, it is questionable whether 
moment redislribution is allowed, because the bending moment decreases sharply after the ultimate 
bending moment is reached. Rotation capacity is limited 
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4 CONCLUSIONS 
• A pilot test series was carried out with specimens with small comer radii, giving MIF and 11 
ratios as found in practice. The 'bending and rebending' zone had no influence on the type of 
failure. Further experimental work will be carried out to test the definite test series with 
sections without the 'bending and rebending' zone. 
• For sections having small comer radii and subjected to a concentrated load and a medium to 
large bending moment, two failure modes occur: a yield arc mode and a yield eye mode. 
• After the ultimate load, three yield line mechanisms occur: a yield arc mechanism, a yield eye 
mechanism, and an interaction mechanism. 
• It is questionable whether moment redistribution can be used for sections with small corner 
radii. For all failure mechanisms rotation capacity is limited 
• The yield eye mechanism found in the tests show that during the research of Bakker, the 
assumption that this mechanism is caused by a not fully fixed load bearing plate was incorrect. 
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NOTATION 
Bottom flange width, as shown in figure 9. 
Flat bottom flange width, as shown in figure 9. 
Section width as shown in figure 9. 
Top flange width, as shown in figure 9. 
Flat top flange width, as shown in figure 9. 
Web width, as shown in figure 9. 
Flat web width, as shown in figure 9. 
Modulus of elasticity. 
Concentrated load acting on a section. 
Steel ultimate strength. 
Section ultimate concentrated load resistance. 
Steel yield strength. 
Section height, as shown in figure 9. 
Section height, as shown in figure 9. 
Section span length. 
Bending moment acting on a section. 
Section ultimate bending moment resistance. 
Interior comer radius between web and bottom flange, as shown in figure 9. 
Interior corner radius between web and top flange, as shown in figure 9. 
Comer radius between web and bottom flange, as shown in figure 9. 
Comer radius between web and top flange, as shown in figure 9. 
Steel plate thickness. 
Equally distributed load acting on section. 
Factor used for interaction fOl1l1ula for predicting section behaviour at interior support, 
empirically determined. 
Factor used for interaction IDl1l1ula for predicting section behaviour at interior support, 
empiricall y determined. 
Tensile strain at fracture. 
Ratio between MlMu and FIFu. 
Angle between web and top flange, as shown in figure 9. 
Factor used for interaction fOl1l1ula for predicting section behaviour at interior support, 
empirically determined. 
Abstract 
Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
St. Louis, Missouri U.S.A., October 17-18, 1996 
DESIGN MODELS OF CONTINUOUS SANDWICH PANELS 
Paavo Hassinen I & Lassi Martikainen 2 
Static behaviour and failure modes of single-span lightweight sandwich panels are well known in generai 
and severai design guidelines and recommendations have been published concerning the determination of 
the resistance values for the design. At intermediate supports continuous sandwich panels are loaded by 
high bending moments and transverse suppoI1 reactions simultaneously, which leads to nonlinear 
interactions between the stresses caused by the bending moment and support reaction. TIle interaction 
failure modes have not been introduced on acceptable level in the cutTent recommendations. The paper 
presents experimental and analytical results concerning the static behaviour and strength of the intelmedi ate 
SUPPOlt area and further, makes proposals of new calculation models for the serviceability limit state design 
and repoI1s impOltant findings for the ultimate limit state design of continuous sandwich panels, 
1. Introduction 
Sandwich panels with steel sheet faces and a plastic foam or mineral wool core are used to cover walls and 
roofs of buildings but also to build up ceilings and to depart spaces inside buildings. Sandwich panels are 
indust.rially produced building components, which from the static point of view can in most cases be 
classified to be beanl structures. Continuous multi-span sandwich beams are used to span roofs from the 
ridge to the eaves and walls from the eaves to the foundations to escape transverse joints between the 
panels, which may be risks for water- and air-tightness of the structure. In the design additional critetia 
have to be set up for the intermediate support area to take into account the combinations of high bending 
moments, shear forces and SUpp0l1 reactions. 
In fiat steel sheet faced sandwich panels the global bending moments cause axial compressive and tensile 
stresses in the faces. The shear forces yield in shear stresses mainly in the core layer. At intelmediate 
supports, the SUppOlt reactions cause transverse loads to the sandwich stlUcrure, which results in local 
bending st.resses in the face layer placed against the SUpp0l1 suucture, and further, local compressive and 
shear sU·esses in the core layer. The axial compressive sU·esses in the face caused by the global bending 
moments increase the local SU'esses in the face and core because of the geometrically nonlincar interaction. 
In addition to that, also the nOll-elastic stress-straln behaviour of the face and core materials influence on 
the local and global resistance of the sandwich stlUcture. The first failure in the face or in the core layer 
caused by the combination of bending moment, shear lorce and support reaction establish the criterion for 
the serviceability limit state. The remaining bending, shear and support reaction resistances of the cross-
section after the first failure effect on the ultimate limit load. 
Two different loading cases have to be separated for the analysis and design of multi-span sandwich panels. 
In tlris work tile cases are nanled positive and negative SUPPOlt reactions and they indicate tile direction of 
the SUppOlt reaction at the intermediate support. Also tile sign of the global bending moment changes 
according to the direction of the SUppOl1 reaction. Positive sUPPOl1 reactions cause compressive contact 
: Laboratory manager, Helsinki University of Technology, Laboratory of StlUctural Mechanics 
Research scientist, Helsinki University of Technology, Laboratory of SUuctural Mechanics 
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stresses between the SUppOlt sUucture and the sandwich panel. In this case the face placed agalnst the 
support sUucture is loaded by compressive axial stresses. Negative SUppOit reactions cause tensile sU'esses 
in the fasteners between the support suucture and the sandwich panel, in which case the outer face is 
loaded by axial compressive stresses but also by transverse loads caused by the heads of the fasteners. 
According to the assumptions made for the analysis, sandwich panels are divided into thin faced and thick 
faced sandwich panels. TIle faces of thin faced sandwich panels are flat or lightly profiled and the flexural 
stiffness of the faces has no intluence on the global bending moment and shear force distIibutiollS. The 
faces of tllick faced panels are usually sU'ongly profiled and their flexural stiffness has to be taken into 
account in the analysis of global stress distIibutions in the face and core layers. When investigating the 
local behaviour at the supports, even the small flexural stiffness of the face layer has effects on the stress 
distributions and strength. In tllis paper the faces are assumed to have negligible flexural stiffness in the 
analysis of global stress resultants but the fiuite stiffness is taken into account in evaluations of the local 
stresses and resistances at the intelmediate SUppOitS. 
2. Failure modes at intermediate supports 
In the previous works of the authors, derivations of analytical expressions have been presented for the 
design of sandwich panels at intermediate supports lHassinen & Martikaillen 1994, 1995/. Those 
formulations have resulted in a set of expressions, which cover the tluee fallure modes for the serviceability 
limit state design; shear fallure of tile core (Eq. I), crushing fallure of the core (Eq. 2) and bending and 




Fig. 1. Failure modes of continuous sandwich panels at intermediate supports; a) shear fallure, b) core 
crushing fallure and c) face bending and buckling fallure. 
't c ~ Icv 
(j cc ~ Icc 





In the equations, the left sides of the expressions represent the design stresses, which are the stress values 
caused by the characteristic loads multiplied by the partial load factors. The right sides of the expressions 
represent the strengths and resistances being the corresponding characteristic values divided by the material 
safety factors. In this paper the design philosophy and safety factors are not studied and, therefore, the 
safety filctors are not either included in the given expressions. 
The shear failure (Eq. 1) is assumed to be a separate failure mode without any interactions with bending 
and SUppOI1 reaction resistances. The shear fallure of the most core materials is a brittle-type failure mode 
leading to total collapse of the sandwich panel. 1he expelimental observations made in this research show, 
that the core layers made of structural rock wool do not fail in totally brittle way in shear, but have also 
some plastic-type shear resistance. This fact may change some of the basic assumptions in the design of 
multi-span sandwich panels. However, this observation may not be valid to all types of wool cored 
sandwich panels. The shear failure has not been studied in greater detail in this work. 
In the conventional design the first plastic strains in the structure define the criterion to the serviceability 
limit state load. To accomplish an accurate deSign, the values of the both sides of the design equations 
(Eqs. 1-3) have to be evaluated as exactly as possible. In this work models to evaluate the stn~sses (left 
side) at intermediate SUppOits are investigated in Chapters 3.1 and 4. The models for the str'engths and 
resistances (right side) of the two last failure modes (Eqs. lb,c) are given in Chapters 3.2 and 4.2. 
1he first failure mode of a multi-span sandwich panel does not always determine the load-bearing capacity 
of the structure, but the panel is able to carry more load until the final collapse. If the failure mode is not a 
brittle shear failure, generally a plastic hinge with zero bending resistance is assumed to turn into the 
stmcture at the intermediate support, and the continuous sandwich panel is assumed to change to a series of 
simply sUPPOIted beams. However, the failed cross-section at the intelmediate support has some remaining 
plastic bending resistance, which has effects on the bending moments and shear forces in the span and, 
thus. also on the ultimate limit load. 
The influence of the remaining bending resistance on tlle load-bearing capacity of a sandwich panel can be 
described by the plastic postbuckling strength of the compressed face layer at the intermediate SUppOlt. 
Based on the equiliblium of the loads an example has been calculated to show the additional load which 
could be canied Uu'ough by a sandwich panel (Fig. 2). The plastic compression strength of 30 MPa 
represents the level of remaining compression strength values observed in the experiments with full-scale 












Fig. 2. Example depicting the additional load caITied through by a two-span sandwich panel with a 
remaining bending resistance at the central support. Depth of the sandwich panel is 100 mm, thickness of 
the faces 0.55 mm, compression strength of the face in the span 120 MPa and the remaining plastic 
compression strength at the central support 30 MPa. 
3. Positive support reaction 
3.1 Interaction between bending moment and support reaction 
Stress resultants at an intermediate support of a continuous thin-faced sandwich beam consist of a bending 
moment, shear force and support reaction (Fig. 3a). At the support the lower face can be described by a 
beam-column model, which is loaded by a compressive axial force Ns and a SUppOlt pressure q(x) and 
stabilized by the load p(x) caused by the core layer (Fig. 3b). The shear force is carried by the core layer 
alone. If the SUppOlt beam is symmetric and its cross-section does not distort when loaded by the support 
pressure, the support reaction can be assumed to consist of two Hne loads, Rf2, located at the edges of the 
SUppOit beam (Fig. 3c). Based on the above assumptions the design equations (2) and (3a) lead finally in 
the following two expressions giving the serviceability limit state design criteria for the face and core layers 
/Hassi/le/l & Martikaillell J995/. 
a R 1 <1 
cr w.2 + RII J1- cr S2 -
cr w,2 
where a and 
and (4,5) 
(6a,b) 
Parameters RR and Rc represent the support reaction resistances determined by the face and core layers and 
Cf".2 the ideal wrinkling stress of a thin face layer based on the two-parameter foundation model. Cf.\'2 and R 
arc the axial compressive stress in the lower face and the support reaction. The numerical values of RR , Rc 
and Cfw.2 depend on the values of the two foundation coefficients. kw and kJ representing the U'ansverse 
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Fig. 3. Modeling the intermediate SUppOlt area for the serviceability limit state design: a) Stress resultants 
at symmetlic intermediate support, b) beam-column model describing the behaviour of the lower face and 
the core and c) model used in derivation of design equations. 
In practice there are many difficulties in determining the numerical values of the foundation coefficient5. 
TIleretbre, several ways have been studied to simplify the equations (4, 5). Comparisons with experimental 
results show the design expressions (7, 8) to yield in a reasonable agreement IMarfikainen & Hassinell 
1996/ (Fig. 4). 
--;===51 and 
R, 
!i 1 < 1 
R, ~1- cr S2 -
ffe 
(7).( 8) 
SUppOlt reaction resistance R, in equations (7, 8) is calculated using the model given in ECCS- and CIB-
Recommendations /ECCS 1991. ECCS&C1B 19931: 
(9) 
The model represents the local support reaction resistance of the core layer but it indirectly takes into 
account also the influence of the flexural stiffness of the lower face by increasing the compressed width of 
the core with the depth of the panel. In the recommendations the distribution factor 11 has the value of 
11 =0.5 for the SUppOlt reaction resistance at the intermediate supports. TIle distribution factor can also be 
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Fig. 4. Design ClOves for positive support reaction loading case at intermediate support. Curve drawn with 
thin line depicts the equation (7) and the curve drawn with bold line the equation (8). 
Expression (7) results in always lower values compared with the expression (8), which could indicate, that 
the strength of the face is dominanI compared with the strength of the core layer. However, the comparison 
shows that the equation (8) represents bet1er the experimental results in average (Fig. 4). On the other hand, 
the simplified formulae (7, 8) do not describe any more the real static behaviour of the face and core at 
intermediate supports. Based on these f<lcts a set of three design equations covering all the three failure 
modes at intermediate supports are recommended for the practical design. 
't e S; fe •. (10) 
R 1 (11) 
R, 
0' S2 S;ffc (12) 
In expeliments, sandwich panels only with thin flat steel-sheet faces were investicated. If sandwich panels 
with lightly profiled face layers are installed on narrow support beams, the second model given in ECCS-
Recommendations may be more suitahie in evaluations of the support reaction resistances. In the model the 
face is assumed to be a beam, which is subjected to two line loads at the edges of the support beam and 
supported by an elastic Winkler's foundation modeling the core IECCS 19911. With this addition, the 
expression of the support reaction resistance (9) could be extended to 
(13) 
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where A ~ Ls and (14), (\5) 
Validity of the expressions (11), (I2) and (13) to sandwich panels with lightly profiled faces have to re 
verified experimentally. 
If the support beam is an open cold-fOimed Z- or C-profile, Ihe support pressure in not distributed 
symmetrically over the prOfile's upper flange, recause one of Ihe edges of Ihe flange is supported by the 
web plate while the another being supported only by a flexible edge stiffener. In the calculations the suppol1 
width Ls could possibly re replaced wilh a reduced width of the profile's upper flange, L's = 11' bp • To 
verify the model, experimental and analytical investigations are needed to check the local failure modes and 
to determine the resistances of sandwich panels supported by asymmeuic open cold-formed profIles. 
3.2 Remaining bending resistance 
In sandwich panels the compressive force Ns caused by Ihe global bending moment Ms is carried by the 
face layer alone. After the first failure at an intermediate support, a thin compressed face is still able to 
carry axial compressive forces, but the compression resistance is notably reduced compared with the 
compression strength cOlYesponding the first failure at the intelmediate support. The compression 
resistance decreases ful1her with the axial and bending deformations of the face. Therefore, Ihe remaining 
rending resistance after the first failure has to re evaluated on Ihe basis of the corresponding plastic 
rotation at the intermediate SUppOl1 (Eq. 16). DisU'ibution of stress components in the faces and core after 
ihe first failure is a rather complicated task because of ihe unclear multi-axial yielding and fracture 
criterion of the core materials. Therefore. the remaining bending resistance is usually evaluated in a 
macroscopic scale wiihout any profound analyses of disU'ibutions of sU'esses and strains. Several 
procedures have been developed for the design of trapezoidal sheetings and purlins and they can be used 
also in determining the sU'ess resultants of sandwich panels at Ihe ultimate limit state at the supports and in 
the spans IUnger 1973, Luure & Crisinel1993, Eurocode 19931. The methods developed for sheetings and 
pW'lins base on three point bending tests, which are used to simulate Ihe stress resultants at Ihe intelmediate 




Fig. 5. Principles of the determination of remaining plastic hending resistance at an intermediate support 
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(16) 
where e pI (17) 
When applying Eqs. (16) and (17) to sandwich panels, the displa.,;ements caused both by the axial tensile 
and compressive deformations of the faces and by the shear deformations of the core layer have to be 
included in the elastic part of the rotation. 
a) 
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Fig. 6. Experimental bending moment deflection curves of full-scale two-span sandwich panels loaded 
using the partial vacuum chamber. The first failure modes in the tests were the shear failure (Test 23), the 
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Fig. 7. Experimental bending moment - deflection curves of fun-scale two-span sandwich panels loaded by 
fl:lUr line loads in each span. The first failure modes in the tests are a core crushing failure (Test 31) and a 
face bending and buckling failure (Test 33). 
Real load-deflection behaviours of continuous two-span sandwich panels can be seen in FIgs. 6 and 7 
IMartikainen & Hassinen19961. The bending moment deflection curves are linear up to the first failure at 
the central support. The first failure was the shear failure or the crushing failure of the core or the bending 
and buckling failure of the lower face depending on the span and the support width of the specimen. The 
first failure mode has large effects on the remaining bending resistance at the central support. The core 
shear and crushing failure modes result in bending resistances, which vanish wi th the displacements while 
the face buckling and bending failure modes yield in notable remaining bending resistances, which could be 
utilized in the design of multi-span sandwich structures. 
4. Negative support reaction 
4.1 Flexibility of fasteners 
In the design models sandwich panels are assumed to be supported by immovable supports, which allow 
free rotations and axial deformations but no transverse displacements at the supports. The assumption is 
valid to sandwich panels, which are pressed against relatively rigid and narrow support beams. But if 
sandwich panels are loaded by wind suction loads or by thermal loads caused by the temperature 
differences between the face layers resulting in negative support reactions, the flexibility of the commonly 
used fasteners leads to transverse movements at the supports. That has large effects on the support 
reactions and the bending moment and shear force diagrams and, further, on the deflections of sandwich 
panels. The same is true in the case of positive support reactions, if the support beams are flexible enabling 
notable transverse displacements at the support lines of sandwich panels. The flexibility of the fasteners 
and support beams is an important design parameter especially in the loading cases, which include thermal 
loads. Namely, the flexibility of supports changes, and in the case of thermal loads, even reduces the 
support reactions and internal stress resultants but increases the deflections of sandwich panels. 
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Fig. 8. Experimental and calculated support reactions and deflections of a three-span sandwich panel 
loaded by temperature differences between the face layers; a) static system. b) temperature loading history. 
c d) SUppOlt reactions at the first and second intennediate SUPPOltS. e f g) deflections in the first end span. 
central span and in the second end span and h) deflection at the second intemlediate support. 
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In calculation models the flexibility of fasteners can be modeled by a displacement spring cOlTesponding the 
tangential or secant tensile stiffness of the fastening system. The tensile stiffness depends very much on the 
fastening system. The special hidden fasteners placed in the longitudinal joints between two sandwich 
panels show a higher flexibility than the common screw fasteners ch'iJ]ed directly Uu'ough the panels to the 
SUpp0l1 suucture. The flexibility of the support sUucture can also be modeled by a displacement spring 
constituting the second spring in the series, which models the total transverse stiffness of the supports lines. 
Influence of the tlexibility of the special hidden fasteners is illustrated in Fig. 8, which shows experimental 
and calculated suppol1 reactions and deflections of a Uu'ee-span sandwich beam loaded by temperature 
differences between the face layers IMal'tikaillell & Hassinell19961. The faces of the test panels were made 
of steel sheet with a thickness of 0.48 mm and the core layer of a sUuctural rock wool. Depth of the test 
panel was 100 nml and the width 1200 mm. The test panel was fixed with two hidden fasteners at the both 
intermediate supports. In the calculations spring constants, k = = and k = 300 N/mm are used to estimate 
the flexibility of the fastening system at an intermediate support. The sUPPOl1 beams have been immovable 
in the test. 
Comparisons between the experimental and calculated results show large differences, if the spring constant, 
k = =, is used. The finite spring constant, k 300 Nlmm, modeling the tensile flexibility of the fasteners 
results in already a reasonable agreement between the experimental and calculated results. In reality, the 
tensile stiffness of the fastening system is not constant, but changes with the load. Therefore, the analysis 
with a constant stiffness results in approximate results. The use of spting stiffnesses, which depend on the 
tensile load in a fastener, complicates the analysis Significantly. 
4.2 Influence offasteners on bending resistance 
Two fastening systems are common in fixing the sandwich panels with the support sttuctures. Wall panels 
are most often fastened with screws drilled directly through the panels. For roof panels, special hidden 
fasteners have been developed to guarantee the water- and air- tighrness, The spotlike connection gives rise 
to initial imperfection in the cross-section of sandwiCh panel. The heads of the screws stress directly the 
thin face layer, which is loaded by compressive sU'esses in the longitudinal direction at the intelTllediate 
support. The special hidden fasteners load the joint between the two panels. The influence of the hidden 
fasteners on the resistance of sandwich panel depends strongly on the stiffness and sU'ength of the stlUctural 
details in tile joint. 
Fig. 9 shows experimental stt-ess disU'ibutions detemlined from llie measured strains in tile outer surfaces of 
llie faces of three-point loaded sandwich panels IMal'tikaillen & Hassinen19961. The test panels were fixed 
willi the loading beam willi hidden fasteners placed in the longitudinal joints or with screws drilled through 
the panels. Based on the stress distributions and observations in the tests following remarks can be made, 
Special hidden fasteners 
SU'ess disuibutions In the compressed face are relatively uniform and constant over the whole compressed 
face. Small asymmetry in the connection system increases llie longitudinal and transverse stresses in llie 
opposite edges of the specimen. In the test the specimen curved strongly around the longitudinal axes, 
which phenomenon stiffened the compressed face because on the cw'ved shape and the u'ansverse tensile 
stress field in the face. The specimen failed by a sudden buckling-type failure mode of the compressed face. 
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Fig. 9. Experimental results based on measured strains in three-point bending tests with two fastening 
systems; special hidden fasteners (Test 91) and screw fasteners (Test 92). a) Test arrangements. 
be) stresses of the compressed face in the longitudinal and de) in the transverse direction at the mid-span of 
the specimen, fg) longitudinal tensile stresses (GIl) and transverse compressive stresses (G 12) in the lower 
face and h) cross-sections of the specimens and locations of the strain gauges. Markers on the curves in 1) 
and g) show the load levels, on which the stress distributions are presented in figures b)-e). 
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Screw collnectors 
Connectors produce high stresses in the compressed face close to the connection points in longitudinal and 
transverse directions. Because of that, presumably only a part of the width of the compressed face carries 
through effectively the axial load. The specimen failed by a buckling failure mode of the compressed face. 
The failure stalted from the geometric imperfections caused by the screws. The tests with screw fasteners 
showed the location of the screws in the cross-section to have large effects on the imperfections and failure 
modes. A screw on a longitudinal stiffeners in the face caused higher imperfections compared with a screw, 
which was placed in a plane part between the stiffeners in the compressed face. The increased number of 
screws in a cross-section seemed not to increase the bending resistance of the sandwich paneL Remaining 
bending resistance is relatively low in sandwich panels fastened with screw cOllnections. 
5. Conclusions 
TIle paper presents results of a research project on the static behaviour and strength of continuous multi-
span sandwich panels. Test results are compared with results of analytical expressions detived in the 
previous contributions of the authors. Test specimens in the research have been lightweight sandwich 
panels with thin flat steel-sheet faces and a stmctural rock wool core layer, which has to be taken into 
account when applying the results to other sandwich panel products. On the basis of the results of analyses 
and tests the following conclusions can be drawn 
• positive SUPPOl1 reaction 
Three failure modes can be sep:mtted at the intermediate SUpp0I1 of mUlti-span sandwich panels. A new 
design expression is added to take into account the interaction between the bending moment and support 
reaction and to replace the previous equation for core compression failure. The shear failure mode of the 
core and the compression failure mode of the face can be studied using the known design expressions. 
• negative SUPPOlt reaction 
Flexibility of the fasteners has large influence on the bending moment and shear force distributions and 
on the deflections, in patucular, if the sandwich patlels are loaded by thermal loads. The flexihility can be 
taken into account by modeling the fasteners by displacement springs con'esponding the tensile stiffness 
of the fastelting systems. 
Fasteners cause geometric imperfections in the compressed face. which reduce the re~istance of sandwich 
panels at intermediate SUPPOI1S down to 70 ... 50% compared with the bending resistance in the span. 
Special hidden fasteners placed in the longitudinal joints seem to result in a smaller reduction compared 
with the screw connection systems. 
• remaining bending resistance 
After the tirst failure, sandwich panels can have notable remaining bending resistance at intemlediate 
suppol1s. The remaining resistance depends strongly on the dominating failure mode at the SUppOIt and is 
different in loading cases concerning the positive and negative SUppOl1 reactioll. 11lerefore, a cOllservative 
value of zero remaining bending resistance is recommended to be used in the design if the existing failure 
modes can not be sepat'ated in each design case. 
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modulus of elasticity of the core 
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width of the SUppOit of sandwich beam 
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bending resistance in the span 
remaining bending resistance at intelmediate support 
compressive force of the lower face caused by the bending moment Ms 
SUppOit reaction 
SUPPOIt reaction capacity based on the strength of the lower face 
support reaction capacity based on the strength of the core 
support reaction capacity 
width of flange of open cold-formed profile 
Neper's constant, distance between centroids of upper and lower face 
compressive strength of Ll}e core material 
shear' strength of the core material 
compressive strength of the face layer 
remaining compressive strength of the face at intermediate SUPPOlt 
yield stress of face material 
spring constant 
foundation coefficient of Winkler's foundation model 
second foundation coefficient in two par'ameter foundation model 
relation between wIinkling stress and yield stress 
par'ameter 
relation between SUppOit reaction capacities 
elastic and plastic parts of deflection 
distribution factors 
compressive stress in core layer 
stress of lower face 
bending stress oflower face caused by SUppOit reaction 
wrinkling stress of face layer based on two par'ameter foundation model 
axial compressive stress in the lower face caused by the moment Ms 
shear stress in core 
rotation 
elastic and plastic parts of rotation 
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SUMMARY 
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STRUCTURAL DETAILING OF OPENINGS 
IN SANDWICH PANELS 
by 
Ton Tamil' and Wim Courage" 
European Recommendations [1] exist which provide calculation rules to 
determine the strength and stiffness of sandwich panels composed of two 
metal faces with a foam in between. In case of openings in such panels 
(e.g. for windows) an influence will appear with regard to the stiffness 
and loadbearing capacity. At the institute TNO Building and Construction 
Research this item has been studied (numerical and experimental) which has 
resulted in simple design rules in addition to the before mentioned 
calculation rules for panels without openings. 
The program has been executed with financial support of the European 
Community for Coal and Steel together with a number of Dutch panel manufac-
turers. 
• senior research engineer. TNO Building and Construction Research. Department 
of Structural Engineering. Rijswijk, The Netherlands 
•• research engineer. TNO Building and Construction Research. Department of 




The existing European Recommendations for the structural design of sandwich 
panels [ref. 1] provide calculation rules and testing procedures for 
sandwich panels composed of two metal faces with a foam in bet,~een. The 
calculation rules are focussed on the checking of: 
maximum bending moment I1m• x : 
The moment t1.".x leads to a tensile force Ne and a compression force Nd 
in the metal faces. The values of Ne and Nd are equal and wi th a 
magnitude t1...x/e, where e is the distance between the faces (see 
figure 1). The requirement is that the stress caused by the tensile 
force shall be less than the yield strength of the relevant face and 
the stress caused by the compression force shall be smaller than the 




a wr =0. S2 
modulus of elasticity of core material, 
shear modulus of core material. 
modulus of elasticity of face material. 
maximum shear force Dmax: 
The shear force D~x leads to a shear stress in the core material 
equal to D~/(e*B), with B being the width of the panel. This shear 
stress shall be smaller than the shear stress capacity of the core 
material. 
maximum deflection: 
The maximum deflection shall be determined including the shear 
deformation in the core material. For a single span panel loaded by 








w=-q- *(1 +k) 
384B, 
span of the panel, 
O. 5e'A,E" 
cross section of one face, 
cross section of core material. 
The calculation rules described above are valid for sandwich panels without 
openings. Often openings are required (e.g. in case of windows in the wall 
or chimneys on the roof). In practice the panels can possess sufficient 
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reserve capacity to prevent extra additional stiffeners around the opening. 
This can be the case when: 
the thickness of the panels is determined on the basis of 
thermal insulation requirements and strength or stiffness is 
not governing, 
the openings are situated outside the regions where the maximum 
bending moments or shear forces appear. 
To derive a design procedure for the judgement whether openings in panels 
can be applied without additional stiffeners, a research program has been 
executed which is reported hereafter. 
2. RESEARCH PROGRAM 
The European Recommendations for the design of sandwich panels [1) provide 
rules for panels without openings. A research program has been executed 
with respect to design rules which determine the situations in which 
openings can be applied without additional stiffeners. One of the starting 
points for the research was to derive rules in such a way that only some 
correctionfactors' to the existing rules for panels without openings are 
introduced. 
In order to fulfill that condition the following format with correction-
factors has been taken as hypothesis for the design rule: 
Herein: Kt a stress concentration factor to be determined with 
a numerical study, 
the capacity of a sandwich panel without opening 
related to tension or compression in the faces or 
shear in the core, 
the force in the sandwich panel caused by the ex-
ternal load related to tension or compression in 
the faces or shear in the core, 
a factor determined experimentally which takes into 
account the maximum allowed stress concentration at 
failure. 
Choosing this approach, the objective of the research program then was to 
determine relations quantifying Kt and a. 
2.1 Setup of the research program 
In the research program the internal stress distribution, of external 
loaded panels with openings, has been determined with the use of a numeri-
cal model based on a finite element method. By means of full scale tests on 
panels with openings the numerical model has been validated. After valida-
tion the numerical model has been used to calculate the stress concentrati-
ons (K t ) in the faces and the core material around the opening, and the 
influence of the opening to the deflection at midspan. 
For the final calculation rules, besides the stress concentration factor, 
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it was necesarry to introduce a factor (a) on the strength capacity 
belonging to the panel without an opening as determined with [1]. This 
factor with respect to thc strength capacity has been determined experimen-
tally on a number of representative sandwich panels. 
The research program has been limited to panels with core material of foam. 
Furthermore following edge conditions have been defined for the research 
program: 
panel width: 0.6 1.2 m, 
span of the panels: smaller than 7 m, 
statical systems being single or mUltiple span, 
width of the opening: 10% to 80% of the panel width, 
form of openings: only rectangular openings with sharp corners 
(other forms of openings will always lead to smaller stress concen-
trations) . 
2.2 Validation of numerical model 
At the institute TNO Building and Construction Research the finite element 
program DIANA is used. Within this program a special element is developed 
to describe the behaviour of sandwich panels. To determine the accuracy of 
the final element calculations experiments on full scale sandwich panels 
\qi th openings have been executed, see figure 2 showing the instrumentation 
of one of the panels for these validation tests. Parameters investigated in 
these tests were sharp and curved corners of square openings, width of the 
openings and finally a round opening. Comparisons of the testresults and 
the calculationresults show a good correlation with respect to stress 
concentrations around the openings and the stiffness of the panels. The 
results of these experiments and the comparisons with the numeric calcula-
tion results are described in reference [2J. 
2.3 Numerical parameter study for determining Kt 
To determine the internal force distributions in sandwichpanels numerical 
parameter studies have been executed. For these studies the before mentio-
ned finite element program has been used. The experiments described in 
2.4 of this paper - are simulated in this study. Furthermore the dimensions 
of the openings have been varied within 10% to 90% of the panel width. 
The distribution of the axial stresses in the faces and the shear stresses 
in the core in the vicinity of a opening has been examined. As an example 
of such a calculation result figure 3 presents the distribution of the 
normal stress in the face (multiplied by the face thickness). The presented 
figure shows, as a consequence of symmetry, only a quarter of the relevant 
area around the opening. In the figure the y-axis coincides with the span 
direction. 
For the normal stresses (compression and tensile) in the faces and the 
shear stress in the core material the local stress increment around an 
opening has thus been calculated. The calculated maxima for these stress 
values are related to the total normal respectively shear force present in 
the cross section. In this way the stress concentration factors Kt are 
determined. Using the calculated values for these factors an equation has 
been derived for Kt as a function of the dimension of the opening. 
For the stress concentration factor with respect to the normal stress in 
the faces the follOlqing relation has been derived: 
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2.27 +4.35(bjB) -5.48 (bjBi K, 
1-(bjB) 
\fuereas for the stress concentration factor IVith respect to shear of the 
core: 
l-(b/B) 
From this equation appears that for shear the stress concentration can be 
neglected, I"hich means that the shear stress may be assumed equally 
distributed over the remaining cross section of the core asides the 
opening. 
The numerical studies and the derivation to the equations are described in 
reference r 3] . 
2.4 Experimental study for determining a 
For the determination of a a number of bending tests on full scale sandIVich 
panels have been executed. In choosing the test specimens distinction has 
been made \'lith regard to the possible failure modes: 
Yielding of the metal face in tension 
Four-line bending tests have been executed on panels 'vith openings at 
mid span (see figure 4 for the test setup). The dimensions of the 
were 60% and 3D % of the width. In order to obtain yielding 
has been chosen thinner than the face 
in compression. 
Wrinkling of the metal face in compression 
Comparable tests as for yielding of the face have been executed, but 
the thickness of the faces has been taken equal to each other to be 
(see figure 5). 
For shear of the core material three-line bending tests have been 
executed, \>iith the square opening in the panels situated near the 
support. 
With the results of the experiments the following equations for a have been 
derived: 
For yielding of the face: 
Q y ~ 2.45 - 0.2(b/B) l.03(b/B)" 
For "rinkling of the face: 
a. ~ 2.49 - O.62(b/B) O.2l(b/B)" 
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- For shear of the core material: 
a 1 
3. RESULTS OF THE RESEARCH PROGRAM 
The research program has resulted in a number of design rules for strength 
and stiffness. 
The strength rules can be divided into two categories: 
- Set of detailed rules 
The detailed rules are described in chapter 2. The at the 
introduction of 2 can be hold as correct 
and a can be taken respectively 2.3 and 2.4. 
Set of simplified rules 
With the simplified rules it is possible in a quick, but conservative 
way, to judge whether I~ithout further calculations or special measu-
rements (e.g. extra stiffeners) an opening with width b can be 
applied. These rules are (with Nc.p,,"y and Dcapad,y related 
to the panel without opening): 
* 
Yielding of the face: 
b 5 0.218 B (Ncapacity, tel1sion!N1oad -1.0) for 0.1 5 biB 5 0.6 
b 5 0.061 B(Ncapadty,tension/Nlcad+6. 06) for 0.6 5 biB 5 0.8 
* 
lhinkling of flat face: 
b 5 0.234 .0) for 0.1 5 biB 5 0.6 
b ::;; 0.081 .85) for 0.6 5 biB 5 0.8 
* 
Shear of core material: 
For stiffness the calculation rule for a sandwich panel vrithout an opening 
can be corrected in following ,~ay: 
Herein: w' deflection at midspan of a panel with an 
span, for 0.1 5 biB 5 0.8 and 0.5 ::;; fib ::;; 
at mid-
w deflection at midspan of a panel without an opening, 
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k, -O.880+0.033(tlb) , 
k, O.094+0.205(tlb). 
length of opening 
4. CONCLUSIONS 
The paper provides detailed and simplified rules to determine the strength 
and stiffness of sandwich panels with openings. The sandwich panels should 
have a foamed core and metal faces. 
When for a required opening the rules lead to an inacceptable situation, 
following measurements are possible: 
gluing of extra stiffeners around the opening; these stiffeners can 
be designed on the basis of tests or a finite element calculation 
with adequate sandwich elements, 
the panel with the opening transfers the load to neighbouring panels; 
in this case the seam connection between those panels should be given 
serious attention with respect to strength and flexibility. 
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Follo,qing symbols are used in this paper: 
cross section of core material. 
cross section of one face, 
width of opening in a sandwich panel, 
,.,idth of a sandwich panel. 
a. 5e'Af Ef , 
maximum shear force in a sandwich panel caused by external 
load, 
centre to centre distance of the faces, 
modulus of elasticity of core material, 
modulus of elasticity of face material, 
shear modulus of core material, 
a stress concentration factor to be determined ''lith a numerical 
study, 
length of opening 
span of a sand'>lich panel. 
maximum bending moment in a sandwich panel caused by external 
load, 
the capacity of a sandwich panel without opening related to 
tension or compression in the faces or shear in the core, 
compression force in the face caused by the bending moment, 
the force in the sand,.,ich panel caused by the external load 
related to tension or compression in the faces or shear in the 
core, 
tensile force in the face caused by the bending moment, 
equally distributed load on a sandwich panel, 
deflection at midspan of a sandwich panel. 
an experimentally determined factor which takes into account 
the maximum allm.,ed stress concentration at failure, 






Tensile and compression force in respectively lower and 
upper face as a consequence of M..ax. 
View of a test panel with the strain gages used for the 
validation of the numerical model. 
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Galculated distribution of normal stress around a 60% 
opening. 
Vie,., of the test setup of the four-line bending tests to 
determine Ct. 
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Figure 5: The failure mode wrinkling of a flat metal face. 
Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
St. Louis, Missouri U.S.A., October 17-18,1996 
NON-LINEAR BUCKLING ANALYSIS OF THIN-WALLED METAL COLUMNS 
J M Davies' and C Jiang" 
Introduction 
Uniformly compressed cold-formed metal columns are susceptible to instability in a variety 
of modes. In the stability analysis of such a column, using any of the available numerical 
methods with the exception of the eigenvalue method, the perfect geometry of the column 
must be 'seeded' with an imperfection in order to cause it to collapse. If the member buckles 
in a global mode, it is easy to introduce an appropriate imperfection in form of a suitable 
displaced shape. However, it is more difficult to define the imperfections for the distortional 
and local buckling modes due to the unknown nature of the critical buckling patterns. 
The eigenvalue method can be used to predict the bifurcation buckling of a perfect member 
and linear solutions of eigenvalue problems have been well developed and documented. 
However, because many members buckle in the nonlinear region, it is necessary to develop 
non-linear solutions for eigenvalues. In the authors' studies, the eigenvectors from linear 
eigen-solutions have been introduced as the imperfections in non-linear finite element analysis 
using ABAQUS version 5.4. However, this may not always be sufficiently accurate because 
the patterns of linear buckling and non-linear buckling could be different. 
Unfortunately, if a problem with a large number of degrees of freedom is analyzed using the 
finite element method, the existing methods are expensive in terms of either time or memory 
consumption. In this paper, a non-linear solution of eigenvalue problems set up using the 
finite element method is developed. The method has been used to analyze some stability 
problems in the uniformly compressed uprights of steel pallet racks. The results from 
analyses and tests agree well [1]. 
Geometric and material non-linearity 
It is well known that geometric non-linearity in degenerate shell elements is caused by the 
second strain derivative terms [2]: 
• Professor of Structural Engineering " Research Fellow 
Manchester School of Engineering, University of Manchester, Manchester, U.K 
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ey, (Jy' 2 (Jy' 
au' av' aw'aw' (1) E ~ Y x'y' + - + E. + E{ (Jy' ax' ax' (Jy' Y,',' au' awl 
+-
Yyl,1 az' ax' 0 
av' awl 
-+-..... ~ 
az' (Jyl 0 
where u ' , Vi and Wi are displacement components in the direction of the local cartesian 
coordinates x', y' and z' of the element and to and tl are respectively the linear and the non-
linear contributions to the strains. The bold symbols denote matrices and column vectors. 
Material non-linearity may be considered as [2J: 
dcr (2) 
with the elastic-plastic matrix Dcp given by: 
D = D 
ep 
(3) 
In the above equations, (J and € are the stress and strain vectors respectively, D is the general 
elasticity matrix, a is the general displacement vector and H' is the hardening parameter. 
These non-linearities are considered in forming the stiffness matrix K and the geometric 
stiffness matrix Kg. 
Non-linear eigenvalue problems 
In finite element analysis, the second-order behaviour of a structure can be expressed by the 
following equation 
(4) 
The geometric stiffness matrix Kg depends on the stresses (J caused by the external forces F. 
In both linear and non-linear stability analyses, the applied load on the structure is regarded 
as a fixed loading pattern multiplied by some factor A. The critical load vector Fer can be 
defined as the load F multiplied by the smallest value of A at which the displacements of 
structure become indeterminate, i.e. at bifurcation of equilibrium. This condition can be 
written mathematically as: 
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(5) 
This is a problem of detennining eigenvalues Xj and corresponding eigenvectors ai (buckling 
patterns) for the pair of matrices K and Kg. 
From the engineering point of view, only the lowest value of the critical load has practical 
significance so that it is only necessary to detennine the minimum value of X. However, in 
the case when such a bifurcation has a stable character, a secondary critical load may be of 
importance. This is a consequence of the differences between perfect structures and 
imperfect structures. 
In a linear stability analysis, the matrix K of equation (5) is the global elastic stiffness matrix 
Ke which is independent of the stress and strain levels and Kg is independent of the load 
history. For a nonlinear buckling analysis, the matrix K in equation (5) has to be the global 
elastic-plastic matrix Kep" In this case, the matrix Kep is not constant because the plastic 
property matrix depends on the stress level and specific features of the material models. 
Furthennore, Kg is then dependant on the stress-strain history. 
Existing non-linear solutions of eigenvalue problems 
Non-linear solutions of equation (5) can be achieved by an appropriate modifieation of the 
elasto-plastie stiffness matrices Kep and Kg at each load increment, so as to include suitable 
stress-dependent coefficients that are representative of the state of plasticity in the material. 
For non-linear buckling analysis, the critical state of stress is reached when X in equation (5) 
is equal to unity. One way of solving this problem is the method adopted by Pifko and 
Isakson [3], in which a process of trial and error was used employing a bisection strategy. 
In this method, the stress state is calculated, the matrices Kep and Kg are then computed 
based on these stresses at a trial loading level, and the corresponding lowest eigenvalue is 
then determined. If the eigenvalue so determined is sufficiently close to one, then the trial 
loading is critical. If it does not equal one, the current trial loading has to be increased or 
decreased for the next trial. This procedure is repeated until X equals one or the convergence 
criterion is satisfied. Obviously, this method is simple and easy to programme. However, 
it is rather inefficient because it involves repeatedly solving the eigenvalue problem at every 
trial loading level. 
Gupta presented a method [4-6] which was based on the Stunn sequence property [7,8] also 
employing the bisection strategy. The most useful consequence of the Sturm sequence 
property is that for any guessed value of X, the number of sign ehanges in the determinant 
of (Pj - XI) for i 0, 1,2, ... n is equal to the number of eigenvalues of (P XI) which are 
less than X. The matrix I is the unit matrix and the matrix P results from the standard form 
(P U)x ~ 0 (6) 
of the general eigenvalue equation (5). Gupta's method avoids the computation of the 
eigenvalue at each trial loading level which makes the method more efficient. However, the 
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method involves a triangularization process at each trial load level and needs core to store 
the upper symmetric half of both of the matrices Kep and Kg. When a problem with a large 
number of degrees of freedom is dealt with, much memory and computation time are 
consumed. This method was used by Lau and Hancock in combination with the spline finite 
strip method [9J. 
An improved solution for eigenvalues 
The method proposed in this paper [1] is based on the inverse shift iteration technique in 
combination with a finite element analysis using degenerate shell elements. 
The stiffness matrix K,p can be obtained from the normal procedures for stress analysis using 
the finite element method. The geometrical stiffness matrix Kg depends on the values of the 
stresses in the elements as well as on the assumed displacement field. In special cases, the 
stresses in the elements may be known exactly. However, this is usually not usually the case 
so that a stress analysis by the finite element method, using the same element discretization 
as the subsequent buckling analysis, seems natural. 
Since an iteration scheme is used to solve a nonlinear problem, the load is gradually 
increased by increasing the load factor A. If the inverse shift iteration technique is used to 
compute the eigenvalue, the lowest eigenvalue Ai can be always obtained at each load level 
(Ai should be kept small in order to prevent the load from reaching the higher buckling 
modes). Based on the eigenvalue Ai at the last load level, the current load factor Ai+ 1 can 
be predicted to make the current eigenvalue equal one. The load factor Ai+\ for next 
eigenvalue solution is then suggested as: 
if A; > 1 (7) 
if Ai < 1 (8) 
where the factor 1] (0 < 1] < 1) can affect the convergence speed of the eigenValue 
solution. The optimum value of 1] depends on the problem being analyzed and the 'gold 
division coefficient' 0,618 is suggested for general use. 
Figure 1 is the flow-chart that shows how the subroutine is connected to a programme of 
normal stress analysis. 
Optimization of the computation 
If a normal solution method is adopted to solve equation (5), for example the Gaussian 
elimination method, for a relatively simple problem with (say) 150 nodes using a PC-486DX 
with a 6,75-megabyte memory, many hours of computation would be needed. It follows that 
it is practically impossible to analyze stability problems of this type on a PC with a normal 
equation solution method, However, the matrix Kep is symmetrical and its coefficients have 
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Banded structure of a typical finite element analysis 
This means that the coefficients are clustered around the diagonal stretching from the top left 
hand corner of the matrix Kep to the bottom right-hand corner. In trus case, there are never 
more than B non-zero coefficients on either side of the leading diagonal in any row, where 
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B is the half band width: 
B (d + 1) f (9) 
where d is the maximum difference in the node numbers for all of the elements of the 
assemblage and f is the number of degrees of freedom at each node. Since the displacements 
u, v and w of the ninth node of the 9-node Heterosis element used in the authors' analysis 
are restrained, the half band width B for this case is: 
B (d + 1) f 3 (10) 
Therefore, only the leading diagonal terms and B-1 additional coefficients per row need to 
be stored for calculation and a great deal of memory and computation time can be saved. 
The most economical method of storage is to store the lower band of the matrix in a 
rectangular array by shifting the rows in order to align the band structure. With this half 
banded array, equation (5) for the typical problem discussed above can be solved by 
Cholesky's method [7] using only 0.786 megabytes of memory and about 5 minutes 
computation time. 
It may be noted that, in each iteration i, Kga; al+ 1 has to be computed and Kg is a very 
large array. In order to save further memory, an efficient method is to compute kga; for each 
element and to add the products to a i+! simultaneously without assembling and storing Kg. 
In practice, at each load level, the nodal displacements are substituted for the eigenvector a, 
instead of an identity vector as generally adopted in equation (5), in order to accelerate 
convergence. By this method, for a problem which will be described later, the estimated 
eigenvalue could be obtained with only 20 iterations while, if the identity vector is used, 
more than 70 iterations would be needed in order to achieve the same accuracy in the 
estimated eigenvalue. The computer codes for the developed method can be found in 
reference [1]. 
Analyses of uniformly compressed columns 
A total of 68 channel sections of different sizes and shapes, thicknesses and steel grades were 
tested in the fixed-ended condition under uniform compression by Lau and Hancock [9] and 
analyzed using the finite strip method. These sections and lengths are typical of those used 
in practical pallet rack construction. The sections RA17, RA24, RL17 and RL24, as shown 
in Figure 3, have been analyzed using the developed method with 9-node Heterosis shell 
elements. 
The mean stress-strain curves of HR340 and G450 steel from which the columns were made, 
as shown in Figures 4(a) and (b), were determined from tests. These were assumed to be 
reasonably representative for the specimen material and therefore they were used by Lau and 
Hancock in their inelastic finite strip analysis. The nonlinear range of the stress-strain curves 
is highly significant since the majority of members failed in this range. Because of the cold-
forming operation, strain hardening and age hardening would be caused at the corners of the 
member and these should be taken into account in the analysis. Figures 4(a) and (b) show 
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the mean stress-strain curves obtained by tests and these were reduced to analytical curves 
for inclusion in the analysis. 
78.2 80.3 
'·'1 2.1 2.896 RA24 
28.21 
86.1 81.2 
·°1 2.8 '&1 2.1 1.868 2.388 RL17 RL24 
22.1 I 26.41 
~ 
:l<'igure 3 Dimensions of sections RA17. RA24. RL17 and RL24 
An analysis to evaluate the accuracy of the Heterosis element mesh was performed for the 
RA24-300 section (the suffix 300 is the specimen length in mm). The two meshes used are 
shown in Figure 5(a) for 18 x 15 elements and in Figure 5(b) for 14 x 8 elements and the 
resulting buckling stresses may be compared. It was found that the mesh shown in Figure 
5(b) is sufficiently accurate and that the buckling stress computed with this arrangement is 
only approximately 2.6% higher than is obtained using the more refined mesh shown in 
Figure 5(a). In order to economise on computation, 14 x (Ll34) elements, where L is the 
length of the member, were adopted in the authors' analyses. The maximum aspect ratio of 
the length b to the thickness t of the elements was less than 18.5. 
Results and comparison with tests 
The results given by a number of alternative analyses, such as the finite element method 
(FEM) with the developed eigenvalue method, the 'Generalized Beam Theory' (GBT) [10] 
and the spline finite strip method (SSM) [9] are compared with the test results in Figures 6-9 
and in the Appendix. The subscript 'in' donates the nonlinear analysis and Fy is the yield 
stress of the material. A typical buckling configuration, which is plotted from the computed 
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Figure 4 Mean stress-strain curves (a) HR340 steel (b) G450 steel 
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L· SOO mm 
(a) 18x26 mesh (b) 14x8 mesh 
Figure 5 Two mesh options for finite element analysis 
It is interesting to note the following phenomena: 
1. The buckling mode given by FEM can be different from that given by the spline finite 
strip method. For specimen RA17-800, both the elastic and inelastic buckling modes 
from the finite element method are local modes while those from the finite strip 
method are distortional. For RA24-1500, the inelastic buckling mode from finite 
element method is a flexural mode, which agrees with the test, while that predicted 
by the finite strip method is distortional. For these sections, the results obtained 
using finite strip methods are slightly lower than those using finite element methods. 
2. In the non-linear analysis of the section RA24-300 using FEM, an eigenvalue A equal 
to one could not be achieved. This meant that the member failed in compressive 
yield before buckling could occur. This case can often be met in the analysis of a 
stub column. 
3. The wave lengths of distortional buckling of sections RA17 l300-1900 and RL17 
l300-1900 are so long that the number of buckling half waves could not be 
determined though they are evidently much longer than those of local buckling. 
4. Fixed end conditions have a great influence on torsional buckling. In the analyses 
using FEM, the torsional buckling mode does not appear to occur due to the boundary 
condition where the three displacement components u, v and wand the two rotation 





200 .............................. .............. ............ .. 
100~··········································· .. ····· ...................... . 
FEM(Elaatlo) 
···13·· Inalaatlo atrlp 
-+- aaT 
X Taat raaulta 













BOO 1-..................................... . 
400 
200 .. - ··FEM{ETiii.uoJ ······"'+"·aS1.. . . ........ ... ...* .. ElaatJoafrlp· 
··B·· Inelaatlo atrlp X Teat reaulta + FEMOnelaatlo) 

























BOO ".,.""" .. ,"""""', .. ,., .. 
BOO 
400 ............ j ........ ,""""" ........... ,,!Q! .. .. 










The method of non-linear eigenvalue solution discussed in this paper is wotthy of recognition 
because it produces an accurate prediction of the buckling stresses using a relatively simple 
procedure which requires much less memory and computing time in order to detennine the 
eigenvalue. 
The analysis used for the unifonnly compressed columns is slightly more accurate for sholter 
wave-length local and distortional modes than for the longer wave-length flexural-torsional 
modes, probably as a result of geometric imperfections which would have a greater effect 
on the longer wave-length modes and which were not accounted for in the eigenvalue 
analysis. Another reason is presumably the number of elements used which can, of course, 
also affect the accuracy of the solution. 
Greater attention should be given to the distortional buckling mode by the designers of cold-
fonned sections. For columns with cross-sections and lengths commonly used in practice, 
distortional buckling may be more critical than either local buckling or torsional flexural 
buckling. 
It may be noted that the effect of imperfections can be great for imperfection sensitive 
structures and an eigenvalue solution can over estimate the maximum load capacity of a 
structure. In this situation, the eigenvectors from the non-linear eigen-solution may be 
introduced as an imperfection pattern. This method is preferred if the post-buckling 
behaviour is accompanied by a secondary path. 
Figure 10 A typical buckling configuration obtained using FEM 
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Appendix Analytical results 
Section RAl7 (E = 185 kN/mm\ Fy 406.2 N/mm2) 
Length SSM SSMin GBT FEM TEST (mm) (MPa) (MPa) (MPa) (MPa) (MPa) 
300 416.3L 329.1 L 419.3 409.1 L 341.9 L 350.5 L 
800 403. 9D (1) 318. 9D (1) 410.9 394.8 L 321. 0 L 320.7D(1) 
1300 348.9D(2) 285.4D(2) 353.5 364.7 D 311. 6 D 304.3D(2) 
1500 342.5D(3) 280.5D(3) 337.1 347.3 D 308.1 D 302.2D(3) 
1700 323.8D(3) 274.0D(3) 324.9 340.3 D 297.6 D 292.4D(3) 
1900 316.3D(3) 272.3D(3) 322.1 338.2 D 296 .2 D 289 .1D (3) 
Section RA24 (E = 200 kN/mm2, F y 478.8 N/mm2) 
Length SSM SSMin GBT FEM TEST (mm) (MPa) (MPa) (MPa) (MPa) (MPa) 
300 855.1L 457.2L 874.4 860.0L 456.0L 
800 661.7D(2) 407.lD(2) 650.1 652.9D(1) 416.7D 412.5D(1) 
1100 577.7D(2) 399.4D(2) 593.2 596.3D(2) 393.5D 382.0D(2) 
1500 534.0D(3) 391.7D(3) 551.7 588.7D(3) 392.3FT 367.0 FT 
1700 528.5D(4) 383.6FT 537.5 570.8FT 389.0FT 367.0 FT 
1900 519.1 FT 365.3FT 480.9 562.4FT 366.7FT 335.2 FT 
Section RL17 (E = 185 kN/mm2, Fy 406.2 N/mm2) 
Length SSM SSMin GBT FEM FEMin TEST (mm) (MPa) (MPa) (MPa) (MPa) (MPa) (MPa) 
300 336.5L 293.6L 351. 3 351.8L 293.9L 337.0L 
800 321.6L 287.9D(1) 326.3 324.2L 288.0L 306.5D(1) 
1300 319.5D(2) 285.4D(2) 355.2 322.6D 286.6D 288.0D(2) 
1500 319.5D(2) 279.7D(3) 340.7 320.0D 280.1D 286.9D(3) 
1700 320.5D(3) 276.6D(3) 328.6 320.3D 277.6D 280. 4D (3) 
1900 315.2D(3) 269.6D(3) 315.5 318.2D 276.0D 262.0D(3) 
Section RL24 (E = 200 kN/mm2 , Fy 478.8 N/mm2) 
Length SSM SSMin GBT FEM FEMin TEST (mm) (MPa) (MPa) (MPa) (MPa) (MPa) (MPa) 
300 830.8L 464.9L 867.8 857.1L 466.1L 450.5L 
800 807.9L 430.2D(2) 819.4 801.8L 406.7D 410.2D(1) 
1100 702.6D(2) 418.7D(2) 702.7 719.6D 393.5D 393.9D(2) 
1500 645.0D(3) 393.7 FT 617.2 633.7D 386.9FT 380.0 FT 
1700 572.9FT 376.8 FT 534.6 589.5FT 369.1FT 354.9 FT 
1900 484.1FT 357.6 FT 447.2 502.4FT 336.7FT 311. 5 FT 
In the table, the numbers in parentheses are the numbers of distortional buckling half waves 
revealed by the analyses and: 
L = local mode 
D = distortional mode 
FT = torsional-flexural mode 
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EFFECT OF BRACING STIFFNESS ON BUCKLING STRENGTH OF 
COLD-FORMED STEEL COLUMNS 
Pratyoosh Gupta!, S.T. Wang2 and George E. Blandford2 
Abstract: A three-dimensional second-order analysis is used to study the effect of brace stiffness 
on the buckling strength of cold-formed steel columns. The finite element formulation uses an 
iterative updated Lagrangian scheme to include the second-order geometric non-linear effects in 
the space frame element as well as the connection element used to model a brace. Lateral brace 
stiffness required to achieve full bracing for a two-dimensional column, and lateral and torsional 
brace stiffnesses required for a three-dimensional cold-formed steel column are studied. The 
strength requirement for various brace components, the effects of column initial imperfections, 
and the impact of varying warping boundary conditions are also investigated. 
INTRODUCTION 
Light weight structures are becoming increasingly popular resulting in slender structural 
members. Thus, determination of the buckling behavior of the members is impOltant. It is very 
common to provide bracing for slender members to increase their buckling capacity. It is essential 
to provide lateral andlor torsional bracing in order to provide full column bracing and to make 
sure that the deflections of the column are within pemlissible tolerances. Full bracing is defined as 
equivalent in effectiveness to an immovable lateral or torsional SUppOlt. 
The effect of lateral bracing on the buckling strength of columns has been studied 
extensively by various researchers over the years. Winter (1960) presented a simple elementary 
method that permits the lower limits of strength and rigidity of lateral support in order to provide 
full bracing. Wang et al. (1980) presented the bracing requirements for locally buckled thin-walled 
columns. These authors performed bifurcation analysis and load incremental analysis for simple 
thin-walled columns to detennine the restraint stiffness requirements. Wang and Nethercot (1989) 
investigated the brace stiffness requirements using a three-dimensional analysis and included the 
effects of initial imperfections and plasticity on the section. Plaut and Yang (1993, 1995) 
performed extensive parametric studies to determine the lateral brace stiffness requirements for 
multi-span columns with two or three spans. These authors based all their findings on two-
dimensional analyses, i.e., pure flexural analysis about the weak axis for hot-rolled sections. Most 
of the authors mentioned above presented two-dimensional analyses for pure flexural buckling or 
bifurcation analysis for flexural-torsional buckling for hot-rolled steel sections. 
In this paper, a three-dimensional analysis with the inclusion of second-order geometric 
non-linear effects is used to determine the buckling loads of cold-formed steel columns with 
I Graduate Assislant, Department of Civil Engineering, University of Kentucky, Lexington, KY 40506-0281. 
2 Professor, Department of Civil Engineering, Universily of Kentucky, Lexington, K Y 40506-0281. 
Voice: (606) 257-4916, Fax: (606) 257-4404. 
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various lateral and torsional brace stiffuesses. An initial imperfection is also considered for the 
various columns considered. A connection elcment is used to model the brace stiffuess at the 
column midheight. Effects of support warping restraint on the brace stiffuess requirements is also 
investigated. 
FINITE ELEMENT FORMULATION OVERVIEW 
A computcr program GNSFAP (Geometric Nonlinear Space Frame Analysis Program) 
based on the finite elcment theory developed by Chen (1990) is used in this study. Some details of 
the finite element formulation and numerical analysis are explained below, but complete details are 
provided in Chen (1990), and Chen and Blandford (1991 a, b; 1993; 1995). 
This finite element formulation for the large-deformation analysis of space frame 
stmctures is based on second-order geometric nonlinear theory and Vlasov's theory for thin-
walled beams (i.e., large displacement of members with small strains, and includes the warping 
deformation influence). Rodriguez's modified rotation vector is used to represent angular 
deformations, which avoids rotational discontinuities at the joints of deformed space frame 
stmctures. Two local eoordinate systems are used in the finite element development: complete 
(fixed local) reference which is used to locate the initial beam position, and a cantilever bound 
reference. A displacement field defined on the cantilever bound reference experiences no 
displacement or rotation at end a (Fig. I (a» except for the warping deformation. 
Frame Element : There are eight deformation degrees of freedom for the space frame finite 
element, U~"U~y,u~z,8:,8~,8~,X:'X: where subscript's' refers to the displacements at the section 
shear center; superscripts 'a' and 'b' refer to beginning and end nodes of the finite element, 
respectively; translational displacements are represented by u; Euler rotations by 8; and warping 
deformation by X. An clement stiffuess matrix k~ is developed using the usual finite element 
procedures discussed in Chen and Blandford (1991 a) based on a cubic interpolation for torsion 
and bending about each axis with a linear interpolation of the axial deformation. 
For the usual finite element development, the rotational displacement components 8. 
(=fjl,), 8y, and 8, arc chosen, but components 8y and 8, do not equal the modified rotation vector 
components fjly and fjlz. A geometric discontinuity results at a corner node where an axial rotation 
component $, of one member is assembled to a bending rotation component 8y or fl, of another 
member. For the finite clement developed by Chen and Blandford (1991a), components of the 
modified rotation vector arc chosen as the rotational displacement field and the eight deformation 
degrees of freedom for the cantilever bound reference (Fig. I(a» areu~ ,u~,u:z' $:,$~,$: ,X: ,X: . 
Stiffuess matrix k~ is transformed to kl based on the modified rotation vector components and a 
cantilever bound reference. Element stiffuess matrix kl is used for element force recovery since 
rigid body displacements are excluded. The stiffness matrix k~ can be expressed as 
(1) 
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in which transformation matrix T$ and geometric stiffness matrix k~+ are given in Chen and 
Blandford (1991 a). Superscript 'f signifies frame element. Furthelmore, k~ is transformed to 
matrix k;$ based on the complete reference. The displacement field (fourteen displacement 
degrees of freedom) for the complete reference is U:, , U;y ',<t> ~, <t> ~ ,<t> ~ ,U~, . U :y . 
u :z, <t> ~ ,<t> : ' <t> ~ ,X: • X ~ (Fig. 1 (b» and the stiffness matrix can be wlitten as 
(2) 
in which the details for the clement geometric stiffness matrix k;ge and transformation matrix B" 
are provided in Chen and Blandford (1991a). 
Flexible Connection Element; Development of the flexible connection clement follows the same 
steps shown above for the frame element. Again, two different coordinate systems arc used and 
various assumptions considered in the formulation arc explained in Chen and Blandford (1995). 
Geometric nonlinearity is also considered in the connection element fOimulation. The connection 
element also has fourteen degrees of freedom (dof) as in the frame clement case including the 
warping dof. Second-order geometric nonlinear terms arc also included as in the frame element. 
The stiffness matrix on the complete reference k;~ is represented by 
(3) 
in which k~ is the connection element stiffness matrix defined on the cantilever bound reference; 
B+ is the connection clement displacement - defolmation transfOimation matrix; and k:g is the 
geometric stiffness matrix on the complete reference (Chen and Blandford 1995). 
Transformation details fi'om the shear center to an arbitral), connection point and other 
transformations involved in the fonnulation are given in Chen (1990) and Chen and Blandford 
(1995). 
Structure Equations: The beam and connection element stiffness matrices of (2) and (3) are 
transformed fi'om the local coordinate system into the global coordinate system (Chen and 
Blandford 1991b) and are then assembled together using the conventional direct stiffness analysis 
procedure. These global stiffness equations can be represented as 
(4) 
in which K is the global structure stiffness matrix; oq is the global iterative change in the 
displacement vector; Ie is a load multiplier; P is the reference load vector; F is balanced or 
equilibrated force vector; pre-superscript k+ I denotes current load step; and subscript i signifies 
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the iteration number. An iterative updated Lagrangian scheme is used to include second-order 
geometric nonlinear effects, i.e., the structure geometry is updated for each iteration within the 
load step based on the iterative change in displacements. Work-increment-control and modified 
Newton Raphson methods are used for the solution of the nonlinear global stiffness equations 
presented. The details of the work-increment-control method are given in Chen and Blandford 
(l991b; 1993). 
NUMERICAL RESULTS 
Extensive verification of the computer program GNSFAP (Geometric Non-Linear Space 
Frame Analysis Program) has been performed and the results are compared with available 
analytical solutions. The numerical solutions have been found to be in good agreement with the 
analytical results. 
Two-dimensional analysis results for a thin-walled Euler column are presented for the 
purposes of studying convergence. Two and three-dimensional analysis results are presented for a 
cold-fOlmed steel column to study the bracing requirements. The constitutive properties for all the 
columns considered in this study arc: elastic modulus E 20000 kN/cm2 and shear modulus G = 
7590 kN/cm2• The boundary conditions for the two-dimensional columns are: at the bottom 
support displacements UI (translation in x-direction), VI (translation in y-direction), WI (translation 
in z-direction) and rotations 8xh 8Yl> XI (rotation about strong axis, torsional rotation and warping 
rotation, respectively) are zero, but rotation about weak axis 8z1 is non-zero; at the top support of 
the column the boundary conditions are that of the bottom support except that displacement along 
the length of the column V2 is non-zero. All the displacement degrees of freedom at intermediate 
nodes arc restrained except the weak axis rotation (8zl ), translation in weak direction (u) and 
translation along the column length (v), so that the column is forced to act as a two-dimensional 
column. The boundary conditions for three-dimensional column at the bottom support are: 
restrained against translation in all three directions, free to rotate about weak and strong axes, 
restrained against torsion but free to warp, unless specified otherwise; and the boundary 
conditions at the top support of the column are similar to that at the bottom support, except that 
it is free to translate in the longitudinal direction or along the column length (i.e., roller support). 
None of the displacement degrees of fi'eedom at intermediate nodes (seven at each node) are 
restrained. A second-order geometric non-linear analysis is performed for all the columns. An 
asymmettic initial geomettic imperfection L\x is specified for both the two- and three-dimensional 
braced columns studied. The initial deflection (imperfection) is provided by adding together a half 
sinewave L\xl with amplitude dOl and a full sinewave L\x2 with amplitude do2 . These deflections are 
expressed as 
d . (21tX) 02 sm L ; (5) 
The magnitudes of the initial displacements in Eqn. (5) are small and each column can be 
considered to be almost perfect within allowable tolerances. An initial asymmetric imperfection is 
used so that the second buckling mode will be clearly identifiable. The stability or the buckling 
load Pcr for braced columns is defined as the load corresponding to a midheight lateral deflection 
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of twice the initial imperfection (2dol), as for practical design purposes it is undesirable to have 
deflections greater than 2do1 at midheight of the column (Winter 1960). 
Convergence of Finite Element Solution: A convergence study of the finite element solution is 
reported in this section and results are compared with the weak axis Euler load Py of the column. 
Properties for the thin-walled I-section (Wang et af. 1980) are: Ax (area of cross-section) = 11.61 
cm
2
; Iy (moment of ineliia about weak axis) = 33.39 cm4 ; Iz (moment of inertia about strong axis) 
665.97 cm4; J (torsion constant) = 0.421 cm4; c'v (warping constant) = 3437.26 cm6; and L 
(length of column) 254 em. The boundary conditions and nodal restraints are that for a two-
dimensional colwnn. An initial geometric imperfection Ax is given about the weak axis in 
accordance with Eqn. (5) to initiate bending. An amplitude of dol=0.0005L for the half sinewave 
and an amplitude of do2=0.000 I L for the full sinewave is used in Eqn. (5). Sincc the column for 
this case is not braced, the column stability load Pcr is defined to be the load at which the tangent 
stiffness is reduced to 10.8 thc elastic tangent stiffness. 
Fig. 2 shows the buckling load ratio versus an increasing number of elements used to 
discretize the column. The Euler load of this column is 102.180 kN. In Fig. 2 the stability load Per 
is non-dimension ali zed with respect to the weak axis Euler load Py. Convergence is obtained with 
an eight element discretization. It is seen that even with six elements, the ratio PcJPy is 0.963 
which is very close to the ratio of 0.959 for an eight element discretization. The converged load is 
smaller in value as compared to the Euler load due to the inclusion of second-order geometric 
nonlinear effects in the present analysis. An eight element discretization is used for all the 
subsequent column analyses. 
Lateral Brace Stiffness/Strength Requirement for Two-Dimensional Column: The effect of 
lateral bracing provided at midheight on the buckling strength of a column is studied. A cold-
formed I-section (C4x2.25xO.105) is considered from the Cold-Formed Design Manual (1987) 
which consists of two channel sections back to back. Properties for this section are: Ax = 3.28 
cm2; Iy = 2.39 cm4; Iz = 26.47 cm4; J = 0.078 cm4; Cw 23.44 cm6; and L (length of column) 64 
cm. The boundary conditions and nodal restraints are that of a two-dimensional colwnn. An initial 
geometric imperfection (Ax) is given about the weak axis in accordance with Eqn. (5) to initiate 
bending. An amplitude of dol=UI 000 for the half sinewave and an amplitude of do2= VIOOOO for 
tbe full sinewave are used in Eqn. (5). A concentrated force is applied on the top of the colwnn. 
The lateral brace (with stiffness Km or non-dimensionalized stiffness Sx) at midheigbt is modeled 
using a flexible connection element. The non-dimensionalized brace stiffness is defined as 
(6) 
Geometric non-linearity in the connection element is also considered. The lateral brace stiffness is 
adjusted by varying the translational stiffness of the connection element (Km). All the degrees of 
freedom (dot) of the connection element except the translational dof are slaved to the midheight 
node of the column. 
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Fig. 3 shows the load-displacement curve for the lateral displacements at the midheight of 
the column at the brace location for a brace stiffness of Sx = 27.33 at which the column buckles 
into the second mode, as shown in Fig. 3. 
Fig. 4 shows the stability load ratios, i.e., P,,/Py, with varying lateral brace stiffness for the 
two-dimensional column. It is seen that Sx 27.33 yields a stability load of approximately 4Py, 
i.e., the second buckling mode is encountered. Hence, full bracing is achieved for this column. 
5 shows the axial force in the brace with increasing lateral brace stiffness. It is observed that 
the maximum strength required for the brace is approximately 5.5 % of the weak axis Euler 
buckling load. Deflected shapes of the column about the weak axis for different values of lateral 
brace stiffness are shown in Fig. 6. It is observed that the second flexural buckling mode occurs at 
a lateral brace stiffuess ofS. 27.33. 
Torsional Brace Stiffness Requirement for a Three-Dimensional Column : The three-
dimensional column consists of the same cold-fOimed I-section (C4x2.25xO.l 05) as that 
considered for the two-dimensional case. Boundary conditions and nodal restraints are that of the 
three-dimensional column. Initial imperfections are provided about both the strong and weak axes 
ofthe column in accordance with Eqn. (5) with amplitudes of do1 =LllOOO and d02= Lli 0000. Such 
imperfections lead to a small initial twist in the column. The full lateral brace stiffness of Sx 28 is 
assumed for this column which is slightly higher than the stiffness determined D:om the two-
dimensional analysis (i.e., S. = 27.33). Again, a flexible connection element is used to model the 
torsional stiffness of the brace (Kwy) to the column at midheight. The non-dimensionalized 
torsional brace stiffness (Say) is expressed as 
GJ 
(7) 
where J torsion constant of the column. 
Fig. 7 shows the non-dimensionalized stability loads of the column with increasing 
torsional stiffness of the brace at midheight. It is observed that if Say = 0, torsional buckling with 
Pcr 1.6Py occurs, which is velY close to the theoretical value of the column torsional buckling 
load of 1.67Py computed fi-om Timoshenko and Gem (1961). It is seen that a torsional braee 
stiffness of SIly = 550 eliminates the torsional buckling mode and forces the column back into the 
second flexural buckling mode about the weak axis_ Fig. 8 shows the bending stl'ength required 
(23 kN-cm) for the brace provided for the three-dimensional column. 
Effects of Warping Restraint at Supports on Torsional Brace Stiffness Requirement 
Effects of various warping end conditions of the column are studied. The three-dimensional 
column considered in the pl'Cvious section is used. The warping degrees of freedom were not 
restrained (warping free or warping fixity factor = 0.0; Blandford 1994) in the previous section at 
the supports. Two different cases are considered in this study. In the first case, the warping fixity 
factor for the supports is considered to be 0.5 and in the second case, the warping is fully 
restrained (warping fixed or warping fixity factor 1.0) at the suppOJ1s. A flexible connection 
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element is used at each support of the column to model the varying warping stiffnesses. In both 
cases, a full lateral brace stiffness of Sx = 28 is provided. It is seen from Fig. 9 that the torsional 
brace stiffuess requirement reduces with increasing warping fixity. A torsional brace stiffuess of 
SOy = 400 for the first case leads to the second flexural buckling mode and it is observed that no 
torsional brace stiffuess is required if the column ends are fully restrained against warping, as is 
considered in the second case. 
SUMMARY AND CONCLUSIONS 
A finite element formulation for large-deformation analysis of space frame structures 
based on second-order geometric nonlinear theory (large displacement of members with small 
strains) and iterative updated Lagrangian geometry con'ections has been used to perform analyses 
of columns with a midheight brace. A flexible connection element included in the program is used 
to model the lateral and torsional brace of each column. 
The lateral brace stiffness required to provide an effective brace for the column to buckle 
into the second mode has been evaluated when the column is restricted to pure flexural bending 
about the weak axis. It has been shown by means of space frame analysis capabilities that a very 
slight initial torque to the column (with warping free at both ends of the column) can lead to 
torsional buckling rather than the anticipated flexural buckling, even though full lateral brace 
stiffuess is provided to thc column. The buckling load becomes vcry small, i.c., about 1.6 timcs of 
the Euler load. In such a case, it is essential to providc torsional and translational brace stiffuesses. 
It is seen from the results prcsented that a non-dimcnsionalized torsional stiffuess of about Say 
550 (i.e., 550 times GJIL of the column) is required to force the column into the second flexural 
buckling mode. The effect of warping restraint at the ends of the column has a large impact on the 
torsional brace stiffuess requirements. It has been shown that no torsional brace is required when 
the column supports are fully restrained against warping. 
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SUMMARY 
Design study is conducted on a thin-gauge coldlormed steel portal frame with compound 
double (back-to-back) sigma sections in columns and rafters. Experimental study on the semi-
rigid rafter-to-column connection behaviour is first carried out for two special bolted 
connection types based upon specific thin connection plates between the double sections. First 
connection plate studied was a compact corner plate bolted between double sigma sections 
of rafter and column end parts, Other connection plate type studied was composed of four 
together layered thin plates with the edges of two outer plates outwardly lipped at the free 
side of the corner plate. Connection behaviour in the ridge joint of the portal frame also 
constructed with using a connection plate between double sigma sections of rafter ends was 
experimentally studied in a similar way as the rafter-to-column connection behaviour. 
Analytical models are developed for the semi-rigid connection behaviour in the corners and 
in the ridge of the portal frame and these models are then used in design calculations for the 
whole portal frame. One design case study for a 12 m span portal frame is completed by 
using the newest version of Eurocode 3. 
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Light-gauge steel framing by using cold-fonned open sections has gained during recent years 
an established application in light-weight industrial building frames. Portal frames in these 
buildings are typically constructed from cold-fonned members having sigma section profIle. 
Bolted connections in these frames can be constructed with using thin steel connection plates 
between compound double (back-to-back) sections both in the rafter-to-column and ridge 
connection. In case of longer span frames, tie bar between rafter-column connection points is 
necessary for stiffening and stabilizing the frame. 
Connection behaviour in the joints between rafter and column and also between rafters in the 
portal frame ridge is semi-rigid i.e. moment - rotation behaviour is becoming non-linear at 
a relatively low bending load in the connection. TItis is due to the fact that in these bolted 
joints composed of thin-walled sections and plates local buckling is occuring and associating 
gradual loss of stiffness in the joint In this study, experimental investigation was carried out 
on the rafter-to-column connection behaviour by testing two different connection types. First 
connection plate in the rafter-to-column joint was composed of four layered thin plates 
between sigma sections and second connection plate used was a compact thin plate between 
double sigma section. Based upon extensive loading tests on rafter-column connections, 
analytical models of the semi-rigid connection behaviour are developed for both connection 
types. These models are then used in design calculations of the whole portal frame. 
In this design study, interaction between rafters of the frame and sheeting panels of the 
pitched roof is also examined. This diaphragm action of roof sheeting has importance in 
stressed skin design of the frame because lateral deflection or drift of the frame is often as 
main serviceability criterion also basic criterion for the whole frame design, especially when 
light foundation is used Le. semi-rigid column base connection of the portal frame has 
moderately low stiffness. 
In the ultimate limit state design of the light-gauge steel portal frame, overall instability 
phenomena like torsional or torsional-flexural buckling and lateral-torsional buckling are 
predominant. This is especially the case when the compressed flanges of sigma sections are 
free. When these compressed flanges have lateral restraints near the connection region 
buckling resistance of the frame member is governed by the interaction between bending and 
axial compression. If the compressed free flange has closely spaced restraints then local 
buckling of the compressed flange is determining the design of the frame member. 
In this study, design calculations are carried out for a typical case of the portal frame by 
checking resistances separately for rafters and columns of the frame and also for rafter-to-
column connection. These calculations are entirely based on the newest Eurocode 3 (Ref. 1.) 
version. 
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2. RAFfER-TO-COLUMN AND RIDGE CONNECITON TESTS 
2.1 Overview of test program 
Loading tests carried out for rafter-to-column and ridge connections of the thin gauge portal 
frame were basically divided in three stages of test series. In the first test series (Ref. 2.), 
rafter-to-column connection was loaded with axial compressive load at the rafter end cross-
section (Fig. 1) with a flXed loading angle while outer column end was jointed with a steel 
plate bolted between sigma sections and free edge of this plate was flXed with one bolt to the 
anchorage floor. Sigma section depth in all these tests was 300 mm and two wall thickneesses 
of 2,5 mm and 3,0 mm were used. Connection plate joining double sigma sections of the 
rafter and the column together with bolts was a compact steel plate and three plate 
thicknesses of 8 mm, 10 mm and 12 mm were used. Tie bar (double flat bar section) end 
was bolted in these tests with three bolts to innerside free edge at the middle part of the 
connection plate. 
In the second test series, connection plate joining rafter and column ends was composed of 
four layered cold-formed steel plates (each of thickness of 2,5 mm). One test was first carried 
out with a rafter-column connection having this layered connection plate. In the three other 
tests, edges of the two outer layers of this connection plate were outwardly lipped at free 
innerside of the comer plate. In these tests, tie bar (double L -section) end was bolted to a 
separate fin plate between rafter sections above the comer connection plate. Section depth of 
300 mm and two wall thicknesses of 2,5 mm and 3,0 mm were also used in these tests. . 
Third test series was a systematic testing sequence for seven rafter-to-column connections, for 
four ridge connections and for one column base connection. Parameters varied in these tests 
were loading angle at the rafter end, sigma section height (250 mm and 400 mm) and wall 
thickness (2,5 mm and 3,0 mm). Compact connection plate used was of a constant thickness 
of 12 mm. Tie bar used in these tests was a double flat bar section bolted to innerside edge 
in the middle of the comer connection plate. 
2.2 Connection specimens and test set-up 
Cold-formed steel grade used in rafter and column sigma sections was S 350GD+Z(EN 10 
002-1) with nominal yield strength of 350 MPa. Structural steel grade of compact connection 
plate material was S 355JO with nominal yield strength of 355 MPa. This same steel grade 
was also used in flat tie bar sections. Strength grade of bolts used was 8.8 with yield strength 
of 640 MPa and ultimate strength of 800 MPa. Bolts were tightened to 200 Nm moment 
Test set-up used in the first rafter-to-column connection test series is shown in Fig. L Double 
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sigma section (back-to-back) members (depth of 300 mm and wall thicknesses of 2.5 mm and 
3 mm) of the column and rafter bolted together in the corner joint with a compact steel plate 
(thicknesses of 8, 10 and 12 mm) are in connection region and rafter center laterally 
restrained to move with three tubular beams bolted over the members to the anchorage floor. 
In the column end, a head plate (thickness of 12 mm) is bolted between sigma sections and 
the free end of the plate is bolted with a 36 mm diameter bolt through the anchorage floor of 
the testing halL Tie bar (double angle section L 50x50x2.5) is bolted (three M 16 bolts) to the 
innerside edge of the corner plate. A short I-section is bolted between sigma sections at the 
rafter end and the web of I-section cutted in a certain angle ( 78 degrees) for the end plate 
taking perpendicular load of the hydraulic jack at the rafter end cross-section. 
Test set-up used in the second series of connection tests was similar as described before. 
Connection plate used in these tests was a layered compound of four cold-formed steel plates. 
One test with a layered corner plate of 4 x 2.5 mm was first carried out. Three other tests 
with the two outer plates outwardly lipped (Fig. 2 ) were also carried out for two cases of 
layer plate thicknesses of 4 x 2.5 mm and 4 x 3.0 mm. Tie bar in these tests was connected 
to a fm plate bolted above the corner plate (Fig. 2 ). 
Test set-up in the third test series was basically the same as before but in rafter-to-column 
connection three different loading angles were applied for the hydraulic jack at the rafter end 
for achieving different bending moment-normal force combinations in the connection 
members. One rafter-to-column connection (test A5) was loaded with a small angle causing 
opening bending moment at the right hand comer of the frame. 
Four ridge connections with using two rafter sections of depths 250 mm and 400 mm (tests 
A3, B3, C3 and D3) were also tested. Three different loading angles were applied at the rafter 
end. One basic test (test A4) was also performed for the column base connection with a S400 
sigma section of length of 1 m and clamped to the anchorage floor. Loading angle at the 
column end was 10 degrees to the column axis. 
2.3 Measurements and calculation of forces and deformations 
Connection loading tests were conducted as load controlled and at the ultimate loading stage 
load was fIrst applied as load controlled and after a certain load it was switched to 
displacement control. Load capacity of the hydraulic jack was 500 kN and the force of jack 
was measured with a load cell having 0 - 350 kN measuring range. The tie bar force was 
measured with a load cell having measuring range of 0 - 200 kN. In all test series, stress-
strain states in the connection plate and also in the lower flanges of sigma sections close to 
the joint region were measured with strain gauges using both rousette-type and normal 
gauges. Lateral displacements in connection members were measured with displacement 
transducers (L VDT) both in rafter and column part of the connection. 
For determining the non-linear moment-rotation relationship for the connection, calculation 
model shown in Fig. 3 was used. Formula (1) in Fig. 3 gives bending moment in the joint 
with respect to applied force, loading angle, bending stiffnesses and lengths of rafter and 
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column. Last rotation tenn in the fonnula can be neglected in the moment calculation. For 
moment-rotation relationship of the connection, rotations are calculated from two measured 
(L VOT measurements) displacements (S3 and S4) between rafter and column end points and 
between bolt group centres on rafter and column sides of the connection plate. 
3. RESULTS OF CONNECTION TESTS 
3.1 Moment - rotation curves of rafter-to-column connections 
Fig. 4 shows the results of the fIrst test series (Ul, U2, U3, U4 and US) as non-dimensional 
moment - rotation curves. Sigma section S300 was used in rafters and columns with wall 
thicknesses of 2.5 mm (Ul and U2) and 3.0 mm (U3 and U4) and connection plate 
thicknesses of 8 mm (U2 and U3), 10 mm (U4) and 12 mm (Ul). In test US, a layered 
connection plate of four cold-fonned plates 4 x 2.5 mm was used. For comparison, boundary 
lines of the rigid connection behaviour in cases of unbraced and braced frames according to 
the Eurocode 3 are also shown in Fig. 4. 
Fig. 5 shows the results of the second test series (Rl, R2 and R3) as moment rotation 
curves. In test Rl, wall thickness of S300 sigma section was 2.5 mm and in layered 
connection plate of 4 x 2,5 mm two outer layer edges were outwardly lipped (80 mm and 20 
mm lips) at innerside of the comer plate. In tests R2 and R3 sigma section S300 wall 
thickness was 3 mm and four layer connection plate similarly lipped as before was of 
thickness of 4 x 3 mm. In all these tests, tie bar was bolted to a fIn plate above the 
connection plate comer. 
Moment - rotation curves measured in the third test series for rafter-to-column connections 
(AI, A2, AS, HI, Cl, 01 and 02) are shown in Figs. 6 - 12. Rotation for these curves in 
determined in two ways Le. on the basis of displacement (S3) measured between loading 
point and column end point or between bolt group centres (S4) at rafter and column side 
edges in the comer plate. 
3.2 Ridge and column base connection test results 
Ridge connection in the portal was tested in four tests (A3, B3, C3 and 03) with two sigma 
section depths of 250 mm (C3 and 03) and 400 mm (A3 and H3) and wall thicknesses of 2.5 
mm (B3 and 03) and of 3.0 mm (A3 and C3). Figs. 13 - 16 show the measured moment 
rotation curves (based both on displacement S3 and S4) of these tests. In test 03, loading 
angle was chosen to cause opening (negative) moment in the ridge connection. Moment -
rotation curve measured in test A4 for column base connection is shown in Fig. 17 where 
rotation is detennined on the basis of measured displacement S 1 perpendicular to the column 
axis. 
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4. FRAME DESIGN CASE STUDY 
4.1 Portal frame dimensions and loadings 
Dimensions of the light-gauge steel portal frame studied are shown in Fig. 18. Spacing of 
these 12 m span portal frames is 4 m. Both rafter and column members of the frame are of 
sigma section S 300 with nominal wall thickness of 3.0 mm. Both rafter and column members 
have spacer plates between double sigma section with 1 m spacing. Tie bar is a double L-
section of 50 x 50 x 2.5. Connection plate thickness both in corner and ridge connections is 
12 mm. Spacing of the roof purlins is 1.5 m. 
Unfactored loadings of the frame are as follows: Dead load 0.4 kN/m2, wind load 0.5 kN/m2 
and snow load 1.8 kN/m2. Load factors of 1.35 and 1.5 are applied according to Eurocode 1 
for permanent loads and imposed loads, respectively. Fig. 18 shows normal force, shear force 
and bending moment distributions in frame at the critical loading condition. 
4.2 Serviceability and ultimate limit state design results 
Serviceability limit of horizontal drift of the frame was calculated for the critical loading case 
as 14 mm which is well under the limit value of 30 mm (HlI50) according to Eurocode 3. 
For vertical displacement of the ridge, a value of 12 mm was calculated and this value is also 
under the limit value of 60 mm (L/200) of Eurocode 3. 
All the basic (axial and bending) capacity values for rafter and column members of the frame 
were fIrst determined according to Eurocode 3, including also checks for combined bending 
and axial force. In the ultimate limit state of the thin-gauge steel portal frame, overall 
instability phenomena like torsional and torsional-flexural buckling and lateral-torsional 
buckling were also considered. Especially the case of free compressed flanges in members 
was checked in respect to local buckling between spacer plates. When compressed flanges of 
frame members have lateral restraints (e.g. hat-shaped purlins) near the connection region 
buckling resistance of the member is governed by the interaction between bending and axial 
compression. 
Calculated utilization or loading rates of the frame members in this design study are as 
follows. First. as use of load capacity rafter had 56%, corner connection 56% and column 
46% rate. In case of free compressed flanges, buckling resistance of rafter and connection 
were of 66% and column of 54% utilized. For interaction resistance of bending and axial 
compression, rafter had 74%, connection 77% and column 62% rate. For this interaction 
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Fig. 1. Arrangements in the rafter-to-column connection tests. 
Fig. 2. Rafter-to-column connection with outwardly lipped edges at innerside of the 
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Fig, 16. Moment-rotation curve of ridge connection test D3. 
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LOWER COST LIGHTWEIGHT COLD·FORMED PORTAL FRAMES 
By B.W.I. van Rensburg1 and G,P. de Vos2 
ABSTRACT: Southern Africa has a dire need for housing small industries and people, 
and concomitantly the creation of employment. It is common to use hot-rolled steel 
sections for industrial structures, which are pre-manufactured and then bolted together 
on site. In this paper an alternative structural concept for low-rise portals for light 
industries is proposed, whereby the total frame is made up of standard cold-formed 
sections which are cut and welded together on site. The cladding material is employed 
as an integral structural component through the principles of stressed skin diaphragm 
action. A short pile footing is proposed to provide a degree of rotational fIxity for the 
columns of the frame. Different frame configurations are investigated and the practical 
application of the concept is discussed. 
INTRODUCTION 
Although certain developed metropolitan areas exist in Southern Africa, vast areas are 
underdeveloped and in need of light industries, houses and community buildings. This part of the 
world is consequently in dire need of the creation of employment and the development of skills. 
Southern Africa has no significant natural forests, and timber for structural uses (amongst 
others) come from plantations or has to be imported. Iron ore reserves and developed steel 
industries, producing hot-rolled and cold-formed steel sections, do however exist in this region. 
Other than in the coastal areas, structures are not subjected to severe corrosive 
atmospheres, The design code prescribed imposed loading on structures at 6,3 Ib/ft2 (or 0,3 kPa) 
and the wind loading (1 in 50 year wind speed is 130 ftls or 40 mls), are comparatively low. 
Given the above needs and requirements under prevailing conditions, this paper proposes 
the use of cold-formed steel sections in an alternative and economical construction method for 
the framing of light industries, community buildings and houses. 
'Prof., Dept. of Civ. Engrg., Univ. of Pretoria, Pretoria 0002 South Africa. 
'PhD Candidate, Dept. of Civ. Engrg., Univ. of Pretoria, Pretoria 0002 South Africa. 
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THE NEED FOR INNOVATIVE LIGHTWEIGHT STRUCTURES 
A process of structural adjusiment in the developed market economy as well as a 
reconstruction of its less developed socio-economic framework is required to achieve equitable 
access of all Southern Africans to all opportunities in the economy of the area. Historical 
development patterns of newly industrialising countries would suggest that the primary 
contributor to economic growth and employment creation will need to come from the expansion 
of the manufacturing sector. Basic strategies should be aimed at increasing the number of 
independent small and medium sized manufacturing enterprises and expanding their share in the 
Gross Domestic Product. 
To sustain an efficient market driven manufacturing industry, the productivity of capital 
investment should be Significantly increased. The initial capital outlay in the establishment of an 
industrial infrastructure, specifically the construction of the factory building should be kept to 
a minimum. The employment creation in the construction of such, need to be pursued in an 
alternative and innovative way within the context of a developing country. 
The most suitable facilities for small to medium industrial enterprises are the popular 
'mini-factory' complexes. In general terms, a mini-factory can be best described as a rentable 
industrial structure, approximately 700 to 2000 fe (200 to 600 m2) in total floor area, not 
designed to meet specific client requirements, i.e. it should be so simple in layout that it may be 
adaptable to suit almost any manufacturing or storage requirement. However, in general it seems 
that conventional developments are constructed of building materials and to facades to achieve 
high aesthetic qualities, in contrast to the plain and simple purely functional structures believed 
to be required (and are able to be afforded) by the developing sectors of this area. 
In addition, Southern Africa has to contend with a severe housing shortage due to a high 
population growth rate, urbanisation and rising expectations. The housing backlog runs into 
millions of units. Major socio-economic programmes are needed to boost development in the 
residential developing communities. In recent years, there has been a marked shift in housing 
policy - away from exclusive state responsibility in many categories to a self-help approach, 
known as incremental housing. One such system could be to provide the new owner with a roof 
and a supporting frame. The roofing structure may be completed by small contractors and the 
infill and exterior walls constructed either by another contractor or by the 'self-help' principle 
of owner involvement. 
CONVENTIONAL INDUSTRIAL STRUCTURES 
The present construction and project management systems employed in the 'mini-type' 
or smaller industrial establishments are basically the same as for the larger industrial concerns. 
Only the end product is smaller. Largc development institutions cmploy architects and project 
planners to detail 'mini-type' factory complexes that are suited to the general small industrialist 
or warehouse facility by way of long-term lease agreements. Although these complexes are 
usually aesthetically pleasing in that it reflects the present architectural trends, high building costs 
are incurred by unnecessary complicated architectural details. 
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Engineering input is usually required after the basic architectural layout has been finalised 
with the client. The common use of hot-rolled steel sections for these structures, as for the large 
industrial buildings, result in the necessity of appointing a specialist contractor. The requirement 
of shopdrawing details, specialised engineering workshop manufacturing of frame components 
as well as specialised erection crews, all contribute to the relatively high cost of erecting the 
building. Presently in Southern Africa, no use is made of cold-formed steel for the construction 
of the portal frames of industrial type buildings. 
ALTERNATIVE CONSTRUCTION STRATEGY 
The major industrial building project costs are incurred in the last step in the chain of 
events, i.e. the construction of the mini-type factories. A great component of the construction 
cost lies in the skilled labour and the expensive equipment employed on the site. In an attempt 
to reduce on both these components as well as to create employment for the unskilled labour 
sector of Southern Africa, a total new approach needs to be considered. One such approach 
could involve the following: 
The use of only one or two skilled welder artisans on site, and the rest of the crew 
comprising unskilled labour, 
The total structure welded together on site, in contrast to the traditional use of bolted 
connections, 
Steel thickness in the order of 0.08 to 0.10 in. (2.0 to 2.50 mm) to result in adequate 
welded joints, but also to retain low component mass for manhandling on site, 
Employment of mostly standard commercial steel section lengths to save on wastage 
incurred costs, 
The only equipment required on site will therefore comprise: welding/generator plant, 
angle grinder, hand drill, lightweight movable scaffold. 
If steel portal structures for mini-type factories can be constructed to the abovementioned 
limitations, it would further have the following cost saving implications: 
No engineering shopdrawings would be required, as the total structure may be cut and 
welded together on site. Normal structural drawings would still be required, 
No manufactured elements by specialist engineering enterprises need be made up, 
No site crane required, 
No specialist erection crew required, 
More simple, probably empirical, design methods by structural engineers, 
If these structures could be standardised to an extent, the architectural and quantity 
surveyor inputs can moreover be minimised. 
DESIGN APPROACH 
Given the above parameters to design alternative, more economical lightweight steel 
portal structures, it follows that commercial cold formed steel sections or components made up 
of such would be best suited for the entire structure. This would further implicate an alternative 
approach to the design of the structure as a whole, in contrast to the conventional building 
methods wherein each individual part of the structure is designed to be structurally sound in its 
own right, and usually not interdependent on other elements for its own integrity. 
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The germ of the proposed design approach can best be described as a monocoque 
principle analogous to an exoskeleton structure. This would implicate that the total three-
dimensional structure be designed as a single module, as opposed to the sum of individual 
components. To accomplish this, the principles of stressed skin diaphragm action through the 
cladding material have to be considered in the design process. 
The most notable limitation of open cold formed steel sections is the lack of torsional 
stiffness. The low torsional stiffness of an open section makes it susceptible to early lateral 
torsional buckling under bending moment induced loads. One way to overcome this handicap is 
by stitchwelding two open lipped channel profiles together, thus creating a closed torsional cell 
rather than the weaker open section. (See Figure 1) 
FIG. 1. Lipped Channel Tube and the Strengthened Tube 
Bearing in mind the principles of stressed skin diaphragm action through the cladding 
material in simulation of an exoskeleton structure, it would be beneficial to place the purlins and 
girts in the plane of the portal frames (see Figures 1 and 2). This would reduce eccentricity in 
stress transfer between cladding, purlins and frame elements. In addition, this has two added 
·advantages, the first being the increase of bending stiffness of the purlin/girt in its joint fixity at 
the portal frame. 
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The degree of fixity at the portals is however related to the torsional stiffness of the 
portal frame section, specifically for the gable portal frame. The second advantage of this fixing 
method is the introduction of a torsional support to the portal frame at purlin fixing positions 
(Rhodes and Walker, 1979). This torsional support stiffness is in turn related to the bending 
stiffness of the purlin about its main axis of gyration. Thus by the fixing method employed 
between the purlins and the portals, an interdependency is created through the principles of 
loadsharing. 
In contrast to the cladding material being used only as a means against the weather 
elements, it should be employed as an integral structural component. By positive connection to 
the remainder of the structure, the cladding material may act as a deep diaphragm beam 
spanning between gable portals. With empirical data on the diaphragm shear stiffness of the most 
common cladding profiles known, the stressed skin analytical principles can further be used to 
obviate the use of traditional cross-bracing, by transferring shear stress through the cladding 
material. 
PROPOSED METHOD OF ERECTION 
Given the simple proposed structural layout and the low individual mass of structural 
components, a typical mini-type factory installation may be erected as follows: 
1. Mark out and excavate footings to portals, (the most appropriate footings for this 
structural system are discussed in a following paragraph), 
2. Place portal columns in footing excavations, and ram in dry concrete mix, 
3. Weld portal rafter sections together on site, laid flat on an even surface, 
4. Man-handle rafter sections into position with the aid of lightweight scaffolding, and clamp 
to the column sections, before welding the eave joints, 
5. Weld in standard length purlins and girts, <in the plane of the rafter sections), 
6. Fix cladding material and finishes. (It is preferable to support the structure during fixing 
of the roof cladding material), 
7. Cast internal concrete surface bed slab. 
Due to the simplicity of the structure, and the concomitant simplicity of the erection 
thereof, valuable construction time may be saved, incurring evcn greater savings in total project 
costs. In addition, the relative low structural component mass would result in saving in 
transportation costs, a factor of significant implication for industrial development far removed 
from the main steel supply centres. 
DIAPHRAGM ACTION 
Certain demands are made on structural clement interaction for the proposed alternative 
lightweight steel portal structures. In the endeavour to achieve structural element interaction 
related to an exoskeleton structure, the employment of the principles of stressed skin diaphragm 
design calls for particular prerequisites in the structure composition. 
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The benefits of stressed skin diaphragm action only became apparent over 35 years ago 
when tests on actual buildings revealed stresses and deflections considerably smaller than those 
predicted by conventional design calculations (Davies and Bryan, 1982). The nature of these 
buildings, i.e. factory or warehouse type structures without internal floors, was such that the 
enhanced performance could only be attributed to the beneficial effect of the profiled steel sheet 
cladding. 
It is therefore evident that the consideration of the stressed skin diaphragm action 
provided by the cladding material would describe the true behaviour of the completed building 
more accurately than the idealised behaviour of the frame alone. As steel becomes increasingly 
expensive, the neglect of the significant contribution to performance by the cladding material 
would constitute a waste of a valuable asset. 
Stressed skin diaphragm design is comprehensively described by Bryan and Davies (1992) 
and Davies and Bryan (1982). De Vos (1996) outlines in detail and De Vos and Van Rensburg 
(1996) briefly describes the application of the abovementioned principles and procedures in the 
context of the structural concept proposed in this paper. 
FOOTINGS 
It is conventional to use pad type footings for steel bUildings. These footings must be 
accurately positioned; grout under the base plate may compensate for small inaccuracies in height 
and pockets around the holding down bolts can allow for small discrepancies in plan positioning. 
For a light single storey building it is uneconomical to design the pad footing for any significant 
degree of moment fixity in the column base. 
Short pile footings, which may readily be used in the construction method outlined in this 
paper (see Figure 2), was found to be more appropriate to provide a degree of moment fixity to 
the base of a lightly loaded column. 
De Vos (1996) investigated the behaviour of lightweight single storey portal frames 
founded with short pile footings in various typical soil conditions. At least fifty percent of the 
fully fixed support moment can easily be achieved with the short pile footing. The degree of 
rotational fixity of the support thus increases the stiffness and stability of the frame. 
LIPPED CHANNEL TUBE SECTIONS 
In consideration of the cold-formed sections in line with the proposed construction 
method, the first choice would be the torsionally stiff sections, i.e. square and rectangular tubing 
sections. It was found however, that in Southern Africa these sections are very expensive in 
relation to other cold-formed sections (based on average cost per mass, the square tubing profiles 
are approximately 20% more expensive than lipped channel tube sections) and only a limited 
range is commercially available in Southern Africa. 
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As all cold-formed steel profiles (bar the tubing previously mentioned) are open sections, 
high torsional stiffness may be achieved by a section made up of commercially available profiles, 
A great variety of rolled cold-formed sections are available, In fact, based on a minimum 
required order, just about any form may be rolled by certain steel profiling establishments, 
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Many innovative cold-formed profiles are used in the construction industry. A few 
examples are mentioned here. The British Swagebeam (Trebilcock, 1994) system has been 
developed primarily as a portal frame system for the modest span market (up to 14 m). 
Swagebeam buildings are delivered to site with sections cut to length and with connection holes 
pre-punched at the factory as part of the computer controlled manufacturing process (Kirk, 
1986). The Lightweight Steel Framing system developed in Canada (Trestain, 1988) for mainly 
the domestic market, is manufactured with regularly spaced holes in the webs to serve as 
raceways for electrical and plumbing lines. 
In application with the proposed construction method, a wide range of sections made up 
of various standard cold-formed profiles were investigated with regards to cost and commercial 
availability in Southern Africa. The cost of new unique profile shapes (minimum of 3 tonnes 
order per size) does not relate well to the more standard commercial profiles, making it 
impractical for the proposed low-cost structural concept under investigation. 
The most common cold-formed profile type in South Africa, with a wide range of sizes 
commercially available, and reasonably priced, in terms of bending stiffness to weight ratio, is the 
lipped channel section. Lipped channel profiles may be utilized to make up more stiff sections. 
Creating a tube with two lipped channel sections as per Figure 1 results in an element that is 
easy to handle on site. This section is aesthetically pleasing and has a high degree of torsional 
stiffness (generally over 4 000 times more than the open section). 
The creation of lipped channel tube sections, in the factory, or on site is a simple 
operation requiring a few clamps and then stitch-welding at specified spacings. Composite tube 
sections have been extensively used in practice, specifically in the construction of carports and 
related structures. 
Techniques to increase the bending stiffness of a given tube without serious cost 
implications were investigated. These techniques could then be utilized in applications that would 
require elements with a stiffness that lies between that given by tubes made up of standard 
commercially available profiles or at specific locations in the frame, such as peak bending 
moments. One method to enhance the bending stiffness of a tube element which has proved to 
work well, is by welding flat steel plates onto the flange sections of the profile as per Figure 1. 
COMPUTER MODELLING 
The typical portal structure with rigid-jointed steel frames and cladded with profiled steel 
sheeting was modelled by De Vos (1996). Such a structure has two distinct load carrying systems. 
Part of the load is carried by frame action in the conventional way and part is carried by 
diaphragm action in the cladding. The distribution of load between the frames and the cladding 
is dependent on their relative stiffnesses. 
The elastic analysis of a complete exoskeleton strueture is therefore a matter of satisfying 
. the requirements of compatibility between the frames and the sheeting. This requires an analysis 
which considers the complete three-dimensional structure. The three-dimensional prototype 
portal structure was firstly analyzed without the benefit of simulated stressed skin diaphragm 
action and secondly with the benefit of stressed skin action. The latter gave an indication of 
improved performance of the structure in simulating the aetual performance of such. 
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In the computer simulation of stressed skin action, the individual portal frames are 
connected together by complete sheeting panels of which the shear flexibility is summarised by 
a single quantity. As these cladding panels provide, in effect, a simple coupling between adjacent 
frames, precisely the same coupling may be obtained by replacing the shear panels by 'springs' 
of the same flexibility (Davies and Bryan, 1982). 
The computer model for the portal building is shown in Figure 3 and consists of six 
individual elements, Le.: 
(1) Portal column section 
(2) Portal rafter section 
(3) Purlin/girt section 
(4) Gable column section 
(5) Cladding prismatic section 
(6) Cladding shear panels - simulated as 'spring' elements. 
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The first five elements constitute the conventional rigid frame sections and the last panels 
represent the stressed skin diaphragm action. 
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For the purposes of analysis the foHowing sections were chosen for the portal structure: 






lipped channel tube 
Portal rafter: section 1 + section 5 (The rafter section assumed the same 
as for the column section, to which is added the proportional section of 
the prismatic cladding section positively fixed to it) 
Purlin/girt: 125 x 50 x 20 x 2 mm (5 x 2 x .8 x .08 in.) lipped channel 
Gable column: 2 No 100 x 50 x 20 x 2 mm (2 No.4 x 2 x .8 x .08 in.) 
lipped channel tube 
Prismatic cladding: 0.60 mm (0.024 in.) IBR (Inverted Box Ribbed 
profile) x 1000 mm (40 in.) wide 
Cladding panel: stressed skin diaphragm action simulation: 
Three distinct shear panels can be identified from Figure 3 i.e.: 
(a) Roof cladding panel section 6-1 
(b) Gable cladding panel - section 6-2 
(c) Side cladding panel section 6-3. 
For the purposes of initial analysis the shear diaphragm panels were assumed to include 
the following common fixing methods: 
¢> 6.30 mm (0.25 in.) self-drilling, self-tapping screws with neoprene washers in every IBR 
trough at the top and bottom perpendicular (purlin) members and every alternate trough 
for intermediate purlins, 
¢> 6.30 mm (0.25 in.) self-drilling, self-tapping screws with neoprene washers into parallel 
(rafter) members at 250 mm (10 in.) centres, 
¢> 4.80 mm (0.19 in.) aluminium rivets at 250 mm (10 in.) centres at cladding overlaps. 
The individual shear flexibility components of the diaphragms were calculated according 
to the methods suggested by Davies and Bryan (1982). 
A considerable reduction in bending moments and deflections under consideration of the 
stressed skin diaphragm action is evident from analyses (De Vos 1996). Some reductions in 
bending moments and maximum deflections are given in Table 1 for frame #3. 
Table 1. Reductions in bending moments and deflections for 
frame #3 with consideration of stressed skin action 
Load Combination BM at base BM at eave Ax(max) 
C1:LL+DL 21% 20% 27% 
C2:DL+WL 57% 45%' 50% 




Because the roof pitch is less than 450 (220 in this ease), the effect of stressed skin action 
is more notable under mainly horizontally applied loads, such as wind load. The overall reduction 
in bending moments and deflections of the total structure, regarding the effect of stressed skin 
diaphragm action, strongly confirms the inclusion of such in the design process. 
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Consideration should be given to providing an effective midspan support to the 
diaphragm (in buildings of seven or more frames) by increasing the stiffness of only the midspan 
frame. An eaves-tie element on the midspan portal would significantly increase its overall 
bending stiffness with little cost implication. This would in effect provide a flexible (spring) 
support to the diaphragm. thereby increasing its contribution to the total structural performance. 
Giving cognisance to the sensitivity of the stressed skin diaphragm shear stiffness to the 
way in which it is fIxed to the structural components, it may be concluded that the most 
economical cladding fIxing method, would involve fixing the cladding to the top and bottom 
purlins in every trough and to intermediate purlins in alternate troughs. Seam fasteners and sheet 
to rafter fasteners may be reduced to 500 mm (20 in.) centres as opposed to the 250 mm (10 in.) 
centres used in the analysis. 
JOINTS 
The objectives for the rigid joints were as follows: 
All joints should not only be simple to construct, but should in addition be economical 
in terms of material cost and labour time. 
The joints should be such that a versatile construction procedure may be possible. In 
other words, the joint details should not prescribe construction sequence. 
Contrary to normal practice, no use is made of bolts on site, in any connection. All joints 
are site welded. Assuming coded site welding by a qualified artisan, the joints should also comply 
to appropriate design standards. 
Overall economy in welded connections is difficult to evaluate. Some of the factors to be 
considered, such as the amount of electrode material used can easily be computed, while other 
factors such as the value to be placed on aesthetics may be intangible. Welded connections are 
usually neater in appearance, providing a less cluttered effect, in contrast to bolted connections. 
The actual economy of welded connections must consequently be viewed from a broad aspect 
and include the overall design of the structural system. 
The portal eaves joint is usually the most highly stressed joint under any loading. The 
strength of the portal frame will in most cases be determined by the bending moment peak at 
the eave joint, implying the importance of this joint for the overall structural strength. For 
smaller span portals the simple welded eave joint as portrayed in Figure 2, would suffice. 
The creation of the eave joint on site is a simple operation. After the eave level has been 
determined, the joint position is marked on the column and the rafter elements. These elements 
are then cut to the required angle, clamped in position and welded around. The simple welded 
eave joint offers the following advantages: 
Measurement can take place on site, no pre-cut elements are required, 
When welded around, the section is closed to water ingress, 
The joint is aesthetically pleasing, being of uniform section, 
No joint elements protrude beyond the section dimensions, in consideration of the 
purlin/girt elements that have to be welded on later, 
With a full penetration weld all around, the full section strength is transferable between 
the rafter and the column elements. 
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The bending moment is at a maximum at the eave of the portal. It is usually more 
economical to use a lighter portal frame section, and then to increase the section strength at the 
eave. Various means are at one's disposal to strengthen the portal section at the eave, the most 
popular being the introduction of an eaves knee or haunch. 
Although significant strengthening of the section is possible with the introduction of an 
eave haunch it is disadvantaged by the following: 
The haunch encroaches into the clear headroom, 
The creation of the haunch is labour intensive and time consuming, 
It is usually not aesthetically pleasing, detracting from the clear line of the portal frame, 
Too much unsymmetrical welding onto the thin lipped-channel tube sections is likely to 
induce exeessive residual stresses in the elements. 
From an aesthetical and praetical point of view, the seetion may also be strengthened at 
the high bending moment area at the eave, with the introduetion of flat plates welded onto the 
flanges of the lipped channel tube section and illustrated in Figure 1. It is a very simple and fast 
solution for enhancing the section strength at the eave joint. 
Although apex joints are not as highly stressed as the eave joints at a roof piteh of 22°, 
the normal simple joint may be strengthened by strapping with flat plates, similar to that 
suggested for the eave joint. 
Simple short pile footings were proposed. See Figure 2. As the portal columns are simply 
placed in the excavated holes, a base plate to the column section is required. The dimensions of 
the base plate should be adequate to provide for bond to the footing concrete, but not to large 
to cause a void under such when concrete is placed. A void under the base plate would however 
be unlikely, as the dry-mix conerete is rammed into the footing. It is important to provide 
adequate corrosion protection to the column base, before placing it in the footing. 
The joints between the purlins/girts and the portal frames were assumed to be rigid in 
the analysis. To accommodate this, as well as to provide lateral torsional support to the portal 
rafter at purlin spacings, it was decided to plaee the purlins in the plane of the portal frame as 
depieted in Figure 1. 
In most cases it would be found that welding only the top and bottom flange sections of 
the lipped channel purlin/girt onto the rafter element would be sufficient to assume rigidity at 
the joint. 
DIFFERENT FRAME CONFIGURATIONS 
The construction and fabrication procedure lends itself readily to different frame 
configurations. The addition of horizontal roof elements or columns reduee the bending moments 
and deflections as outlined by De Vos (1996). 
The forces and bending moments were determined for five different portal frame layouts. 
The analyses were condueted under the following assumptions: 
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Roof pitch of 22°, 
Practical eave height of 3.5 m (11.5 ft.), 
Building to consist of 5 frames of which the centre frame (No.3) is analyzed, 
Roof cladding diaphragm shear flexibility calculated in accordance with Davies and Bryan 
(1982), 
Frames in the building at 6000 mm (20 ft.) centres, (standard commercial steel length for 
purlins), 
Imposed vertical load over total area of 0.30 kPa (SABS 0160, 1989). 
Wind loads after SABS 0160 (1989). 
First the single bay portal frame was designed and then certain structural elements were 
added as shown in Table 2. Two practical portal tie elements are in general use in South Africa. 
The horizontal eaves-tie is mostly used in domestic type portals where a ceiling has to be 
installed. Where no ceiling is required, a horizontal roof-tie, between the eave and the ridge of 
the portal, is often used in industrial type structures. For this investigation, only a king-post strut 
from the ridge of the portal was provided to these ties. 
For the case of the single bay portal with an eave's tie, the eave tie and king-post were 
not loaded with ceiling loads and were assumed to have a bending stiffness half that of the main 
portal frame. The spans for different portal configurations are shown in Table 2. 
TABLE Z. Portal Spans in meters for Sections (No Strapping) 
Upped cball!lel 
lubesedion 
r1l 0 (I ~ rl 
L l l I ~~2_+. + f l-t ! t I I t 
Two ch,jnneIs 
l00xSOx20x2 6.3 10.1 7.5 9.6 7+6=13 
125:&50x20x2 7.4 11.7 8.7 11.2 7.7+6=13.7 
150xS0x20x2 8,4 13.2 9.8 12.7 8.5+6=14.5 
17SXSOX20X2 9.4 14,4 10.9 14.3 9.6+6=15.6 
2Il1h7Sx2O:x2,S 13.3 >18.0 15.0 18.1 14.3+6=20.3 
As the employment of the eaves tied portal is more associated to the domestic housing 
and 'clean' industrial building types, it is disadvantaged by a deprivation of clear headroom in 
other industrial applications. The introduction of a roof-tie element, between the ridge and the 
eave of the portal results in notable reductions in maximum portal frame bending moments but 
does not severely intrude into the clear headroom. 
For the purposes of analysis, the roof-tie was placed midway between the eave and the 
ridge of the portal rafter and subjected to the same loading as for the preceding portals. The 
roof-tie and king-post were not loaded (other than its selfweight) and were assumed to have a 
bending stiffness half that of the main portal frame. The results are shown in Table 2. 
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Two dual-pitch, multi-bay portal framc types were investigated, being simple in 
construction and practical in utilisation in the small industrial domain. These are the side 
supported portal frame and the centre supported portal frame. The side supported portal frame 
in Table 2 was analysed under the same loading conditions as for the preceding single bay 
portals. The larger roof area results in greater wind induced forces. In practice, the side bays thus 
contrived are typically utilized as post-production areas. Compartments of these side bays may 
also be well suited to providing office and ablution facilities. 
In many practical industrial layouts, principally those in which smaller machinery (e.g. 
textile industry) is utilised, the portal clear span is not important, making it possible to introduce 
a centre support to the portal span. The centrally supported portal was again analysed under the 
same loading conditions as the preceding portals. 
The results are summarised in Table 2. When strengthening of the basic portal lipped 
tubc scction is employed in locations of pcak bending moments, the potential portal spans are 
further increased as is reflected in Table 3. 
TABLE 3. Portal Spans in meters with Strapping at Indicated Locations 
Lipped channel 
tubesedian (] (l 0 ~-t- ~. l 
I 
Two channels strapped at stl'apped strapped at 
eavepeakBM .teave hogging over supports 
100x50x20x2 8.2 (50x5) moments wlifonn moments unifonn 
125x50x20x2 9.4 (50x5) 9.1 (20x5) 9+6=15 (4Ox5) 
150x50x20x2 11.0 (50x5) 10.7 (20x5) 10+6=16 (30x5) 
175x50x20x2 12.4 (5Ox5) 11.9 (20x5) 11+6=17 (20)(5) 
COST IMPLICATIONS 
The costing of a site specific industrial building structure is complex, being subordinate 
to a great variety of paramcters independent of the structural layout, e.g. geographical placing 
with regard to availability of materials and labour, geotechnical conditions, site preparation, 
infrastructurallayout, etc. The potential saving in cost in the establishment of the portal frame, 
based on the proposed alternative concept, may however bc significant. 
Various factors related to the alternative concept contribute to savings in cost, i.e. 
alternative site manufactured structure, use of standard commercial steel profiles, use of mainly 
unskilled labour, lower mass of material due to implementation of exoskeleton design approach, 
speed of erection, etc. In this regard, a typical small industrial building of 240 m2 floor area was 
completed in South Africa during September 1995 for less than half the cost of a similar 
conventional structure. 
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It may be consequently be concluded that the proposed construction method, alternative 
to the conventional in Southern Africa for the industrial building sector, not only has the 
potential to create employment for the unskilled labour sector, but has the added potential of 
being more economical in the small industrial and related structural arenas. 
PRACTICAL FEASIBILI1Y 
Some experimental structures, employing the principles discussed in this paper, were 
constructed during 1995. Although most of the structures are small, the endeavour was to 
practically test the proposed alternative construction procedure. All the structures were built with 
the same team, comprising one skilled welder assisted by four unskilled labourers. The 
construction procedure not only worked well, but was in addition complemented by very fast 
erection times. 
All the structural frame elements were eut with hand-held angle grinders and welded 
together on site. The IBR roof cladding material was positively fixed through the troughs of the 
profile by either 6.3 mm self-drilling, self-tapping screws or 4.8 mm rivets. Only cold-formed steel 
sections of 2 mm wall thickness were employed. None of the structures contain any bracing. 
Stability is provided by stiff frames and stressed skin diaphragm action by the cladding. 
It may be concluded that the simplicity of practical details, concurrent with the ease of 
erection, established the practical feasibility of the proposed concept. 
CONCLUSIONS 
This paper covers a broad spectrum of features. The following conclusions may however 
be drawn: 
The proposed concept meets the demand of strategic economic policy by the 
establishment of more economical small to medium industrial and related type structures, 
complemented by the creation of employment for the unskilled labour sector. 
The versatility of the concept is indicated by the wide range of potential applications 
ranging from industrial type structures to low-cost domestic housing. . 
Optimum use is made of materials by the exoskeleton design approach followed, whereby 
the cladding material is employed as an integral structural component through the 
principles of stressed skin diaphragm action, as well as the utilisation of the most 
appropriate footings for these lightweight portal structures. 
Use is made of only standard commercially available cold-formed steel profiles. 
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STRENGTH AND STIFFNESS CALCULATION PROCEDURES FOR 
COMPOSITE SLABS 
Budi R. Widjaja l and W. Samuel Easterlinl 
SUMMARY 
Two procedures for calculating the strength and stiffness of composite slabs based on a partial 
interaction model are introduced. The procedures rely on elemental test results for interfacial 
and end-anchorage behavior, and thus offer an alternate solution to the m and k method that 
relies heavily on full scale slab tests. Strength calculations made using the new procedures along 
with calculations from the Steel Deck Institute procedure are compared to a series of full size 
composite slab test results. 
INTRODUCTION 
Cold-formed steel deck is widely used in composite slab systems, which are the prevalent floor 
system used in most steel framed buildings. This type of composite system has a unique 
mechanism of composite interaction that is provided by the anchorage systems and the shear 
bond between the steel deck and the concrete slab. Such shear bond capacity is typically very 
limited and generates a weak link in the chain of composite interaction within the system and 
thus raises a partial composite interaction type of problem. This action has received the attention 
of researchers for a long time. The early procedure introduced to handle the situation was a semi 
empirical procedure known as the m and k method (Porter & Ekberg 1975). The method relies 
heavily on full scale test results. Problems arise as to how to incorporate effects of additional 
parameters such as deck profile, thickness, shear bond, end anchorages, etc., without necessarily 
conducting many full scale tests. Therefore, an analytical procedure or formulation is needed 
that can sufficiently describe the physical behavior of the composite interaction, with less 
dependency on experimental tests. 
This paper presents two analytical procedures that are very straight forward and simple in 
concept, but yet accurate in predicting the behavior of composite slabs. The first method has an 
iterative nature of analysis and thus will be referred to the iterative procedure in this paper. The 
second procedure does not require iterative calculations, because it constitutes a single point of 
analysis in the iterative method, namely the ultimate point. The later method will be referred to 
the direct method. Both methods can incorporate the effects of shear bond and end anchorages, 
provided constitutive law data is available. These data can be obtained from elemental tests with 
no slab tests required. Results of analyses using these two methods were compared to previously 
tested full scale composite slab specimens. 
The iterative and direct procedures were also compared to the Steel Deck Institute (SDI) 
I Research Ass!. and Doctoral Candidate, Charles E. Via, Jr. Dept. ofCiv. Engrg., Virginia Polytechnic 
Institute and State University, Blacksburg, VA 24061-0105. 
2 Assoc. Prof., Charles E. Via, Jr. Dept. ofCiv. Engrg., Virginia Polytechnic Institute and State University, 
Blacksburg, VA 24061·0105. 
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procedure (Heagler, et al. 1991; Terry & Easterling 1994). A description of the SDI procedure is 
given in the following section. Subsequent sections describe the iterative and direct procedures. 
SDI PROCEDURE 
The SDI procedure distinguishes between two different cases: studded and non-studded 
composite slabs. The procedures were based on research conducted at Virginia Polytechnic 
Institute and State University and West Virginia University. Analytical expressions for the 
studded slab procedure shows that simple analysis for a singly reinforced concrete section can 
adequately model the system (Easterling & Young 1992; Terry & Easterling 1994). The strength 
of slabs with arc spot welds, and no shear studs is calculated based on initiation of extreme fiber 
yielding in the steel deck. 
Although the procedures do not incorporate shear bond action explicitly, test results showed that 
they predicted the strength of composite slabs very well (Easterling & Young 1992; Terry & 
Easterling 1994). One major draw back of the procedure is that it distinguishes the Mo cases 
(studded and non-studded) in a separate formulation. 
ITERATIVE PROCEDURE 
The iterative procedure is very simple in concept, using a singly reinforced concrete beam 
section as the basis of the approach. All the effects that help the concrete resist cracking in the 
positive moment area are considered as reilljorcemel1l as indicated in Fig. I. Such effects come 
from shear bond action, end anchorages, reinforcing bars, etc. 
There are two phases of the analysis: phase-I, analysis of the composite cross section in which 
the steel deck acts as a tensile member reinforcing the concrete slab, and phase-2, analysis of the 
steel deck as a flexural member. Phase-I can be regarded as the composite action while phase-2 
is the lIoll-composite action of the system. 
Figure 1. Reinforcing effects of some devices 
In phase-I, the analysis is performed exactly in the same manner as one treats a singly reinforced 
concrete section. Two equilibrium equations are considered: equilibrium of forces and 
equilibrium of moments on the cross section. 
Assumptions used in the procedure therefore follow directly from the concrete beam section 
procedure, with olle exception. Because in this procedure we want to obtain the response of the 
slab through the entire loading history, the Whitney stress block (equivalent rectangular stress 
block) for the concrete is replaced by an elasto-plastic model of the stress distribution. This is 
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illustrated in Fig. 2. Fs and Fst are forces. resulting from the effect of shear bond and end 
anchorages respectively. Additional effects of welds or pour stop can be added in a way similar 
to Fs and Fst . 
There are two independent variables that have to be solved to determine the equilibrium of forces 
and moment on the cross section. In 2, c and f, are chosen as the independent variables. 
By using the two equilibrium equations, these two independent variables can be resolved. It can 
be noted that the magnitude of F, and FSI depends upon the value of the slip between the 
concrete and the deck which in turn depends on the concrete strain at the location where these 
two forces are acting. Because of this and the nonlinear relation between Fs and FSI to the 
concrete strain, c and f, are coupled together in a nonlinear system of equations. Therefore, an 
iterative procedure is required to solve for c and f,. Iteration is performed for each cross section 
for a given load level. The greater the number of cross sections being investigated, the more 
accurate the prediction oftbe location of the critical section. 
Figure 2. Forces acting on the cross section 
The shear bond interaction is illustrated in Fig. 3. A typical relation is shown in Fig. 3a between 
the shear hond force per-unit length, fs , versus the slip at the interface of the concrete and the 
deck. This relationship is obtained from elemental tests. In general, at a certain load level. the 
distribution of fs along the slab is not uniform due to the difference in the amo!lnt of slip at 
different cross sections. This is illustrated by fsA and fs.B in Fig. 3b. The shear bond force, 
Fs, acting on a cross section is the sum of fs from the end of the slab to the particular cross 
section (represented by the shaded area in Fig. 3b). Figure 3c shows the distribution of Fs along 
the slab. In the case of high strength shear bond, Fs can not be greater than the strength of the 
steel deck. 
The partial interaction between the deck and the concrete is accounted for hy limiting the deck 
contribution to the capacity of the shear bond, such that after a certain phase, the steel deck and 
concrete no longer have the same amount of strain at the interface. At any point of the loading 
the strength contribution of the deck can not be greater than Fs as shown in Fig. 3c. Thus, the 
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Figure 3. Shear bond interaction 
(I) 
where, Fs shear bond force shown in Fig. 3, Es ' and As are the strain, elastic modulus and 
cross sectional area of the steel deck respectively, Fs.l im it limitation on the shear bond based 
on the shear bond vs. slip data obtained from the elemental tests. This limit is calculated based 
on the slip at the cross section being investigated. Note that Fs.limit for a cross section does not 
have a constant value, but rather, forms a function of the slip at that location. Once the Fs.lim it 
is reached, the slip starts to occur. In an extreme condition with a very high shear bond strength, 
Fs,lim it can not exceed the strength of the steel deck, and hence we can state: 
(2) 
where, fy is the steel deck yield stress, 
The effect of the end anchorage, f~l' can be obtained upon the determination of slip of the slab 
relative to the beam at the location of the anchorages, i.e., at the support. Slip values can be 
obtained by summing the elongation of the bottom fiber of the concrete for each element or 
interval from the mid-span to the support, neglecting the axial deformation ofthe steel deck. 
Both the shear bond force and the end anchorage force require the determination oHhe slip along 
the slab. This creates a problem because the slip is not known in advance. Two alternatives of 
approximation can be pursued to overcome the problem. One is to apply a forward iteration 
scheme, in which, the analysis proceeds by utilizing the values obtained from the last convergent 
state. These might not be correct for the current state, however, this forward scheme is very 
simple because it does not require additional iteration. 
The second alternative is the backward iteration scheme. In this scheme an additional iteration 
loop is introduced inside the current iteration for which c and f( are being computed. With this 
procedure, the computation becomes very tedious. To avoid this problem, a simplification 
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technique can be introduced. 
The simplification technique involves replacing the actual concrete elongation diagram, Fig. 4b, 
with the simplified Fig. 4d. By considering Fig. 4d, the elongation of the bottom fiber of a 
segment located at xi from the support can be written as: 
X· dL· = -'-dL 
j L/2 c (3) 
where, L = the span of the slab, dL i elongation of the bottom fiber of segment-i and dLc = 
elongation of the bottom fiber at the mid-span. Using Eq. (3), the total slip at the location xi 
can be expressed as: 
n 
5j = LdLi = (Xi + xi+1 
i=1 
(i + (i + I)+ ... +n) d dLc 
Ll2 
(4) 
where, si = the slip at the location xi, n total number of segments from the support to the 
mid-span, i = sequence number of segment counted from the support, and d = the length of each 
segment. Substituting Eq. (3) into Eq. (4) for dLc , and replacing (i + (i + I)+ ... +n) in Eq. (4) by 
[(! + 2+ ... +n) (I + 2+ ... +(i I))], the slip at a cross section can be expressed in terms of the 
elongation of that particular segment as is given by: 
s. = {n(n+l) -~}!dL' 









Figure 4. Concrete bottom fiber elongation, dL, and slip diagrams 
(5) 
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In phase-2 of the analysis, we consider the strength of the deck. The deck contributes additional 
load carrying capacity and it is assumed that this action occurs through a lion-composite type of 
action. A simple deflection compatibility condition is assumed between the deck and the 
concrete as illustrated in Fig. 5: 
(a) composite action 
(b) non-composite action 
Figure 5. Additional load carrying capacity from the deck 
(6) 
where, ds = deflection of the steel deck, and deflection of the partially composite section. 
The additional strength stemming from phase-2 of the analysis may be significant and therefore 
is considered. This additional resistance comes from the contribution of the flexural strength of 
the steel deck. The stress developed in the steel deck in conjunction with this additional 
resistance, however, can not be greater than the remaining strength available in the steel deck 
given by: 
• fy = fy .. - feast - fshore - fbond fanchorage fw (7) 
where, feast' fshore, fbond , fanchorage, fw stress in the steel deck induced by concrete 
casting, shore removal, shear bond force, end anchorage force, Fst ' and weld force 
respectively. If the additional load carrying capacity is denoted by qd, then the total load 
carrying capacity is simply: 
q (8) 
where, qe = load carrying capacity from phase-I of the analysis (partially composite action). 
Beyond this value, the deck is yielded and it deforms plastically without adding any contribution 
on the load capacity. 
In addition to the strength formulation described above, the deflection of the slab can be 
computed simultaneously. [n this part of analysis, however, there are additional assumptions 
required. The modulus of elasticity of the concrete is assumed unchanged and equal to its initial 
value, even though the concrete is inelastic in certain cross sections. Similar to the strength 
procedure, the portion of the concrete stressed beyond the tensile stress limit is considered to be 
ineffective. Therefore, the cross sectional inertia of the concrete varies along the slab. 
Contribution of the steel deck to the slab stiffness is proportional to the degree of interaction 
between the deck and the concrete. This degree of interaction is represented by the ratio of the 
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portion of the deck strength active in the section analysis to the overall deck strength at the 
beginning of the analysis (after concrete casting and shore removal). 
An alternative method to compute the deflection of the slab with non-prismatic cross sections is 
by utilizing the unit load method for which the integration can be performed numerically. The 
effective cross sectional inertia can be computed from: 
1 Q 1 Q2 Q n 
--=-+-+ ... +-
I eff II 12 In 
(9) 
where, I eff = effective cross sectional inertia of the slab, Ii = effective cross sectional inertia of 
segment-i, and, 
JM m ds 
Q._-'ci __ _ 
1- JM m ds 
L 
(10) 
where, J = integration over the segment, J = integration over the entire length of the slab, M = 
i L 
bending moment function along the slab, and m = weighting function (bending moment caused 
by the unit load). 
The iterative procedure results in the following advantages: full history of load vs. deflection of 
the composite slab is obtained, identification of important points along the loading history, such 
as first yield condition, location of the critical cross section, and mode of failure are obtained. 
Additionally, the procedure facilitates the incorporation of effects, such as shear stud, pour stop, 
etc., so long as the test data of the particular device is provided. This later test data can be 
obtained by performing small elemental tests, thus no large full-scale tests are necessary. 
DIRECT METHOD 
The direct method shares the same basis formulation as the iterative method. In fact, the direct 
method is just one point, namely the ultimate load condition, in the iterative allalysis. In this 
case, a fully plastic condition of the cross section is assumed, and therefore, the Whitney stress 




--. ~~c ~ 
---!>Fs 
Figure 6. Forces acting on the cross section considered 
in the direct method 
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Because this method is basically the same as the final point of analysis in the iterative method, 
all assumptions of the iterative method are applicable. The main advantage of the direct method 
is that the procedure of computation is not iterative, thus it is convenient for hand computation. 
In addition to that, the effects of shear bond and end anchorages can also be taken into account. 
Partial interaction between the deck and concrete is also considered as in the iterative procedure. 
The ultimate moment capacity provided by the composite action of the steel deck and the 
concrete is given by: 
(1\) 
where y 1, Y 2 the arm length of Fs and Fst respectively to the center of the compressive stress 
block. The depth of the stress block is obtained by: 
a = Fs +Fst 
O.85f~b (12) 
Equation (II) constitutes phase-l of the analysis. Phase-2 of the analysis, the effect of the 
flexural deck strength is given by: 
(13) 
where, f; = the remaining deck strength, defined in (7), and S = plastic section modulus of 
the steel deck. One can not obtain the first yield condition, the location of failure, or the plot of 
load vs. deflection using the direct method. 
COMPARISON OF CALCULATED AND TEST RESULTS 
Predicted values of the slab strength were made by using the iterative, direct and SOl methods. 
They were compared to experimental test results. The experimental tests were performed using 
several different deck profiles, embossment patterns and steel thicknesses. Different span 
lengths, total slab depths, end anchorages and concrete strengths were used in the tests. The 
width of the specimens was 6 ft. Loading was applied through an air-bag to the top surface of 
the concrete slab to produce a uniformly distributed load. The test setup is shown in Fig. 7. 
Table I lists the main parameters of the specimens and the computed values using previously 
described methods. The embossment types listed in Table I are illustrated in Fig. 8. 
From Table 1, one can see that the SOl, direct and iterative methods all predicted the load 
capacity of the slab very welL The SDI method, while not as accurate, gives generally 
conservative results that are acceptable for design. A graphical comparison of the test vs. 
predicted strengths using the iterative, the direct and the SOl methods are shown in Fig. 9. 
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Figure 7. Test Setup 
~ A = A ~ ~ A = A ~ ~ A = A ~ ~ 
type I type 2 type 3 
Figure 8. Embossment types 
Table I. Test parameters & comparison of the predicted strength 
ULTIMATE LOAD CAPACITY 
I CK. MBSM. OVER· END T D DIRE ITER rEST PREDIC 
HT. TYPE HANG ANCHR DEPTH CONT. Ie' I 
(in) (ft) TYPE (in psi psi psI psi 
0.0345 1 S·5 4.5 C 8 755 673 3 .83 1.0 
0.0345 1 S·4 4.5 C 608 657 637 700 0.87 0.94 
0.0345 S-3 4.5 C 5170 635 657 635 600 1.06 1.10 
0.0345 S-2 4.5 C 5170 498 519 507 600 0.83 0.87 
0.0345 W·7 4.5 C 334{) 351" 337 431 400 0.12 0.80 
0.0345 W-7.P 4.5 C 334{) 349"" 534 510 590 0.58 
0.0345 
., W·7 4.5 D 3770 23;)7" 321 393 375 0.79 
0.0345 W·l,P '.5 0 3770 293" 519 497 400 OllO 
0.0410 ., 5-3 4.5 C 5300 740 002 766 000 0.82 
0.0410 S-5 4.5 C 5300 853 1060 910 900 0.95 
0.0355 S-3 5.5 C 3150 610 658 612 750 0.8; 
0.0355 S-5 5.5 C 3750 693 681 876 870 0.00 
0.0355 W-7 5.5 0 3370 357" 388 443 460 0.74 
0.0470 W-7 4.5 0 3370 461" 528 538 500 0.92 
.. Enu anchorages: S=sttJd, P=pour stop, \>\'=puddle weld 
• Numbers 1oUa'Mng S and Were !he number of studs orwelds insteJied 
• Deck oontil1uity: C=contlntJous over !he suppOrl. D=diltCQf1linuO!J!I 
•• Values ware calculated based on the first yield condition 
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Figure 9. Test vs. predicted strength 
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A comparison of the experimental and iterative method response histories for slabs no. I 
(studded slab) and 7 (welded slab) are shown in Fig. 10. The prediction using the iterative 
analysis agree reasonably well with most tests. The comparison are generally better for slabs 
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(a) Slab #1 (b) Slab #7 
Figure 10. Load vs. deflection responses of slabs #1 and #7 
CONCLUSIONS 
From the comparison and discussion presented, it can be concluded that the iterative method 
generally predicts the slab strength and behavior well. Both the direct and the iterative 
procedures offer an alternate solution to performing many full size slab tests. Moreover, because 
the procedures have a mechanics based model, they are able to take into account parameters sllch 
as shear bond, end-anchorages, etc. The SDl method, while more conservative than the other 
two methods is a good tool for design. 
ACKNOWLEDGMENT 
The work described in this paper was funded by the American Institute of Steel Constrllction, 
American Iron and Steel Institute, the National Science Foundation (MSS-9222064) and the 
Steel Deck Institute. 
Appendix.--References 
I. Easterling, W. S., and Young, C. S. (1992). "Strength of Composite Slabs". Joumal of 
Structural Engineering, ASCE, v.118, n.9, p.2370-2389. 
2. Heagler, R. B., Luttrell, L. D., and Easterling, W. S. (1991). Composite Design Handbook. 
Steel Deck Institute, Canton, Ohio. 
3. Porter, M. L., and Ekberg, C. E. (1975). "Design Recommendation for Steel Deck Floor 
Slabs". Proc., 3rd Intemational Specialty Conference on Cold-Formed Steel Structures: 
400 
Research alld Developments ill Cold-Formed Steel Desigll and Constructioll (ed.:W.W.Yu), 
v.II, Nov.24-25, University of Missouri-Rolla, p.761-791. 
4. Terry, A. S., and Easterling, W. S, (1994). "Further Studies of Composite Slab Strength". 
Proc., 12th international Specialty Conferellce all Cold-Formed Steel Structures 













Fs ' Fst 
= steel deck cross sectional area 
= depth of concrete stress block 
= section width 
= resultant of concrete compressive force 
= depth of the neutral axis of composite section 
= distance of the steel deck centroid to the top surface of the slab 
= length of each segment 
= deflection of the partially composite section 
= deflection of the steel deck 
= elongation of the bottom fiber of concrete slab of segment i 
= elongation of the segment at the mid-span 
= elastic modulus of steel deck 
= tensile force in the steel deck resulted from the effect of shear bond and end 
anchorages respective Iy 
t~.Iimit = upper limit of Fs 
fanchorage = stress in the steel deck induced by end anchorages 
















= stress in the steel deck induced by shear bond force, fb 
= concrete compressive strength 
= stress in the steel deck induced by concrete casting 
= stress in the steel deck induced by shore removal 
= concrete tensile strength 
= stress in the steel deck induced by puddle welds 
= steel deck yield stress 
= remaining strength of the steel deck 
= elastic concrete compressive and tensile stress at the extreme fiber 
= depth of the concrete flange 
= effective cross sectional inertia of the slab 
= effective cross sectional inertia of a segment 
= sequence number of a segment 
= span and cantilever length of the slab respectively 
= bending moment, general 
= bending moment caused by the unit load 
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Mn,Mnc,Mnd 
= ultimate moment capacity: total, phase-l and phase-2, respectively 
n = number of segment from the support to the mid-span 
q, q c, q d = load carrying capacity: total, phase-I, phase-2, respectively 




= total slip at a section 
= resu Itant of concrete tensi Ie force 
= distance from the support to the section being investigated 
= moment arm of F sand F sl ' respectively 
= steel deck strain 
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STRENGTH OF HEADED SHEAR STUDS IN COLD-FORMED STEEL DECK 
John C. Lyons l , W. Samuel Easterling l and Thomas M. Murrai 
SUMMARY 
Results from 57 push-out tests of headed shear studs in cold-formed steel deck are 
presented. The results are compared to predicted strengths using the American Institute 
of Steel Construction Load and Resistance Factor Design Specification. The results 
indicate that the AISC specification does not accurately predict the strength of the shear 
studs placed in steel deck. 
INTRODUCTION 
The welded stud has been the subject of research since the mid-1950's. By the 
early 1970's, the strength of welded headed stud shear connectors in solid slabs was 
reasonably well understood. Stud strength in solid slabs was found to be a function of 
concrete properties and stud dimensions, with an upper limit being a function of the stud 
material properties. 
The use of formed steel deck in composite construction made stud strength 
determination more difficult. In the current AISC specification (Load 1993), a base 
strength is detemlined assuming the stud is embedded in a solid slab. A strength 
reduction factor is applied to account for the effects associated with the formed metal 
deck. This reduction factor is based upon deck and stud geometry and the number of 
studs in each rib. 
The majority of steel deck used today has an intermediate stiffener in the middle 
of each deck flange. This stiffener has allowed deck rolled from thinner sheet steel to 
bridge greater spans. However, studs must be welded off-center in the deck rib, away 
from this stiffener. Recent studies have shown that shear studs behave differently 
depending upon their location within the deck rib (Easterling et. al. 1993). The so-called 
"weak" and "strong" positions are illustrated in Fig. I. The current AISC specifications 
do not account for stud location within the deck rib. 
Weak position studs provide less shear resistance than strong position studs 
because studs in the weak position typically fail by rib-punching. In rib punching, the 
concrete near the base of the stud is crushed while the adjoining deck first bulges, then 
tears. It appears that for this failure mode, the strength of the steel deck itself affects 
shear capacity. 
'Technical Service Representative, Unimast Inc., 6839 Southlake Parkway, Morrow, GA, 30260 
I Assoc. Prof., Charles E. Via. Jr. Dept. ofCiv. Engrg .• Virginia Polytechnic Institute and State University, 
Blacksburg, VA 24061-0105. 
J Montague-Betts Prof. of Structural Steel Design, Charles E. Via, Jr. Dept. of Civ. Engrg., Virginia 
Polytechnic Institute and State University, Blacksburg, V A 24061-0105. 
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Fig. 1. Weak and Strong Position Studs 
To investigate the behavior of headed stud shear connectors in metal deck with an 
intermediate stiffener in the bottom flange, 57 push-out tests were conducted and are 
reported herein. For each parameter studied, a series of three identical specimens was 
fabricated and tested, although in some instances tests within a series were not usable and 
are thus not reported. 
The push-out test matrix is shown in Table 1. Series 1-8 were used to study the 
effect of stud height on the behavior of single, strong position studs. Both 2 in. and 3 in. 
deep decks were used. Series 9-15 were used to investigate the effect of staggered studs. 
Series 16-19 were used to study the effect of stud height on pairs of strong position studs. 
In these tests only 2 in. deep deck was used. 
Series 20-23 were used to study the effect of deck strength on the strength of 
weak position studs. For these tests 3.5 in. high studs were used with 2 in. deep deck. 
Because most deck steels possess similar material properties, varying deck strength is 
obtained by using different gauges of deck. 
Series 24-26 were repeats of series 9, 11 and 12. Weld failures and testing 
problems unique to staggered stud tests necessitated the duplication of the earlier tests. 
Series 27-29 have the same parameters as series 16-18. Series 16-18 were 
repeated because of weld failures. 
TEST SETUP AND PROCEDURE 
The push-out test specimens were fabricated and conducted similar to those used 
by Ollgaard, et al (1971). Two differences should be noted between the 1971 specimens 
and the specimens used in this study. First, single stud groupings were used in this study 
as opposed to the two stud groupings used in the 1971 study. Second, the specimen slabs 
in this study were cast horizontally whereas the specimens slabs in the 1971 study were 
cast vertically (upright). Horizontal casting results in less aggregate segregation and 
reduced risk of voids. 
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Push-out specimens were cast in two halves as illustrated in 2. First, a 44in. 
long WT6x17.5 was placed in a specially made welding "jig". The jig was used to 
maintain spacing and straightness during welding. Next a form was constructed using a 
36 in.x 36 in. sheet of steel deck and 6 in. high pour stop. All specimens had the steel 
deck ribs oriented perpendicular to the direction of loading. The steel deck was placed 
on the jig, on top of the tee flange. Studs were welded through the deck, onto the tee 
flange. 
TABLE 1. STEEL OECK TEST MATRIX 
Stud Oeck Height Stud Height Oeck 
Series Tests Position (in) (in) Gauge 
1 01.02,03 S 2 3.5 22 
2 04,05,06 S 2 4 22 
3 07,08.09 S 2 4.5 22 
4 010,011,012 S 2 5 22 
5 013,014,015 S 2 5.5 22 
6 052.053,054 S 3 4.5 20 
7 055,056,057 S 3 5 20 
8 058,059,060 S 3 5.5 20 
9 016,017,018 STAG 2 3.5 22 
10 019,020,021 STAG 2 4 22 
11 022,023,024 STAG 2 4.5 22 
12 025,026,027 STAG 2 5 22 
13 076,077,078 STAG 3 4.5 20 
14 064,065,066 STAG 3 5 20 
15 067,068,069 STAG 3 5.5 20 
16 028,029,030 2S 2 3.5 22 
17 031,032,033 2S 2 4 22 
18 034,035,036 2S 2 4.5 22 
19 037,038,039 2S 2 5 22 
20 040,041,042 W 2 3.5 22 
21 043,044,045 W 2 3.5 20 
22 046,047,048 W 2 3.5 18 
23 049,050,051 W 2 3.5 16 
24 061,062,063 STAG 2 3.5 22 
25 079,080,081 STAG 2 4.5 22 
26 070,071,072 STAG 2 5 22 
27 073,074,075 2S 2 3.5 22 
28 082,083.084 28 2 4 22 
29 085,086,087 28 2 4.5 22 
Note: on all tests, 5 3/4" slab depth, 3/4" diameter studs 
normal weight concrete with target strength of 3500psL 
applied normal load 10% of axial 
S = single stud in strong position 
W;: single stud in weak position 
2S ;: pair of studs in strong position 
STAG;: staggered studs, one weak, one strong 
SIDE VIEW 
....il..-o£C;( HEI(;Mf VAJIIUt5 
lOP VIEW 
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Fig. 2 Push-out Specimen Detail 
Welded wire fabric reinforcing (WWF6x6-WI.4xW1.4) was placed in the form, 
directly on top of the steel deck. After concrete was placed in the forms, it was vibrated, 
screeded, floated and cured. Once cured, the pour stop was removed from the edges of 
the slabs, leaving the steel deck in place. Identical specimen halves were bolted together 
to form each specimen. 
The test set-up is shown in Fig. 3. The specimen was lowered on to two 40in. x 
lOin. x lin. elastomeric bearing pads. The e1astomeric bearing pads served to evenly 
transmit load between the specimen and the floor. An I lin. x 7in. x 1I2in. loading plate 
was placed on top of the tee ends. This loading plate rested upon the tee fillets, just 
below the tee flanges. When the axial load was applied to the center of the loading plate, 
equal loads were transmitted to each tee. The axial load was generated by a hydraulic 
ram, suspended from a loading frame which transferred the load to the reaction floor. 
The axial load was measured using a load cell located between the hydraulic ram and the 
loading frame. 
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Fig. 3. Push-out Test Set-up 
"Slip" refers to the movement ofthe tee flange relative to the concrete slab at the 
location of a shear connector. Slip was measured using linear potentiometers. To mount 
these potentiometers, light angles were fitted between the tees of the two specimen 
halves. Potentiometers were clamped to these angles. The potentiometer ends were 
secured to nails set into the concrete slab, through holes in the steel deck, across from 
each stud location. Details of the load vs. slip behavior are not reported here but are 
available (Lyons, et al 1994). 
A nonnal load apparatus was developed in a previous study by Sublett et al. 
(1992) and was used in this study to more accurately simulate the behavior of shear 
connectors in a composite beam. The normal load prevented the slab from "peeling-
away" from the deck prematurely and more closely modeled conditions in an actual floor. 
The normal load was generated by a hydraulic ram and monitored using a load 
cell. This load was transmitted to the other side of the specimen by an outer yoke. The 
load was distributed to the specimen through beams placed along the axis of the 
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specimen. The apparatus was positioned so that it did not bear on the reaction floor. The 
applied normal load was 10% of the applied axial load. 
All tests were loaded in a similar manner. The first axial load increment for each 
test was 10 kips. Afterwards, axial load was incrcased in 5 kip increments. Once 
significant slipping had occurred (~0.Ql in.), the axial load ram was advanced to obtain 
fixed increases in slip, not load. The axial load ram was advanced in this fashion until 
failure ofthe shear connectors had occurred. 
COMPARISON OF TEST RESULTS WITH AISC SPECIFICATION PROVISIONS 
Test results are presented in both graphical and tabular form. In both cases, 
comparisons are made to the AISC predicted strengths. 
Trends in the experimental results may be better understood if the different 
observed failure modes are first reviewed. The various failure modes are briefly 
described in the following paragraphs. 
Stud Shearing: The stud shears at its base, directly above the weld collar. The 
failure surface is flat and relatively smooth, consistent with shear related failure. 
Stud Rupture: The stud ruptures at its base, directly above the weld collar. The 
failure surface is sharp and angular, consistent with a tensile related failure. 
Concrete Pull-Out: The stud group, rotating at its base, breaks away from the 
concrete slab, carrying away a wedge shaped section of concrete. 
Rib Punching: A stud located near the edge of the deck rib (weak position) easily 
erushes the small portion of concrete near its base, causing the steel deck to first bulge, 
then tear. 
Rib Cracking: The prying action of the stud group is sufficient to cause 
transverse cracks above and below the deck rib. Prying loose of the entire rib leads to 
disintegration of the concrete slab and the termination of the test. 
Slab Splitting: A precursor to stud shearing. (In some early tests using single 
strong position studs, splitting cracks were observed in the concrete slabs after the peak 
load had been reached. This was mistakenly thought to be a distinct failure mode. 
Subsequent tests, carried to greater slips, exhibited similar cracks and ultimately failed by 
stud shearing. It can be assumed that all tests listed as slab splitting failures, 'can actually 
be characterized by stud shearing.) 
Tee Rotation: The test strength is limited by the flexibility of the base member, 
which in this study was a structural tee. (In early tests using connectors in the top rib 
only, the tees would tend to rotate sideways about the shear studs upon loading. Data 
was reported if tee rotation began in late stages of the test, after maximum load was 
obtained. The characteristic failure mode can be inferred from comparisons with similar 
tests.) 
Comparison of the test results to the current AISC LRFD Specification provisions 
are made below. For reference, the provisions follow. The strength of a stud in a solid 
slab is given by: 
(Eq. I) 
with restrictions: w??:90pcf 
ds $ O.75in. 
Hs Ids :2: 4 
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ds $ 2.5t r except when above web 
longitudinal spacing??: 6ds 
transverse spacing??: 4ds 
The reduction factor for stud strength due to the presence of steel deck, oriented 
perpendicular is given by: 
with restrictions: hR 3in 
wR ??:2in 
(Hs hR) :2!1.5in 
CDs - hR) :2: 2in 
Hs $ (hR + 3in) in computations 
N R $ 3 in computations 
spacing any direction :2! 4ds 
The nominal design strength is then given by: 
CEq. 2.) 
CEq. 3) 
The strength reduction factor, SRF, was developed by Grant et al. (1977) and was 
based primarily on 17 full-scale beam tests. In that program, most beams used pairs of 
studs in the center of the deck rib with 1-1/2 in. embedment above the deck rib. Most of 
these connections failed by concrete pull-out, the rest by rib shear. For this reason, the 
AISC equations can be thought of as concrete pull-out equations. The solid slab strength 
serves as a rough measure of concrete shear strength, while the SRF serves to 
approximate the affect of steel deck geometry on pull-out area. 
Predicted vs. actual strengths for all push-out tests are shown in Fig. 4 and given 
in Table 1. The predicted test strengths are calculated using Eqs. 1-3 and the measured 
material properties. A statistical summary of the data is given in Table 2. It can be seen 
that in no case was the measured strength greater than the predicted strength. Weak 
position studs were the least conservative, some having measured strengths nearly half of 
that predicted. The tests whose performance most nearly matched predicted values were 
those using two staggered studs with 1-112 in. embedment above 3 in. high deck. This 
was because these tests most closely matched the tests in the 1977 study. 
The calculated strength reduction factor (SRF) for most specimens tested in this 
study was 1.0. The comparisons with test results indicate that the SRF formula does not 
accurately represent the strength of shear studs in steel deck. While a combination of 
factors is likely contributing to the discrepancy, three particular items are thought to be 
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significant. These are the influence of the number of studs in a rib, the embedment length 
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Fig. 4. Ratio of Measured to Predicted Strength as Function of Concrete Strength 
Table 1. Push-out Test Results 
Concrete Qa QSO!. AISC Qn Ratio Failure 
Series Test Strength (kips) (kips) SRF (kips) Q./Q, Mode 
(psi) 
1 D2 4560 21.91 30.19 1.0 29.41*- 0.745 CP 
D3 4560 18.08 30.19 1.0 29.41** 0.615 CP 
2 06 4560 20.73 30.19 1.0 29.41** 0.705 SS 
3 07 4560 21.18 30.19 1.0 29.41** 0.720 SP 
08 4560 20.37 30.19 1.0 29.41** 0.693 SP 
09 4560 21.46 30.19 1.0 29.41** 0.730 SS 
4 010 4560 20.62 30.19 1.0 28.74** 0.717 SP 
011 4560 21.02 30.19 1.0 28.74** 0.731 SP 
012 4560 21.97 30.19 1.0 28.74** 0.764 SS 
5 013 4560 19.84 30.19 1.0 28.69** 0.692 SS 
014 4560 20.14 30.19 1.0 28.69** 0.702 SP 
015 4560 21.45 30.19 1.0 28.69** 0.748 SS 
6 052 3360 17.39 23.77 0.85 20.20* 0.861 CP 
054 3360 18.35 23.77 0.85 20.20* 0.908 CP 
7 055 3360 18.24 23.77 1.0 23.77* 0.767 CP 
056 3360 15.49 23.77 1.0 23.77* 0.652 CP 
8 058 3360 18.67 23.77 1.0 23.77* 0.785 SS 
059 3360 19.60 23.77 1.0 23.77* 0.824 SS 
10 019 3240 15.49 23.40 1.0 23.40* 0.662 RPITR 
020 3240 15.28 23.40 1.0 23.40* 0.653 RPISS 
11 023 3240 15.35 23.40 1.0 23.40* 0.656 RPISS 
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Table 1. Push-out Test Results (cont.) 
Series I Test I Concrete Q. Q>OL AISCQ" Ratio Failure Strength (kips) (kips) SRF (kips) 0,/0, Mode 
i ! (psi) 
12 026 3240 15.08 23.40 l.0 23.40* 0.644 RPITR 
13 076 3650 13.34 25.37 0.60 15.22* 0.875 CP 
077 3650 ~95 25.37 0.60 15.22' 0,981 CP 
078 3650 .50 25.37 0,60 15.22' 0,951 CP 
14 064 2670 13,70 20,13 0.80 16,10* 0,849 CP 
065 2670 14,12 20,]3 0,80 16,10' 0,875 CP 
066 2670 12.51 20,13 0,80 16,10' 0,776 CP 
15 067 2670 14,02 20,13 1.0 20.13' 0,697 RC/SR 
068 2670 14,96 20.13 1.0 20.13' 0,743 RC 
069 2670 14,94 20,13 1.0 20.13- 0.742 RC 
16 028 3520 15.5 24,64 1.0 24.64' 0,629 TR 
17 033 3520 18.30 24.64 1.0 24.64' 0,743 CP 
18 034 3520 17.86 24,64 l.0 24.64- 0,725 SS 
19 037 3520 16,52 24,64 1.0 24.64' 0,670 SS 
20 040 2720 11.15 20.39 1.0 20.39' 0,547 RP 
041 2720 ]0.96 20.39 l.0 20,39' 0.538 RP 
042 2720 12.46 20,39 l.0 20.39* 0.611 RP/SR 
21 043 2720 11,56 20.39 1.0 20.39' 0,567 RP/SR ! 
044 ! 2720 12.79 20.39 1.0 20.39- 0.627 RP 
.. 
045 2720 mf°,39 l.0 20.39- 0.670 RP 22 I 047 ' 2720 14, 20.39 1.0 20.39- 0,726 RP/SR 
048 2720 13. 20.39 1.0 20.39' 0,668 RP 
23 049 2720 15.06 20.39 1.0 20.39' 0.738 RP 
24 i 062 3360 ~ 23,77 1.0 23.77' 0,644 RP/SS 
I 063 3360 I 23.77 1.0 23.77* 0.623 RP/SS 
.. 
25 079 3650 16.16 25.37 1.0 25.37' 0,637 RP/SS 
081 3650 17,10 25.37 1.0 _ 25.37- 0,674 RP/SS 
26 I 071 2670 15.21 i 20,13 1.0 i 20.13- 0,756 RP/SS 
i ! 072 2670 13.56 20.13 1.0 20,13' 0,674 RP/SS 
27 073 2670 15.79 20.13 1.0 20.13* 0,785 CP 
074 2670 14,99 20.13 
"'-'--;;-- L.... .. 
20,13' 0.745 CP 1.0 
075 2670 15.61 20.13 1.0 20, ]3' 0.776 CP 
28 082 3650 16.92 25.37 1.0 I 25.37' 0,667 CP 
I 083 3650 19.42 25.37 l.0 25.37' 0.766 CP 
29 086 3650 20.92 25.37 1.0 25.37' 0,825 RC 
087 3650 20.67 25.37 l.0 25.37' 0,815 RC 
CP Concrete Pull·Out .; SRF x O.5Asc~f~Ec 
RC Rib Cracking * * == I.OAscFu 
RP Rib Punching Q N SRF x QSOL ~ 1.0AscFIJ 
I 
SP Slab Splitting 
SR = Stud Rupture 
I TR~ Tee Rotation i 
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Table 2. Test Results Statistics 
Minimum Maximum Arithmetic Standard Coefficient 
Test/Predicted Test/Predicted Mean (%) Deviation(%) of 
Ratio (%) Ratio (%) Variation(% ) 
Strong 61 91 74 6.9 9.3 
Weak 54 75 63 7.0 11.0 
2Strong 63 82 74 6.0 8.1 
Staggered 62 98 74 10.9 14.7 
All of the tests conducted in this study had only one stud in a given rib. Because 
the shear studs in the beam tests in the 1977 study (Grant, et al 1977) were predominantly 
placed in pairs, i.e. two studs in a rib, the resulting empirical expression for the SRF 
reflected this arrangement. It is believed that the parameter Nr in the SRF formula does 
not accurately reflect the strength of one stud in a rib. 
Embedment length was not a parameter that was varied in the 1977 study but was 
included in the strength reduction factor after observing trends in another test program 
(Henderson 1976). However, the influence of the embedment length for single studs is 
unclear because all of Henderson's tests had the studs placed in pairs. 
Weak position studs, which are also believed to be insensitive to embedment 
length, exhibited rib punching. This behavior was not observed for the strong position 
tests. The observation of rib punching led to the idea that the steel deck thickness may be 
an influential parameter for weak position shear studs. As indicated by the results in 
Table I, there is a trend of increasing strength with increasing steel deck thickness 
(gauge). The weak position tests, as indicated in Table 2 showed the worst correlation 
with predicted values. The influence of stud position, and indirectly steel deck thickness. 
is not reflected in the SRF expression. 
CONCLUSIONS 
Current AISC LRFD Specification provisions do not accurately predict the 
strength of headed shear studs in steel deck. The current strength reduction factor, SRF, 
used in the AISC specification is acceptable in predicting concrete pull-out strengths 
when pairs of studs with small embedment lengths (-1-1/2 in.) are used with metal deck 
having a width-to-height ratio of 1.5 to 2. This SRF does not predict the strength of 
single stud concrete pull-out well, nor does it account for other failure modes associated 
with the use of metal deck. 
Increasing the strength of steel deck increases the strength of weak position stud 
connections. However, the difference between weak and strong position shear studs, and 
therefore the influence of the deck thickness on the weak position strengths, is not 
reflected in the SRF. 
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Different types of connections are characterized by different failure modes. These 
include stud shearing, concrete pull-out, rib cracking and rib punching. For connection 
strength to be predicted, each applicable failure mode must be checked separately. 
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Appendix.--N otation 
Asc cross-sectional area of shear connector 
ds shear stud diameter 
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modulus of elasticity of concrete 
( concrete compressive strength 
Fu tensile strength of shear stud 
hR nominal rib height 
Hs length of shear stud after welding 
N R number of shear stud connectors in one rib at a beam intersection 
Qa measured strength of shear connection 
QN nominal strength of a shear connection 
QSOL ultimate strength of a stud embedded in a solid slab 
tf flange thickness 
SRF strength reduction factor 
w unit weight of concrete 
wr average width of steel deck rib 
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TOWARDS A NUMERICAL PROCEDURE FOR COMPOSITE 
SLAB ASSESSMENT 
Howard D. Wright] and Milan Veljkovic2 
Summary 
Composite slab design relies upon adequate shear bond resistance between the steel and 
concrete. This is achieved by friction between the materials and the mechanical interlock of 
embossments pressed in the steel. The behaviour of this shear bond resistance is complex and 
is obtainable only from model tests. This paper explores the potential for numerical 
modelling to provide the required design information. 
Introduction 
Composite floor decks are a popular method of providing convenient and light slabs in steel 
framed structures (1). The light gauge profiled steel sheeting provides both formwork for the 
wet concrete and reinforcement to the final slab. The major design constraint for the service 
condition is the shear bond resistance between the concrete and steel. Shear bond resistance 
comprises a combination of friction occurring between the two materials and bearing of the 
concrete on a pattern of embossments pressed in the steel sheeting. 
Despite considerable research into the nature of the shear bond resistance of composite floor 
decks since the 1970s the latest Code method of deck design (2) still relies upon performance 
testing of full scale specimens. Various design methods have been proposed (3,4,5,6) but all 
rely upon tests to provide data from which behaviour may be extrapolated. The tests may be 
full scale or small scale model specimens. 
There has been attempts to model the behaviour using numerical analysis (7,8). This is an 
extremely complex problem, especially if the individual embossment behaviour is to be 
modelled. To date, the models produced are not at a stage whereby general design, using 
them, may be considered. 
The aim of the study has been to use experimental data produced in Strathclyde in a 
numerical model developed in Lulea. This provides greater confidence in the numerical 
model and new insight into the behaviour of composite slabs failing in a ductile longitudinal 
shear mode. 
1. Professor, Department of Civil Engineering, University of Strathclyde, Glasgow, Scotland 
2. Postgraduate student, Department of Steel Structures, University of Lulea, Lulea, Sweden 
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Previous work on shear bond in composite slabs 
Schuster (9) carried out early work on the bond developed between steel sheeting and 
concrete. Porter and Ekberg (10) furthered this work and laid the foundations for a design 
method that has now been adopted widely. The design method is described more fully in 
reference 1 and relies upon full scale bending tests. Two coeffieients mr and kr are obtained 
from tests on upwards of 8 specimens. These are then used in a semi-empirical expression 
which allows the interpolation ofload span limits for slabs of the same geometry but varying 
concrete depth. The use of full scale tests to determine design parameters is defined, here, as 
a macro level investigation. See Fig. 1. 
TIle ~ ~ method relies upon the testing, at full scale, of several slabs. Many researchers 
have investigated the use of model tests to reduce costs. Schuster's original work (9) 
involved the use of model specimens which have now become known, generically, as Push-
off tests. Abdel-Sayed et. ai., (ll), Stark (12), Jolly and Zubair (13), Daniels (14), Patrick 
(6), and Veljkovic (15) have all described differing forms of push-off or small scale bending 
test. Li and Cederwall (7) describe a small scale bending test which has some similarities to 
the push-off philosophy. 
These tests have developed in complexity since the early 1970's but have mainly relied upon 
the application of a direct shear load between the concrete and steel on small samples of real 
steel sheeting and concrete. To simulate the reaction load of a slab support many of the test 
models include the application of normal forces. Despite the increasing complexity of these 
tests they are, in the authors' opinion, unable to mirror the complex interactive behaviour of 
slab bending and shear that occurs in the real slab. 
Push-off tests are, however, able to provide qualitative information on performance 
especially when comparisons between various types of deck are made. This was the theme 
behind the work of JoUy and Zubair (13) in their study of a variety of embossment shapes. 
Daniels (14) also made comparative conclusions between types of deck and defined two 
types of generic behaviour; ductile and brittle. 
Veljkovic (15) is further extending the development of push-off tests by using a relatively 
complex test specimen where the steel sheeting is put under a tensile strain whilst the 
concrete is pushed over it. This reduces the resistance of the embossment interlock and may, 
more closely represent the bchaviour occurring in a real slab. Paranleters obtained from the 
push-tests have been used with some success in a numerical model of the slab. The 
numerical analysis is described more fully latcr in this paper. 
Push-off tests may be described as a meso level investigation. More detailed study of the 
individual embossment behaviour may be described as a micro level investigation. Essawy 
(16) has used a very basic push-offtest model to investigate detailed embossment behaviour 
and validate numerical studies of the behaviour of single and groups of embossments. These 
push-off tests are described more fully later in the paper and results from the tests are used 
with the numerical model developed by Veljkovic (15). 
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Full scale tests 
A major development in modem deck design has been the use of a re-entrant portion in the 
profile geometry. This creates a vertical key holding the embossments and concrete together. 
In addition the re-entrant portion of geometry was thought to provide supplementary 
frictional resistance. Early Holorib (17) decks relied exclusively on this mechanism for their 
bond strength. 
In order to establish the performance of a profile using only a re-entrant portion to provide 
shear bond Ward Building Components (18) were asked to roll some special samples of their 
popular Multideck 60. These samples were identical to the normal embossed profile shown 
in Fig. 2 but were unembossed. 
Two slabs were cast with their geometry being described in Fig. 3. Slab 1 used the 
unembossed profile and slab 2 the embossed version. Average material properties are also 
presented in this figure. In both cases mesh reinforcement was fixed in one half of the slab. 
TIlls was to strengthen that half of the slab and ensure that failure occurred in the other half. 
TIlls enabled 28 electric resistance gauges to be fixed in the weaker section of slab in the 
knowledge that the failures would be fully recorded. 
Slab I was tested with three cycles of loading using a two point load system. The first load 
cycle to 30 kN (45% of the ultimate load) was stopped when cracking noises began to 
emanate from the specimen. TIlls was thought to signal the breakdown of bond. The second 
load cycle to 47 kN (70% of the ultimate load) was stopped when diagonal shear cracks 
became visible under the load points. In the final load cycle deflection control loading 
continued until the specimen was fully failed (67 kN). 
A similar load history was carried out for Slab 2 and revealed loads of 40 kN (46% of 
ultimate load) for concrete debonding, 71 kN (81 % of ultimate load) for the onset of 
diagonal shear cracks and an ultimate load of 87 kN. 
It was interesting to note that the slab formed with the unembossed sheeting carried 77% of 
the ultimate load of the slab with embossed sheeting. Other specific observations are as 
follows:-
• Final failure of the slab with unembossed sheeting was caused by buckling in the webs, 
whereas upper flange buckling occurred in the slab using embossed steel sheeting. The 
embossments appear to have strengthened the out-of-plane stiffness of the web plates. 
• At failure the concrete in the first slab had almost completely separated from the steel 
with the nib of concrete in the re-entrant portions breaking over a significant proportion 
of the shear span. TIlls may indicate that the re-entrant portion and the friction 
generated at the support has less effect on the ultimate capacity of the slab than has been 
previously supposed (6). 
• In the second slab the two materials remained largely connected by re-entrant locking. 
The stiffening of the webs and the additional resistance to separation provided by the 
embossments were thought to be largely responsible for this. TIlls is particularly the 
case given the complimentary deformation of the two flanges towards to concrete which 
is caused by the deformation of the web away from the concrete as it lifts over the 
embossments. 
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• Damage to the lower portion of the concrete at the base of the embossment signalled that 
this is where most mechanical bond was being generated. 
Strain gauge readings in the web showed a very different pattern between the two slabs. 
In the slab reinforced with plain steel a linear variation of strain occurred between the 
highly stressed lower flange and the less stressed upper flange. However in the 
embossed web very little strain was recorded. This is shown in figure 4. It would 
appear that the embossments create significantly reduced in-plane stiffness and act 
almost to puncture the web plate with holes. The web could be likened to the bellows of 
an accordion. 
Push-off tests 
The results of the slab tests provided information that suggested that the re-entrant portion of 
the profile was significant in improving shear bond behaviour. In addition it appeared from 
the tests that the bottom part of the embossments were subjected to most load. To further 
investigate this effect a series of push tests were carried out. 
These were designed to be as simple as possible whilst still being able to provide 
comparative data between various types of profiled steel sheeting gcometry. The test layout 
is shown in Fig 7. The normal load of 5 kN was applied through the torquing down of bolts 
and measured with a load cell. It represents a typical reaction force present at the support 
position in a slab. 
Two major parameters were varied in the tests carried out; the presence or absence of 
embossments and the effect of the re-entrant portions. Ward 60 profiles were used in the 
first of these comparisons. In the second a variety of profiles where used. To eradicate the 
effect of the re-entrant portions the undercut sections of the profiles were filled with 
modelling clay. A measure of the extent of the re-entrant portion was taken as the cross 
section area of the concrete contained under the re-entrant portions in each pitch of the 
profile. 
In the tests the failure occurred by the concrete overriding the embossments. Scoring of the 
steel and slight crushing of the concrete was observed at the base of the embossments. This 
was similar damage to that observed in the full scale slab tests. Little damage occurred to 
the re-entrant portions in the test on the unembossed Ward 60 profile but in all other tests the 
re-entrant nib of concrete was found to be broken following failure. The load recorded in the 
cell remained constant until the final stages of the test when the block had lifted and moved 
several millimetres. 
These tests show the importance of simple fiiction. The unembossed Ward profile sustained 
approximately 50% of the load of the embossed profile. It is also shown that the re-entrant 
portion has a significant effect, accounting for improvements of between 63 and 88% on 
identical profiles with the re-entrant portion filled with clay. The enhancement associated 
with the re-entrant portion appeared to increase with the area of concrete contained under it. 
An approximate linear relationship was evident from this limited number of tests. 
It may also be surmised from the damage incurred by the concrete and embossment steel that 
most shear resistance would appear to be derived at the base of the embossment. Given the 
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fact that the normal load did not vary until the vary late stages of each test it may also be 
sunrused that the overriding of the concrete was made possible by the local deformation of 
the web plate. 
Numerical study 
The bending test of the composite slab containing the sheeting with the embossments has 
been numerically modelled in 2D. The calculations have been performed with the DIANA 
finite element package version 5.1. 
One of the main purposes for the numerical study was to better model the failure mechanism 
of the full scale tests. There are four parameters that influence resistance of the slab:-
• friction at the support 
• mechanical interlocking in the shear span 
• reduction of the mechanical interlocking due to large strains in the sheeting 
• local buckling of the sheeting. 
The push-off tests have been used to provide quantitative values for the friction at support 
and the mechanical interlocking in the shear span. Rather more qualitative assumptions 
have to be made for two other parameters which are not experimentally examined. It has 
been shown by Veljkovic (15), that a reduction in the mechanical interlocking occurs when 
the steel is subject to large strain. The defurmation of the cross section of the embossment 
during the overriding of the concrete deck is qualitatively shown in Fig. 6. The effect of 
tension strain across the embossment is clearly identified and is compounded by the 
"accordion effect" observed in the full scale tests. Furthermore, the deformation pattern of 
the embossment illustrate the complexity of the stress state in the web. 
In modelling the mechanical interlock the strain level in the sheeting and the amount of the 
slip should be incorporated. The experimental study required to establish this micro level 
behaviour quantitatively is an ambitious exercise. It would also be difficult to implement in 
FE code. Therefore, it is assumed here that the reduction function depends only upon strains. 
In the finite element implementation it is possible to distinguish part of the slab that slips 
over the sheeting and only for that part the reduction for mechanical interlocking is 
introduced. The actual reduction has been based on experience with other type of a sheeting 
profile (15). 
Local buckling is also a very complex modelling problem and also requires further study at a 
micro level. The biaxial state of stresses in the top flange, the influence of the concrete to the 
local buckling mode, the resistance against the vertical separation and the influence of 
embossments on the stiffness of the web are some problems that must be answered before 
being able to aecurately model this phenomenon. However, the local buckling of the top 
flange may be taken into account by a reduction in stiffuess of the compression flange using 
a pseudo effective width approach. 
The finite element model 
The mesh has been generated assuming three parts of the slab as shown in Fig 7. The figure 
is taken from the model whose load-displacement curve agrees the best with the experimental 
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results and shows the defonned shape, exaggerated two times with respect to the model size. 
The displacement in the middle of the slab is 18.7 mm, maximum displacement is 20.8 mm, 
and the corresponding total load is 90.2 kN 
One half of the slab was reinforced with the additional reinforcement which influence unsym-
metric behaviour of the slab. The middle part of the slab was subject to pure bending and 
vertical eracking of the concrete deck is assumed to occur. The third part was assumed to be 
subject to high longitudinal shear and shear slip. For the sake of the simplieity in the model 
it is assumed that a major crack opening is positioned vertieally under the applied load. This 
is always the case when crack inducers are used. 
A discrete approach was used to model cracking of the concrete deck using node interface 
elements. In this approach it is assumed that the concrete between predefined cracks remain 
in an elastic state, therefore it has been modelled using plane stress elements with the elastic 
module and Poison ration of the concrete. The inelastic material properties of the conerete 
are allocated to the simplest interface element, the so called spring element. A brittle tension 
softening function has been used to model concrete after tension strength is reached, while an 
elastic perfectly plastic model has been used to model material properties of the concrete in 
compression. 
Beam elements with compact I cross section are used to model the perfonnances of the sheet-
ing, but the rotation capacity has been varied in the critical cross-section, A in Fig. 7. The 
compression flange of the two adjacent elements to this position have been modelled with the 
non-linear elastic material, stress-strain relationship which correspond to the steel used. The 
local buckling has been taken into account by reducing the yielding plateau in compression 
and introducing a sudden drop of the resistance in the two elements. A plastic model with 
Von Mises yield criterion and hardening describes the material behaviour of the sheeting. 
The geometrical characteristics of the I profile are the same as for the sheeting, identical area 
and very close moment of inertia. No reduction of the axial stiffness due to accordion effect 
of the web has been used as this was assumed to be incorporated in the reduction of shear 
bond resistance described in the next paragraph. 
The yielding of the steel in tension has been assumed at axial strains betwcen 0.0016 to 
0.0138 and the effect of the local buckling in a reduction of the axial stiffness of the flange to 
a strain level of 0.008 (providing the closest agreement with the experimental curve). 
The interface between sheeting and concrete has been modelled using node interface 
elements. A non-linear elastic material model has becn used to describe the mechanical 
interlocking properties. A slip-horizontal force relationship obtained, at Strathclyde 
University, from the push-off tests has been used as input data for non-linear elastic interface 
characteristics. It was assumed that three parameters dominantly influence the interaction; 
namely friction at support, mechanical interlocking in the shcar span and reduction of the 
mechanical interlocking due to large strains in the sheeting. Strain at the integration points 
in the bottom flange of the beam elements arc monitored, and the mechanical interlocking 
properties of adjacent interface elements are corrected prior to the next step depending upon 
the strain level. For the sake of numerical simplicity, the shape of the mechanical 
interlocking resistance curve has been kept constant and shrunk by a factor depending upon 
the strain in the sheeting, Fig. 8 and 9. 
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A small parametric study on the shape of the reduction function as a variable has been 
performed, as indicated by dotted lines in Fig 9. The reduction function used (number 4 in 
Fig 9) is chosen because it gives the closest agreement for the first l5mm of the midspan 
displacement, as well as the ultimate load. The Coulomb friction criterion has been used for 
the interface element at the support. The friction co-efficient was taken as 0.6. 
It should be emphasised that the FE model used the following assumptions. The axial 
stiflhess of the slab neglects the accordion effect in the web and the influence of cold 
forming. Furthermore, it was assumed that major crack is vertical instead of slightly inclined 
crack as observed in the experiment. These assumptions are not very influential for the short 
span slabs considered but in the case of longer spans this might lead to too optimistic a 
prediction. 
Comparison between experimental results and FE calculations 
The measurements obtained from experiments such as midspan displacement, end slip and 
strains in respect to the load have been compared with the results of FE calculations. The 
self weight of the slab and test set-up are included added to the measured load and the 
midspan displacement is extrapolated using the initial stiflhess of the slab. Comparison of 
the load-midspan displacement throughout the load history is the most usual criteria to judge 
the success of the FE prediction. The accuracy of predicting the ultimate load is of course 
important parameter but certainly not sufficient to demonstrate the full potential of the 
numerical calculations. 
The results of the FE calculation are based on two experimentally established parameters at 
the inter-face betweea the sheeting and the concrete deck; friction at support and mechanical 
interlock, is shown in Fig. 9. The agreement between experiment and numerical model is 
excellent for low loads and as the system goes plastic. The similar shape of the load-
midspan displacement curves confirm that the cracking of concrete is very well modelled. An 
exact value for the ultimate load has not been established as the ductility of the system is 
very high. 
The area where agreement is poorest is in the middle load range, A in Fig. 9. The 
discrepancy is most probably due to chemical adhesion which acts in the full scale test but is 
not measured in the Push-off test and consequently it is not included in the numerical sim-
ulation. Indeed, as shown in Fig. 10, no experimental end slip is recorded until a load of 60 
kN is reached. 
Conclusions 
This paper has described full scale slab tests, small scale push-off tests and numerical 
studies investigating the shear bond resistance provided by embossments in profiled steel 
sheeting used in light gauge composite construction. Several overall observations may be 
drawn from these studies. 
In-plane Embossment effect 
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In the experiments on the slabs it was noted that there was a significant variation in strain 
distribution between the embossed and unembossed webs in the profiles. For an unembossed 
plate the shear stiffness is high and, up to yield, linear variations in strain between the upper 
and lower flanges may be expeeted. In the embossed profile the shear stiffness is affected by 
the embossments. The embossments break up the web acting, in some ways, to perforate the 
plate. The deeper the embossment the closer the effect approaches that of a full penetration. 
Out-of-plane flexibility ofthe web plate 
Whilst the in-plane stiffness of an embossed web will be low the out-of plane stiffness is 
generally greater as the embossments act to provide ribbed reinforcement. This is espeeially 
true of embossment geometries that extend across the plate from flange to flange. The 
enhanced stiffness would appear to prevent not only the buckling of the web but also the 
complimentary buckling of the adjacent flanges. 
FE modelling of shear bond 
The important observations regarding the mechanism of failure are confirmed by FE analysis 
and further conclusions are drawn as fuIlows:-
• At the beginning of the load history, up to approximately 15 rom of midspan 
displacement, the mechanical interlocking in the shear span is the main contributor to the 
interaction resistance. 
• Then, the mechanieal interlocking is reduced as tensile strains increase in the sheeting 
and the friction at support beeomes more important in anchoring the sheeting. 
• In the last phase loeal buckling occurs causing a sudden drop of the slab resistance. The 
local buckling of the flange does not effect the strength but it effects the ductility of the 
considered slab, by reducing the yielding plateau. 
Overall Conclusions 
Experimental work on composite slabs and push-off tests, carried out in Strathc1yde 
University, has been described. Several behavioural characteristics have been identified and 
their influence on strength and stiffness has bcen sunnised. The data from the tests has been 
used in a Finite Element model prepared in the University of Technology in Lulea. Using the 
quantitative test observations it has been possible to make modifieations to the program such 
that an excenent match occurs. This provides encouragement as to the future potential of the 
program to be used in slab analysis and design. 
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Table 1 Push Test details. 














Macro:- Tests on complete systems 
Meso:- Tests on components 
:Micro:- Tests on parts of components 
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Figure 6. Deformation of the embossment due to tension 
Early loading where tension 
deformation is minimal 
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Figure 10 Load deflection for slab 2 
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MOMENT ROTA TION BEHA VIOR FOR CONCRETE FILLED SHS COLUMN 
TO COMPOSITE BEAM CONNECTIONS 
Lee, I.S.I, Kwon, Y.B.l, and Woo, KS.3 
Abstract 
A series of connection tests were carried out to study the behavior of connections between 
concrete filled Square Hollow Section(SHS) colunms and composite W-section beams. The 
test connections were four different semi-rigid types selected for application to multi-story 
building frames. The initial flexural rigidities were estimated by different theories and 
compared with the simple beam. Moment-roration relations were simulated using a finite 
element program and a simple power model was proposed to predict the moment-rotation 
behavior of connections. 
1 Introduction 
In recent years, there has been an increasing trend of using SHS columns in multi-story 
buildings in spite of the complexity in fabrication of connections. The connections between 
tubular colunms and composite beams may be regarded as semi-rigid. The semi-rigid joints 
affect the moment distribution and energy dissipation ability of steel framed structures. As a 
method to enhance the flexural rigidity of the connections, the tubular colunm can be filled 
with oncrete which can reduce the column size and as well as increase fire resistance. The 
behavior of the connections between large tubular columns in-filled with concrete and 
W-section beams have been investigated by Ji, et al(989) and Morita, et al(1992). 
In this paper, eleven connections of four different types which were composed of SHS 
colunms and composite W-sectiom beams were tested and compared with the numerical 
results. The initial flexural rigidity of the connections was estimated by classical theory and 
beam-line theory and compared with a simple beam. The rigidity ratio of the connections 
were calculated in several ways and those connections have been regarded as semi-rigid for 
use in the steel frames of the multi-story buildings. The power model for expectation of the 
moment-rotation behavior of the connections was propose..-l and proven quite accurate. 
2 Connection Models 
2.1 Test connection types 
Beam ends of building frames are generally subjected to negative bending 
l)Professor, Department of Civil Engineering, Ulsan University, Kyoungnam, Korea 




moments. Therefore, the top flange of the W-section beam ends of the SHS column 
to W-section beam connections transfers tension forces and the bottom flange 
transfers compression forces to the SHS columns. 
In this test series, it is assumed that the tensile forces are partly resisted by the 
reinforcing bar in the concrete slab which is fully compo sited through studs and 
bond stress and the compressive forces are transferred directly to the flange of 
concrete filled columns. Four different connection types selected for the tests are 
given in Fig. 1 and the fabrication methods are as follows: 
(1) SDW model: A W-section beam is directly welded to the SHS column flange 
(2) SEB model: An endplate (156x150x9 mm, 6.14x5.91xO.354 in) is welded to 
the W-section beam end and the endplate is connected to the SHS 
column flange by high strength bolts. 
(3) SFB model: 2-Fin plates (75x75x6 mm, 2.95x2.95xxO.236 in) are bolted to 
the W-section web and also to the SHS column flange. 
(4) SeB model : A bottom seating cleat angle(150x130x6mm, 5.91x3.45xO.236 in) 
is bolted to the W-section flange and the SHS column flange. 
2.2 Test specimen and configuration 
The SHS columns selected for the connection test were 200x200x6mm, 
200x200x9mm and columnn length chosen was 600mm(23.6in) which was 
approximately three times column width to eliminate the affects of global buckling of 
the column, i.e., it was nominally 200mm(7.87in) square section with a thickness 
6mm(O.236in), 9mm(O.354in). The W-section used was 15OxlOOx6x9mm(5.91x3.94x 
O.236xO.354in) where each numerals indicated depth, width, web thickness, and 
flange thickness of the section in a series. The thickness of the concrete slab was 
120mm(4.72in) and the width was 800mm(31.5in) which was the minimum effective 
width. The dimensions are given in Table 1 and the geometries of test sections is 
drawn on Fig. 2. 
The test connections were set up in the upside down position with the simple 
boundary conditions at both ends. The test specimen was loaded on the column end 
by a lOOO-kN capacity actuator as shown on Fig. 2. Three linear displacement 
transducers were located at the center and two LDTs were posioned at the both 
sides of the concrete slab as shown in Fig. 2. Two additional LDTs were positioned 
at the quater points to measure vertical displacements. Two LDTs were placed at the 
top of the bottom flange and beneth the concrete slab to measure the horizontal 
deformation of the column flange. Five electric resistance type strain gages were also 
attached to measure the strains at the reinforcing bars embeded in the concrete slab. 
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Table 1 Cross Section Dimesions (unit: mrn) 
Specimen 
SHS Section W-Section End Plate or Angle 
f-H-c-~-t:-+--f:lh--;--B-b-'--T-w--T--T-f-t--H-e -'-B-e--'''- L Re-Bar 
i--1-st-,--S-B---oo-1-!-----'--+---=- 150 100 6! 9 --c!-... --.----i 







~T-D-W---F-1-1~! ... --200~ .. +-6--1__1-50--1__1-00--t---6--r__-9--1__--_!_--~--__ ~Dlli@50 
! SFB-Fll 200 6 I 150 100 6 9 2Ls75 75 6 
SCB-Fll 1-2-00--1---61----150---+--100--+1 -6---+-1: --g--I--Ls-:--. -!--1-50--I····~ 
130 
SB-002 150 100 6 9 
SDW-F22 i 200 1 6 150. 100 6 9 
SEB-F22 200 6 150 100 6 9 156 150 I 9 
1-----I----1---+---I--~ ~---_!_----+- -+--~---i 
SFB-F22 200 6 150 100 6 9 2Ls75 75 6 
t SCB-F22 
Ls ····----1 16 
200 6 150 100 6 9 130 150 9 1D13@50 
a 
200 6 150 100 6 9 
-+---+- --t--~---i- --+--~----.-~ 
200 6 150 100 6 9 156 150 9 : ~~:--:a: 
200 6 150 100 6 9 2Ls75 75 ! 6 
;~-- .... -6-+-1 -1-50--I-······-1-00-+---'~---,-------:-:;-0--t--1!50-+~~--1 • SFB-H02 
1 SCB-H02 
I 
SDW-a /1 r 
L
' ;lab Concrete Strength 
illing Concrete Strength 
F : Filled with Concrete 
H : Hollow 
o : SHS not Connected 
Connection Model 
SB : Simple Beam 
0: none 
1 : 29.4 MPa 
2 : 17.7 MPa 
3: 23.5 MPa 
SDW : Slender Hollow Section Direct Welded Joint 
TDW : Thick Hollow Section Direct Welded Joint 
SEB : Strong End Plate Bolted Joint 
SFB : Short Fin Plate Bolted Joint 
SCB : Seating Cleat Bolted Joint 
3 Connection Tests 
(1 in=2.54 mm) 
The tests were carried out in two stages. In the first stage, all the colums were 
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filled with concrete where the compressive strength was 29.4MPa(4.26ksil and ,p16 
mm( ,pi in)reinforcing bars were arranged in one layer in 50mm(1.97in) spacing. In 
the second stage, some of columns were not filled and others were ftIled with 
concrete where the compressive strength was designed as I7.7MPa(2.56ksil and 
23.5MPaGi.4Iksil and the ,p13mm( ,ptin) steel bars were located in two layers with 
50mm(1.97in) spacing. 
3.1 Material properties 
The coupons were cut out from the flat parts of the sections. Tensile flat coupon 
test for steel sections and round coupon for reinforcing bars were carried out to 
obtain the yield and ultimate stresses and the elongation. Compressive mold tests 
were also executed to obtain material properties for the concrete and are given Table 
2.2. The coupons were prepared and tested according to the Korean Standard 
KSB0801 and KSB0802 in a 250kN-Capacity testing machine. The nominal yield 
stress of steel sections and reinforcing bar are 240MPa(34.8ksi) and 400MPa(58.0ksi) 
respectively and ultimate tensile stress is 41OMPa(59.5ksi) for the sections. As given 
in Table 2.1, the average yield and ultimate strength are much higher than the 
nominal strength due to the plastic deformation. 
Table 2.1 Coupon Test Results 
Oy Ou 
Elongati 
Specimen t(mm) (MPa) (MPa) on (%) 
SHS Column 6 314.6(45.6}" 414.5(60.1)" 37.06 
Beam Web 6 421.4(61.0 549.8(79.7) 21.10 
• Beam Flange 9 296.9(43.l} 430.2(62.4) 
Angle 6 319.9(46.9} 427.362.0} 




(" in ksi) 
Table 2.2 Concrete Mold Tesl Results 
! F, c; Be I Slump 
(MPa) (%) (xl0-MPa) • (em) 
I 1st Test 29.4(4.3)" 0.2 2.60(3770)8 7 
I 
2"" Test 
17.7(2.6) 0.2 2.01(2915) 7 
23.5(3.4) 0.2 2.32(3364) 7 
(a in ksi) 
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3.2 Test results 
Moment-rotation relationships were obtained using applied load P and 
displacement Ll at center of the specimen. Since both ends of the specimen were 
simply supported, the moment and rotation of the flange of the column were 
computed as (Eq.la &b) 
M= ~ ( L; B) (la) 
B (L-B}/2 (Ib) 
where L,B was the beam length and the column width respectively. The test results 
of both stages are shown in Figs. 3.1 and 3.2. 
A simply supported beam was tested for comparison with various connections. 
Initial stiffness, flexural rigidity and yield moment were obtained from the 
moment-rotation relationships. The classical method and beam-line theory were 
adopted to calculate the initial stiffness. In the classical method, the yield moment 
M, is obtained at the intersection point of initial stiffness and parallel line with a 
third of initial stiffness as shown in Fig. 4 and rotation corresonding to the yield 
moment is By. The initial stiffness Ky is calculated as M,IB, . The results are given 
in Table 3. The increase of the thickness of the column does not make much 
difference in comparision between TDW-Fll and SDW-Fll. The ratio of the yield 
moment, the ultimate moment, and the initial stiffness of the concrete filled column to 
the hollow column are shown in Table 4. From the results in the table, it is clear 
that filling concrete increase the flexural strength of the connections to a certain 
extent. 
In 1990 Kishi and Chen proposed to use secant stiffness K" rather than initial 
tangent stiffness Ko which had been proven too high in real structural analysis. The 
secant stiffness is obtained at the point where vertical line from the intersection point 
of initial tangent stiffness and ultimate moment, and moment-rotation curve. Barakat 
and Chen proposed to use secant stiffness Ksv obtained from beam line theory in 
1990. Beam line theory is given in (Eq. 2). 
Bo (2) 
In the single span beam, the end moment of the fixed boundary condition is MFo 
since B a equals zero and the end rotation of simple boundary condition IS 
- MFa/ (2EI/ L) since the end moment Mo equals zero. The secant stiffness is 
obtained at the intersection point of beam line and moment-retation curve. The 
stiffness above mentioned are given in Table 5. 
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Table 3 Yield Moment and Initial Stiffness 
M, 8, M_ 8~ M_ Specimen Ai;- K, snK, 
(k.Nm) (l0-3rad) (kN.m) (x10-3rad) 
SB-OOl 10.25(7.6)" 9.33 15.35(11.3)" 58.25 1.50 1099 1 
1" SDW-Fll 11.06(8.2) 12.47 15.04(11.1) 51.82 1.36 887 0.81 
s 
t TDW-Fll 9.62(7.1) 10.44 13.71(10.1) 24.81 1.43 921 0.84 
a 
g SFB-Fll 8.34(6.2) 21.72 14.62(10.8) 84.42 1.75 384 0.35 
e 
SCB-Fll 13.54(10.0) 19.65 16.81(12.4) 38.35 1.24 689 0.63 
SB-002 11.25(8.3) 11.30 12.78(9.4) 28.12 1.21 995 1 
SDW-F22 9.68(7.1) 11.42 12.58(9.3) 41.92 1.30 848 0.85 
SEB-F22 8.16(6.0) 9.15 13.49(9.9) 87.21 1.65 892 0.90 
2nd SFB-F22 5.08(3.7) 13.84 12.34(9.1) 85.24 2.43 367 0.37 
s 
12.61(9.3) 17.41 (12.8) 
t 
SCB-F22 20.02 64.52 1.38 630 0.63 
a SDW-F32 10.70(7.9) 12.20 15.02(11.1) 67.50 1.41 877 0.88 
g 
e SEB-H02 4.80(3.5) 13.62 6.53(4.8) 90.62 1.36 352 0.35 
SFB-H02 3.20(2.4) 12.44 5.12(3.8) 93.94 1.60 257 0.26 
SCB-H02 5.94(3.7) 15.50 7.95(5.2) 50.51 1.34 383 0.38 
My : Yleld moment, Mmax: maXImum moment (a in kSl) 
() y : rotation at yield, () max : maximum rotation, 
Ky = My/ () y : initial stiffness 
Table 4 Comparison between Concrete Filled and Hollow SHS column 
Specimen FMy / HMy FMmax / HMmax FKi / HKi 
SEB-F22(-H02) 1.7 2.07 2.53 
SFB-F22( -H02) 1.59 2.41 1.43 
SCB-F22( -H02) 2.12 2.19 1.58 
F, H indicate filled and hollow respectively. 
The ratio of each stiffness to that of simply supported beam is also shown for 
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comparison. The initial stiffness Ko ranges from 93% to 23% of that of simple beam. 
In the first test, Ko is higher than K" by 34% and than K .. by about 5% and K", 
is higher than Ksi by 29%. 
Table 5 Flexural Rigidity of Connections 
Flexural Rigidity 
Specimen [MN.m/radl 
ko k.i ksv ko/ko(SB) Ik.iIko(SB) IKsv/ko(SB) 
1" SB-OOl 19.19 
s SDW-Fll 11.39 8.48 10.86 0.59 0.44 0.57 
t 
TDW-Fll 11.82 8.85 11.14 0.62 0.46 0.58 
a ........... -
g SFB-Fll 52.4 3.49 5.09 0.27 0.18 0.27 
e SCB-Fll 78.2 6.65 7.47 0.41 0.35 0.39 
SB-002 17.04 
_ .... 
2"" SDW-F22 13.98 0.82 0.52 0.75 
s SEB-F22 11.34 7.48 11.16 0.67 0.44 0.65 . 
t SFB-F22 4.98 2.61 4.25 0.29 0.15 0.25 
a SCB-F22 10.75 6.85 7.54 0.63 0.40 0.44 
g SDW-F32 15.81 10.21 13.95 0.93 0.60 0.82 
e SEB-H02 52.2 3.62 4.22 0.31 0.21 0.23 
SFB-H02 39.4 2.46 2.84 0.23 0.14 0.17 
SCB-H02 54.8 • 4.10 4.65 0.32 0.24 0.27 
From the second test result, it is shown that the initial stiffness Ko is higher 
than K" by 58% and than Kst- by about 22% and Kn; is higher than K" by 33%, 
which is much higher when compared with the first test results. The comparison 
between the results obtained by two different methods shows big difference. 
Generally, in the first test, initial stiffness K is higher than K" by 4-10% and than 
K", by 8-33% and in the second test, K is higher in some specimen and lower in 
other specimen than K" by 3-40% and Kst is higher than K by 10-60%. It seems 
to be very difficult to find a general rule or a trend for the rotational stiffness of 
connections obtained by two different methods. 
3.3 Flexural rigidity for connections 
CIDECT(1986) made a provision for the deformation limit of the flange of the 
tubular sections as b,/lOO. In this research, the limit rotation of the flange can be 
estimated approximately when the horizontal deformation reaches the limit. Since the 
width of the column is 200mm and the depth of beam is 150mm, the rortation should 
range from 2/15 to 2/150. In this paper, the critical rotation is assumed as 2/100 
radian and the corresponding yield moment and the maximum moment are compared 
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in Table 6. The results show that the ratio to simple beam(SB) ranges from 33% to 
100%. For the yield moment, concrete filling increase the ratio from 14%(SFB) up to 
43%(SCB) and approximate 30% is enhanced for the average value. 
Table 6 Yield and Ultimate Moment Compared with Simple Beam 
Moment [kN.m] Ratio to SB 
Specimen 
yield ultimate yield ultimate 
moment moment moment moment 
~ 
SB-001 137(10.1)' 15..'}(11.3)a 1.0 1.0 
SDW-Fll 136(10.1) 150(IU) 0.994 0.980 
TDW-Fl1 134(9.9) 137(10.1) O.fJ77 0.893 
SFB-Fll I 77(5.7) 146(10.8) 0.565 0.952 
SCB-Fll 136(10.0) 168(12.4) 0.991 1.095 
SB-OOZ 127(9.4) 127(9.4) I 1 
SDW-F22 119(8.7) 125(9.3) 0.930 0.984 
SEB-F22 102(7.5) 134(9.9) 0.801 1.055 
-' SFB-F22 59(4.4) 123(9.1) 0.469 0.966 
SCB-F22 126(9.3) 174(12.8) 0.990 1.362 ! 
, . 
• 
SDW-F32 129(9.6) 150(11.1l 1.019 U75 
i SEB-H02 56"ffi81 0.443 0.511 ! SFB~HOZ 41(3. 51(3.8) 0.325 0.401 
SCB-H02 I 69(5. 79(5.9) 0.544 0.622 
(am kSl) 
AISC Specfications(1989 ASD) has provisions for the connections where the 
connections are divided in three categories such as rigid, semi rigid and simple 
connections according to the extent of restraint. The ratio of the moment of 
connections obtained by beam line method to fixed end moment of simple span beam 
is used for division. The results are given in Fig. 6. The rigidity ratio for the test 
specimen are ranged from 35% to 95%. Specimens SDW-Fll, TDW-Fll and 
SDW - F32 has more than 90% and can be regarded as a rigid connection. All the 
others are assumed as a semi rigid connection since the values are between 20% and 
90%. Generally the flexural rigidity of the connections tested seems to be quite 
enough to resisit the applied load if designed properly. 
4 Structural Analysis for Connections 
4.1 Numerical simulations using FEM 
The structural behavior of the connections were analyzed using inelastic nonlinear 
finite element procedures(ADINA 1987) and were compared with the test results in 
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Figs. 7.1-7.3. The results are agreed quite well for the moments. The difference is 
about 2-9% for the yield moment and 1-6% for the ultimate moment. However, the 
initial stiffness calculated numerically is around 30% higher than that of the test 
results. The difference may be mainly due to concrete cracks occured at the loading 
stage which can not be considered properly in the numerical analysis. Therefore, the 
advanced technique to trace nonlinear behavior of the composite connections in 
tri-axial status should be developed to produce more accurate initial flexural stiffness. 
42 Proposed power model 
The power model for bolted connections which was proposed by Colson and 
Louveau(1983), and Kishi and Chen(lggO) and modified to apply for the welded 
connections by the author(1995) were applied to the connections between composite 
SHS column and W -section beams. The proposed model is of the form 
M 1 (J=y, .1!. ..1. 
I [l-(MIM.) m]" 
(3) 
in which K, is the initial flexural stiffness, M. is the ultimate moment capacity of 
the connections (fiat part of the moment-rotation curve) and m, n are shape 
parameters. The expected results are compared with the test results in Fig. 8 with 
different m, n values. The initial stiffness expected is well agreeable with the test 
result but the ultimate stress is slightly lower than the test result. 
5. Conclusions 
In this paper, the semi-rigid connection, which is composed of concrete filled SHS 
columns and composite beams, was studied for the application in construction of the 
multi-story buildings. Several connection models were tested and compared with the 
numerical results. 
The thickness of the SHS columns filled with concrete has little effect on the 
initial flexural stiffness of the connections. Therefore, width to thickness ratio should 
be studied more to recommend an optimum limit. The in-filled concrete has a 
considerable effect on the rigidity of the connections since it resists against 
compressive force transferred. The concrete compressive strength has an effect on 
the yield moment of the connections at the limit deformation. The connections filled 
with the high strength concrete moves closer to the rigid connection limit. 
End plate connections of the concrete filled columns have much higher flexural 
rigidity than those of hollow columns. Fin plate connections are similar to the simple 
type regardless of the filling concrete. Bottom seat cleat connections are useful in 
both ways of rigidity and fabrication, which can be recommended for the semi-rigid 
connection of the tubular section columns used for the multi-story buildings. 
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Fig. 4 Classical Method for the Design Stiffness 
e 
Fig. 5 Beam-Line Method for the Design Stiffness 
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STABILITY OF STANDING SEAM ROOF - PURLIN SYSTEMS 
James M. Fisher! and Joe N. Nunnery2 
Summary 
Presented in this paper are the design considerations of purlins which support standing seam roofs. 
To properly design purlins attached to standing seam roofs the AISI Base Test must be conducted. 
The AISI anchorage equations can be used for standing seam systems provided that it can be 
shown that the standing seam diaphragm system has sufficient stiffness to meet the requirements of 
the diaphragm as specified in Section D3.2.1 of the AISI Specification. 
The stiffness of standing seam roofs can be determined from conventional diaphragm tests. The 
stiffness and strength of the standing seam diaphragm can be enhanced by the inclusion of the eave 
member in the diaphragm test; however, unless properly included an over estimation of the 
diaphragm strength and stiffness may occur. 
Introduction 
The load carrying capacity of purlin systems attached to roof sheeting is dependent on the ability of 
the roof sheeting to torsionally and laterally restrain the purlins. The torsional restraint is provided 
by the bending strength and stiffness of the sheeting, and the clip/fastener assembly which 
connects the roof system to the purlins. Lateral restraint is provided by the diaphragm capacity of 
the sheets and any discrete point bracing designed into the system. 
The torsional restraint is self contained in the sheeting; however, brace forces and diaphragm 
forces accumulate and must be transferred to other structural elements, Le. rigid frames, vertical 
bracing. etc. 
Current Design Practice: "Through Fastened" Roof Systems 
Purlins having their compression flange attached to deck or sheathing are designed as laterally 
supported members. Forces are developed in the bracing system and the deck or sheathing and 
must be calculated and anchored in accordance with AISI Specification(1), Section D3.2.1. 
The AISI equations depend on the location and type oflateral bracing system. The cases included 
in the specification are: 
1. Torsional Bracing at the Purlin Ends. 
2. Third Point Bracing, and 
3. Mid-point Bracing. 
Manufacturers using discrete point bracing systems generally anchor the bracing by balancing the 
bracing forces across the building ridge. This requires that the structure have equal slopes, equal 
loading and equal lengths on each side of the ridge, in order for the bracing forces to be balanced. 
If these equalities do not exist then members must be added to resist the unbalanced forces. Thus, 
discrete point bracing systems cannot be used for single slope structures without adding additional 
force transfer members. 
I Vice President, Computerized SlIUctwai Design, Milwaukee, WI 
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Some manufacturers use a system that incorporates bracing only at the eave line, i.e. torsional 
bracing at the eave strut ends. The primary advantage of this system over discrete point bracing 
systems is that fewer parts need to be handled during erection. In addition, this system does not 
require modification for single slope buildings and does not require alteration for the inequalities 
mentioned above. 
The AISI equations require that the roof diaphragm has a diaphragm stiffness of at least 2000 
lb/in., or that the lateral deflection of the purlin I roof diaphragm does not exceed the purlin span 
length divided by 360. The authors believe that the span divided by 360 is a reliable indicator of 
the stiffness requirement. In tests conducted by the authors purlins typically reached their collapse 
loads when the lateral displacement of the compression flange was approximately equal to the test 
span divided by 360. 
Current Design Practice: Standing Seam Roof Systems 
In the United States, many manufacturers assume the standing seam roof panels brace purlins. 
Some assume a reduction of full constrained bending capacity. In Australia and Japan it is 
customary for no lateral support to be assumed. 
These assumptions range from the very conservative to the possibly very liberal. There is no 
formalized criteria to measure assumptions. Based on testing, the amount of resisting moment 
which the supporting purlins can achieve can vary from the fully braced condition to the unbraced 
condition for a given system. Because of this wide variation in behavior it was determined that it is 
not practical to develop a generic analytical method to predict the interaction of a particular standing 
seam roof system and supporting structure, thus the base test method was derived. 
The American Metal Building Manufacturers Association has been jointly working with the 
American Iron and Steel Institute to develop a "Base Test". The major advantage of the Base Test 
(Murray and Rayburn, 1990) is that a simple span test may be used to predict perfonnance of 
continuous span systems, thereby reducing experimental costs. 
Certainly, the endorsement of an approved consensus test method by the AISI will help matters by 
bringing an element of consistency to the situation. 
Little to no consideration has been given to the anchorage of the standing seam roof by many 
designers of standing seam roof systems, and at this point anchorage forces for standing seam roof 
systems are not addressed in the AISI Specifications, nor in the Base Test procedure. 
It is the purpose of the paper to critique the Base Test procedure relative to purlin anchorage 
requirements and to make recommendations as to how to properly anchor purlin forces when 
standing seam roofs are used to support the purlins. 
Base Test Procedure 
The purpose of the base test is to determine the ability of a particular standing seam roof system to 
provide lateral and rotational support to the purlins to which it is attached. This applies to direct 
lateral and torsional bracing when the sheeted flange of the purlin is the compression flange. 
The test method provides the designer with a means of establishing a nominal moment for purlins 
in a simple span or continuous, mUltiple purlin line, standing seam roof system from the results of 
tests on a single span, two purlin line, sample of the system. At the current time the base test 
procedure is applicable for any gravity load cases. The validity of the test method has been 
established by a research program at Virginia Polytechnic Institute and State University and 
documented in references 2, 3 and 4. 
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This test method applies to an assembly consisting of the standing seam panel, purlin, and 
attachment devices used in the system being tested. It is not a test for the capacity of the individual 
components of the assembly. 
The base test procedure allows for two different test arrangements relative to purlin orientation. 
These are: 
1. Purlins opposed. 
2. Purlins facing the same direction. 
Purlins Opposed 
Testing with purlins opposed does not place requirements on the diaphragm, i.e. the lateral forces 
generated by the purlins are counterbalanced. Using this procedure does not address the issue of 
how the diaphragm anchorage forces are resisted and hence does not consider lateral stability 
issues. The method does demonstrate the effectiveness of the panel/clip torsional resistance and 
demonstrates if the lateral forces can be transmitted into the roof system. 
Purlins Facing the Same Direction 
Using this test procedure again demonstrates the torsional effectiveness of the panel/clip and also 
demonstrates if the lateral forces can be transmitted from the purlin to the roof system. 
The current Base Test procedure allows the simulation of the eave condition in a building by using 
a 1/4" x 3" x 3" continuous angle at the end of the test panels. It is permitted to anchor the 
continuous angle to prevent lateral displacement at its ends. The use of an anchored simulated 
eave condition can result in unconservative results. This situation can occur in standing seam roof 
systems which possess little to no diaphragm strength and stiffness. In these cases, the total 
anchorage strength is derived from the eave condition. Based on the AISI anchorage the demands 
on the simulated eave condition would be greater if more than two purlins are to be braced. If the 
tests are conducted not anchoring the simulated eave condition the results will be conservative; 
however, this will result in overly conservative test results, i.e. designs based on the results of the 
tests will be overly conservative. This is due to the high strength and stiffness demands on the 
relatively shallow diaphragm. 
Diaphragm Effects on the Base Test 
The effects of the diaphragm on base test results was investigated by the authors.(5) At the onset of 
this test program which began in late 1993, the authors believed that the diaphragm resistance of 
the roof was a key ingredient to the satisfactory performance of any roof system and a very 
sensitive one for SSR systems. Early tests were aimed at examining the effects of the diaphragm, 
and the stability of the purlin in the same test program. 
Test Program and Specimens 
Eight tests (93-1 through 93-8) were conducted on 8.5" specimens with the purlins oriented in the 
same direction. (See Table 1.) Seven tests (94-1 through 94-7) were conducted on 8.5" specimens 
with the purlins in the opposed orientation. (See Table 2.). The physical dimensions for all of the 
specimens is shown in Table 3. The MtfMn results do not include the effect of the overturning 
moment on the system due to the anchorage forces. 
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Tests 93-1 through 93-4 had no diaphragm edge angles and no rotational restraint between the 
purlin and the beam support. In tests 93-5 through 93-8, a 6" high, 0.12" thick clip was used to 
connect one of the purlins at both ends to the support beam. In addition, a 1,S" x 1,S" x .12" 
continuous angle was used at the panel edges to simulate continuity or eave stiffness. One fastener 
was used in the center of each panel flat. The diaphragm was not anchored, i.e. it was allowed to 
float on top of the purlins. The physical dimensions for all tests are shown in Table 3. 
Test Procedure 
Base tests were conducted in a pressure chamber (9'-0" wide x 4'-0" high x variable length 
commensurate with sample length) with two lines of identical purlins erected on a supporting 
framework. Tests were conducted with the purlins in the opposed as well as with the flanges 
facing the same direction. In the opposed orientation, the compression flanges pointed toward each 
other. The purlin webs were separated by a distance equal to the typical span used in actual 
construction. Each end of the panel cantilevered a distance beyond the purlin such that the loaded 
panel is horizontal over the support. The pressure chamber was sealed with a polyethylene sheet 
placed over the test specimen. Test loads were developed by evacuating air from the chamber to 
produce simulated gravity (positive) loads. Pressures were measured through manometer 
readings. Deflections and pressures were read and recorded at appropriate increments. Samples 
were measured and actual geometric and physical data gathered for use in test performance 
evaluations. The test performance to section capacity, MtlMn, was determined. 
Table 1 Test Results with 8.5" Purlins Facing Same Direction 
Test Span Se Fy Mn W(tot) Mt Mt/Mn Failure Mode 
rt in in3 ksi k·rt Iblft k·ft 
93·1 19.50 0.059 1.77 55 8.15 103.22 4.91 0.60 Lateral Torsional Buckling 
93·2 19.50 0.120 4.40 55 20.17 207.11 9.84 0.49 Diaphragm/Purlin 
93·3 28.50 0.059 1.77 55 8.15 62.92 6.39 0.78 Lateral Torsional Buckling 
93·4 28.50 0.120 4.40 55 20.17 136.58 13.87 0.69 SSR Clip Tab 
93·5 28.50 0.120 4.40 55 20.17 166.81 16.94 0.84 SSR Clip Tab 
93·6 19.50 0.120 4.40 55 20.17 287.71 13.68 0.68 SSR Clip Tab 
93·7 19.50 0.059 1.77 55 8.15 143.52 6.82 0.84 Lateral Torsional Buckling 
93·8 28.50 0.059 1.77 55 8.15 83.07 8.43 1.03 Lateral Torsional Buckling 
Table 2 Experimental Results for Opposed Purlins 
Test Span Se Fy Mn W(tot) Mt Mt/Mn Failure Mode 
ft in in3 ksi k·ft Ib/ft k·ft 
94·1 19.50 0.119 4.34 56.23 20.34 374.28 17.79 0.87 SSR Clip Tab 
94·2 24.50 0.120 4.38 55.78 20.36 249.36 18.71 0.92 SSR Clip Tab 
94·3 29.50 0.119 4.33 54.89 19.81 156.64 17.04 0.86 SSR Clip Tab 
94-4 19.50 0.059 1.75 57.33 8.35 173.78 8.26 0.99 Section 
94·5 25.00 0.058 1.71 55.29 7.86 103.17 8.06 1.03 Section 
94-6 28.50 0.060 1.80 57.18 8.57 93.17 9.46 1.10 Section 
94·7 24.50 0.104 3.82 56.00 17.82 224.44 16.84 0.94 SSR Clip Tab 
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Table 3 Physical Dimensions of Tested Purlins 
Test Depth Thick Top Top Lip Top Lip Bottom Bottom Bottom 
in in Flange in Angle Flange Lip Lip Angle 
in Deg in in Deg. 
93-1 8.5 0.059 2.50 0.70 50 2.48 0.70 51 
93-2 8.5 0.120 2.49 1.02 51 2.51 1.03 51 
93-3 8.5 0.059 2.52 0.69 50 2.48 0.72 50 
934 8.5 0.120 2.50 1.00 50 2.50 1.00 50 
93-5 8.5 0.120 2.49 0.99 52 2.52 1.03 52 
93-6 8.5 0.120 2.51 1.02 51 2.50 1.00 51 
93-7 8.5 0.059 2.50 0.71 51 2.51 0.70 50 
93-8 8.5 0.059 2.48 0.72 50 2.52 0.70 52 
94-1 8.5 0.119 2.48 1.00 50 2.50 1.00 51 
94-2 8.5 0.120 2.49 1.00 51 2.50 1.00 51 
94-3 8.5 0.119 2.48 0.99 52 2.51 1.01 51 
944 8.5 0.059 2.51 0.70 51 2.48 0.70 52 
94-5 8.5 0.058 2.48 0.69 52 2.50 0.71 53 
94-6 8.5 0.060 2.51 0.70 51 2.48 0.69 51 
94-7 8.5 0.104 2.50 0.98 51 2.48 0.97 51 
Test Results 
The failure of test assemblies 93-1 through 93-8 to develop the full purlin cross section strength in 
bending was primarily due to the inability of the diaphragm to resist the generated anchorage force. 
The effects of the diaphragm can be seen by comparing the Mt values between the tests with no 
diaphragm edge angle to those with an edge angle, i.e. a comparison of tests 93-1 and 93-7,93-2 
and 93-6, 93-3 and 93-8, and 93-4 and 93-5. An average increase in strength of 32 percent 
occurred when the edge angle was used. If one eliminates the diaphragm effect, i.e. "opposed 
purlins", the purlins reach their design strength as shown in Table 2. 
Significance o/the Diaphragm in Building Design 
Illustrated in Table 4 is the calculated anchorage force generated in each test using the AISI Eq. 
D3.2.1-1. 
An ultimate diaphragm failure load of 36 lbs/ft was obtained from standard diaphragm tests on the 
standing seam panels. Table 4 shows that the Base Test wid} purlins oriented in the same direction 
produces shear loads in the panel diaphragm which exceed that capacity. To compare those panel 
shears with what one can expect in a typical industrial building, Table 5 is presented for a 100 foot 
wide building with a flat roof to correspond with the Base Tests seen in Table 4. 
The values in Table 5 illustrate that in a 100' wide roof, the predicted diaphragm requirements for 
anchorage forces are much less than the ones calculated for the Base Test apparatus. The decrease 
is by a factor of 4 or 5. Table 4 gives a clear indication why it is necessary to oppose purlins in the 
Base Test The predicted forces in Table 5 are within the nominal diaphragm capacity values for 
the standing seam panel. 
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Table 4 Anchorage Force Evaluation for 8" Zee Tests in Table 1 
Test Depth Flange Span Thick Failure Calculated Test Required Uniform 
in Width ft in Load Anchorage Diaphragm Diaphragm Load at 
in psf Force at Shear Strength Mt/Mn 
Support Iblft for Mt/Mn 1.0 
Ib = 1.0 esC 
1 8.5 2.5 19.50 0.059 23.4 232 30 50 39 
2 8.5 2.5 19.50 0.120 49.4 319 41 84 101 
3 8.5 2.5 28.50 0.059 13.0 187 24 31 17 
4 8.5 2.5 28.50 0.120 31.2 293 38 55 45 
5 8.5 2.5 28.50 0.120 39.0 366 47 56 46 
6 8.5 2.5 19.50 0.120 70.2 454 59 86 103 
7 8.5 2.5 19.50 0.{)59 33.8 335 43 51 40 
8 8.5 2.5 28.50 0.059 18.2 261 34 33 18 
Table 5 Anchorage requirements for First Interior Support 
for 100' wide roof plane, with no slope 
Test Depth Flange Span Thick Failure Calculated Diaphragm Required Uniform 
in Width ft in Load Ancborage Shear Diaphragm Load at 
in psf Force at lblft Strength Mt/Mn 
Support Cor Mt/Mn 1.0 
Ib = 1.0 lb 
8.5 2.5 19.50 0.059 23.4 748 7 12 39 
2 8.5 2.5 19.50 0.120 49.4 810 8 17 101 
3 8.5 2.5 28.50 0.059 13.0 633 6 8 17 
4 8.5 2.5 28.50 0.120 31.2 779 8 11 45 
5 8.5 2.5 28.50 0.120 39.0 974 10 12 46 
6 8.5 2.5 19.50 0.120 70.2 1151 12 17 103 
7 S.5 2.5 19.50 0.059 33.S lOSO 11 13 40 
8 8.5 2.5 28.50 0.059 IS.2 886 9 9 18 
Determining Diaphragm Requirements 
Based on the foregoing discussion it is apparent that the strength and stiffness of the diaphragm 
system should be evaluated when base tests are conducted with opposed purlins, or when the 
simulated eave condition is laterally restrained in the test If by testing it can be demonstrated that 
the diaphragm satisfies the strength and stiffness requirements as established in Section D3.2.1 of 
the AISI Specification, then the design procedure for standing seam roof systems would be to 
conduct the base test and to provide the required anchorage system per AISI Section D.3.2.1. 
The majority of diaphragm stiffness loss comes from side lap slip. Most metal building 
manufacturers provide an eave member to which the panels are secured. It is assumed that 
under temperature loads the eave member anchors the panels and the panels grow towards 
the ridge of the building. The fasteners that are used to attach the panels to the eave 
member provide significant restraint to seam slip, thus they significantly increase the 
diaphragm strength and stiffness. 
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The effects of the eave beam can be determined from diaphragm tests. The difficulty of including 
the eave member in a diaphragm test, is that the benefit of the fasteners in the eave can lead to 
unconservative assumptions relative to the diaphragm strength and stiffness. For example, if the 
cantilever test method is used to determine the strength and stiffness, and the values obtained from 
the test are then used to predict the strength and stiffness of a larger diaphragm, the effects of the 
eave member on the strength and stiffness will be overstated. Stating this in another way, assume 
that a particular roof system has no ability to resist side lap slip, then the total stiffness is derived 
from the fasteners in the eave member. The strength does not increase when the size of the 
diaphragm is increased, it remains constant. 
If the eave member is intended to be used to verify that the diaphragm system has the required 
strength and stiffness, then the eave member must be isolated from the remainder of the 
diaphragm. The benefit from the eave member can then be added to the basic behavior of the 
diaphragm without the eave member. 
The strength and stiffness of any size diaphragm can be obtained by first obtaining the strength and 
stiffness of the diaphragm (i.e. multiplying test values by the physical dimensions of the actual 
diaphragm) and then adding this strength and stiffness to the eave strength and stiffness. 
Thus, the diaphragm shear capacity can be represented as: 
Snl = Sn + Se 
where, 
Snl = the total nominal diaphragm shear strength including eave member effects 
Sn the nominal diaphragm shear strength 
Se the nominal shear strength of the eave member 
The stiffness of the system can be represented similarly as: 
Knt = Kn + Ke 
where, 
Knt the total nominal diaphragm stiffness including eave member effects 
Kn the nominal diaphragm stiffness 
Ke the nominal stiffness of the eave member 
The diaphragm tests can should be conducted as illustrated in Figures 1 and 2. 
Shown in Figure 1 is the cantilever test assembly for determining the diaphragm properties of the 
roof sheeting. The eave condition is not included in this test. It is presumed that it has been 
demonstrated from the Base Test, that through the clip, panel envelopment, or friction the purlin 
loads are transferred into the sheeting. The test load is delivered into the sheeting through an edge 
member parallel to the load. The sheeting is connected to the edge member with a sufficient 
number of fasteners to transfer the load A similar edge member is connected between the 
diaphragm reaction points at the opposite edge. Members simulating the purlins are positioned at 
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the other two edges of the assembly, and at appropriate spacing within the assembly. The test 
should be conducted following the cantilever diaphragm test procedure as outlined in the AISI Cold 
-Formed Manual.(6) 
Edge Member 
Edge Member Deck Side laps 
p 
Fig. I Diaphragm Test Assembly without Eave Member 
Shown in Figure 2 is the cantilever test assembly for determining the diaphragm properties of the 
sheeting and the contribution from the eave member. The construction of the test assembly is 
identical to that shown in Figure 1, except for the inclusion of the eave members. Notice that the 
eave member has been included along both edges in the assembly. This is done to eliminate the 
panel warping effects along the ends of free panel edges. The warping if not prevented would 
unrealistically soften the stiffness of the effects of the eave member in the test. However, if the 
additional eave member is included in the test arrangement, then the strength effects of the eave 




Edge Member Deck Side laps 
Simulated eave member 
p 
Fig. 2 Diaphragm Test Assembly with Eave Member 
The strength and stiffness contribution of the eave member can be determined by subtracting the 
test load obtained from the tests using the arrangement in Figure I from the load obtained from 
tests using the arrangement shown in Figure 2 and dividing by to two to account for the use of the 
two eave members. 
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SUMMARY 
Purlin-sheeting systems used for roofs and walls commonly take the form of cold-formed 
channel or zed section purlins, screw-connected to corrugated sheeting. This paper presents 
two nonlinear elasto-plastic finite element models, capable of predicting the behaviour of 
purlin-sheeting systems without the need for either experimental input or over simplifying 
assumptions. The first model incorporates both the sheeting and the purlin while the second, 
a simplified version of the first model, includes only the purlin. Both models are able to 
account for cross-sectional distortion of the purlin, the flexural and membrane restraining 
effects of the sheeting, and failure of the purlin by local buckling or yielding. The validity of 
the models is shown by their good correlation with experimental results. 
1 INTRODUCTION 
Cold-formed steel zed and channel section members are widely used as purlins or girts, the 
intermediate members between the main structural frame and the corrugated roof or wall 
sheeting. In Australia, purlins are connected to the roof sheeting by way of a screw through 
the crest of the corrugated sheeting and the purlin flange. These cold-formed sections are 
generally thinner than hot-rolled members and hence behave differently to the heavier beams 
considered in standard steel design. The cross-sectional configurations of the zed and channel 
section purlins are such that they undergo both bending and twist from the beginning of 
loading. Due to the restraining action of the sheeting they tend to fail, not by overall f1exural-
torsional buckling, but by local plastic collapse, yielding or local buckling. Fig. 1 shows the 
general deflected shape of these purlins. The two purlins are shown under wind uplift loading 
which tends to be the dominant factor in Australian design. 
The corrugated sheeting attached to the purlin provides two main restraining effects, shear 
stiffhess kry and rotational stiffhess k",. The rotational stiffness comes from both the rotational 
stiffhess of the sheeting itself and the rotational stiffhess of the purlin-sheeting connection. The 
nature of the shear stiffhess and the sheeting rotational stiffhess is shown in Fig. 2. The 
magnitude of the shear and rotational stiffhess supplied by the sheeting governs the degree to 
which lateral displacement and rotation of the purlin about its longitudinal axis are restricted. 
Both shear and rotational stiffhess cause a significant increase in the strength of the attached 
purl in, and neglect of their existence in design can result in highly over-conservative estimates 
ofthe purlin load-carrying capacity. 
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The first model, which will be referred to as the Full Model, incorporates both the purlin and 
the sheeting, and is hence able to simulate the physical interaction of the two components. The 
proposed model allows both the membrane and flexural restraining effects of the sheeting to 
be accounted for, without the need for either experimental input or overly simplifYing 
assumptions. The model uses a nonlinear elasto-plastic finite element analysis, incorporating a 
rectangular thin-plate element previously developed by Chin, AJ-Bermani and Kitipornchai 
(1994). The loading is applied across the sheeting, as would occur in the physical system, and 
is transferred to the purlin at the screw connections and at other points of contact between the 
purlin flange and the sheeting. 
The Full Model analysis is compared with experimental results from a test program carried out 
at the University of Sydney (Hancock et at (1990,1992), Rousch and Hancock (1995», in 
order to show the validity of the model. Single, double and triple span purlins under both 
uplift and downwards loading are considered. 
While the comparison with experimental data shows the Full Model to be a valid tool in 
predicting the behaviour of the purlin sheeting system, it requires both a large amount of 
computer memory and considerable running time. For this reason, a simplified version of the 
model, which is more suitable for use in a design environment, was developed. This model is 
referred to as the Simplified Model. 
The Simplified Model includes purely the purlin and represents the restraining action of the 
sheeting by placing springs at each centre flange node, the positions at which the purlin is 
connected to the sheeting (Fig. 3). The restraint provided by the sheeting to the purlin takes 
two forms, shear stiffuess (!cry) and rotational stiffness (krx), as were previously defined. Both 
these effects are included in the Simplified Model by augmenting the appropriate terms in the 
stiffness matrix of each element containing a centre flange node. The Simplified Model 
requires the stiffuess of the sheeting as input, but provides tools to determine both the shear 
and rotational stiffuess of any system numerically. It is accompanied by tables giving values 
for common purlin and sheeting configurations. The Simplified Model thus avoids the need 
for either over-conservative simplifications or experimental input. 
Experimental results from the University of Sydney test program are used to show the validity 
of the Simplified Model. Single, double and triple span purl ins under both uplift and 
downwards loading are considered. 
2 PREVIOUS RESEARCH 
The purlin-sheeting system has been the subject of numerous theoretical and experimental 
investigations over the past thirty years, but the complexity of the problem has led to great 
difficulty in developing a sound and general model. The complexity shows itself in two main 
areas. Firstly, the purlin is either a channel or zed section and is therefore not doubly 
symmetric as in common beam design. The purlin undergoes significant cross-sectional 
distortion from the onset of loading. Secondly, the nature of the purlin-sheeting connection 
makes the shear and rotational stiffness provided by the sheeting to the purlin difficult to 
quantifY. The rotational stiffuess, in particular, varies with sheeting type, purlin type and 
dimensions, screw spacing, and other connection details. The approach in dealing with these 
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complexities has often been to neglect the effects of purl in cross-sectional distortion andlor the 
effect of the rotational restraint provided by the sheeting. The assumption that the purlin fails 
in a mode of flexural-torsional buckling has also frequently been made. 
A comprehensive experimental program was carried out at the University of Sydney from 
1989-1995 using a vacuum test rig. The test rig consisted of a sequence of three or four 
evenly spaced purlins screw connected to corrugated sheeting, with the vacuum simulating 
either uplift or downwards loading. A variety of purlin sections was tested using common 
sheeting profiles. Single, double and triple span configurations were tested, with and without 
intermediate bridging. The results from this test program are reported in the papers by 
Hancock et al. (1990,1992) and Rousch and Hancock (1995). 
The tested purlins under wind uplift were found to fail suddenly by localised failure at the free 
flange-web junction, the free flange lip-stiffener or across the full width ofthe free flange. The 
lapped continuous purlins under downwards load were all found to fail by a mode of localised 
failure at the end of the lap. In no cases was flexural-torsional buckling significantly visible. 
3 FINITE ELEMENT ANALYSIS 
The finite element analysis used in the Full Model is based on a thin-walled rectangular plate 
element, initially formulated by Chin, AI-Bermani and Kitipornchai (1994). This analysis is 
capable of accurately predicting the nonlinear behaviour of plate structures, accounting for 
cross-sectional distortion, local instability and yielding. 
4 DEVELOPMENT THE FULL MODEL 
4.1 Purlin-Sheeting Interaction 
Fig. 1 shows the behaviour of channel and zed section purlins under uplift loading. The 
channel section tends to rotate around the middle of the flange where the screw connection is 
located, while the zed section tends to rotate around the upper flange-web junction. In both 
cases, the sheeting exerts a retarding effect on the purlin rotation, both at the screw 
connection and at all other points of contact. These 'points of contact' can be thought of as 
nodes with dependent degrees of freedom. The lateral wand vertical v deflections, and in 
some cases rotation qx, of the sheeting and purlin nodes at these contact points can be related, 
either by a direct equality expression or by some other linear function. An effective way of 
incorporating these relationships (or constraints) is by use of Lagrange Multipliers (Cook 
(1981)), a method in which the stiffuess matrix of the structure is modified in order to enforce 
prescribed relationships that couple dependent degrees of freedom. 
In a full scale roof system, a series of purlins would run parallel to each other with continuous 
lapped sheeting spanning the roof. In the Full Model, a single purlin is modelled with sheeting 
the width of one span between the purlins, as shown in Fig. 4. The continuous nature of the 
sheeting is modeled by incorporating appropriate boundary conditions. 
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4.2 Failure Criterion 
Due to the restraint provided by the sheeting to the attached flange ofthe purlin, purl ins fail by 
a combination of local plastic collapse, local buckling and yielding, rather than by overall 
buckling. For the purlins analysed using the Full Model, once plastification was reached 
(generally in the free flange region near the midspan of the purHn) very small load steps were 
used until the solution failed to converge in the set number of iterations. This divergence of 
the solution, occurring shortly after plastification commenced in the purlin, was taken as 
indicating purlin failure and the load at which this occurred was taken as the predicted failure 
load. 
4.3 Comparison of the Full Model with Experimental Results 
In order to verifY the accuracy of the Full Model, the response predicted by the model is 
compared with experimental results from the Vacuum Test Rig Program carried out at the 
University of Sydney. Information regarding the Test Program is given in the papers by 
Hancock et aI. (1990,1992) and Rousch and Hancock (1995). Single, double and triple span 
purlins were tested and comparison with the Full Model for purlins of each of these 
configurations is presented in this section. 
4.3.1 Single Span Pur/ins 
Tests S7T1, S7T2, S7T3 and S7T5 were carried out on simply supported 7m purlins attached 
to a 1400mm width of Spandek Hi-Ten sheeting (Lysaght Building Industries (1991)) under 
uplift loading. The details of these tests are briefly outlined below: 
Test S7T1 Span: 7m Section: Z200-15 No. Rows Bridging: 0 
Test S7T2 Span: 7m Section: C200-15 No. Rows Bridging: 0 
Test S7T3 Span: 7m Section: C200-15 No. Rows Bridging: I 
Test S7T5 Span: 7m Section: C200-15 No. Rows Bridging: 2 
Table 1 presents the comparison of the experimental results with the failure loads predicted by 
the Full Model analysis. The analysis shows very good agreement with the experimental 
results, the ratio of model to test failure loads ranging from 0.96 to 1.00. Tests S7TI and 
S7T2, the unbridged purlins, when analysed using the Full Model, commenced yielding in the 
lower flange elements nearest the web, 350mm from the centre of the purlin. The tested 
purlins failed by local plastic collapse ofthe free flange in a similar location. 
The analysis of S7T3, the purlin with one row of bridging located at midspan, indicated that 
yielding started at midspan in both lower flange elements and in the lower lip element. The 
tested purlin failed by collapse across the whole bottom flange, also at midspan. Test S7T5, 
the purlin with two rows of bridging, failed by both lip stiffener buckles near the quarter points 
of the purlin as well as local plastic collapse of the free flange at midspan. The Full Model 
analysis of this purlin showed the onset of yield occurring in the lip element 1925mm from the 
end of the purlin, very near the location of the lip stiffener buckles. 
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4.3.1.1 Load-dejlection response 
The Full Model is also able to predict the load-deflection response of the purlins. The vertical 
and lateral deflections of the unbridged purlins of test S7T2 are shown in Figs 5a and 5b, 
respectively. Figs 6a and 6b show the vertical and lateral deflections of purlins in test S7T5, 
these purlins having two rows of bridging. The deflections given in these figures were 
measured at the lower flange-web junction of the purlins at midspan. Gauges were placed on 
each of the purlins in the test setup, 1 being the purlin at the bottom of the test frame (curve 
Ml in the figures), 2 being located in the middle (curve M2 in the figures) and 3 being the 
purlin at the top of the frame (curve M3 in the figures). The lateral deflection of the purlins is 
taken to be positive when it takes the form shown in Fig. 1. 
In general the analysis shows good correlation with the measured deflections. Some 
discrepancy between the predicted and measured values, as seen in the figures, is to be 
expected due to initial imperfections in the purlins, follower force due to the vacuum loading 
(the applied load from the vacuum acts normal to the deformed sheeting while the direction of 
the applied load in the analysis remains normal to the initial undeformed plane of the sheeting) 
and movement in the screw connection during loading. No information was available in order 
to assess the influence of any of these variables. The agreement between the measured and 
predicted response is therefore felt to be adequate. 
Figs 7a-7d show the deflected shape of the purlin cross-section at midspan, as determined by 
the Full Model analysis at various load levels. They indicate the large degree of cross-
sectional distortion experienced by the purlin during uplift loading and also the difference in 
the response of the unbridged zed section purlin (Fig. 7a) to that of the unbridged channel 
section purlin (Fig. 7b). Comparing the lateral deflections of the purlins in tests S7T3 (one 
row of bridging) and S7TS (two rows of bridging), which are given in Figs 7c and 7d, with the 
lateral deflection of the same channel section in an unbridge~ configuration (S7T2, Fig. 7b) 
indicates that the lateral deflection of the purlin is significantly reduced by the presence of 
bridging. 
The normal and lateral deflections along the length of the pur lin, calculated using the Full 
Model, have been investigated. The overall responses of the unbridged zed and channel 
section purlins are very similar while the bridging in sections S7T3 with one row of bridging 
and S7TS with two rows of bridging clearly decreases the lateral deflections of the purlin, 
while having a lesser effect on the normal deflections. 
4.3.2 Double Span Purlins 
Continuous zed section purlins consisting oftwo 10.5m spans were tested under uplift loading 
in tests S2Tl, S2T2 and S2T3. These purlins were arranged at 1200mm centres and attached 
to either Monoclad (Stramit Industries (1993» or Trimdek (Lysaght Building Industries 










No. Rows Bridging: 0 
No. Rows Bridging: 1 
No. Rows Bridging: 2 
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The three tested purlins failed by local plastic collapse at the flange-web junction near the 
centre of the purlin, along with inner flange general failure at the end of the lap in the third 
test. The purlins, when analysed using the Full Model, all commenced yielding in the lower 
flange element closest to the web. This element was located at the division closest to the end 
of the lapped region of the purlin. The load at which the tested purlins failed is compared with 
the failure load predicted by the Full Model in Table 1. All predicted loads are within 5% of 
the experimental result. 
4.3.3 Triple Span Purlins 
Four purlins are presented in this section for comparison with the analytical model, two under 
uplift loading (Test SlT4 and Test SITS) and two under downwards loading (Test S4T5 and 
Test S4T6). The details of these tests are briefly given below (where U indicates uplift 













Z200-15 No. Rows Bridging: O(U) 
Z200-1S No. Rows Bridging: 1 (U) 
Z150-19 No. Rows Bridging: o (D) 
Z150-19 No. Rows Bridging: I (D) 
In each case the purlin is made up of three spans, lapped over the internal supports and 
attached to 1200mm spans of Mono clad or Trimdek sheeting. 
Comparison of the failure loads of the tested purlins and those predicted by the Full Model are 
presented in Table I. For both the uplift and downwards loading cases, the model predicts 
within 5% of the tested purlin failure load. 
5 DEVELOPMENT OF THE SIMPLIFIED MODEL 
While the Fun Model offers an excellent tool for the understanding of the purlin-sheeting 
system, it is computationally quite demanding which would tend to impede its use in regular 
design situations. A simplified version of this model was therefore developed, which, while 
not offering the advantage of including both the sheeting and purlin, is less computationally 
demanding and is therefore more appropriate for use in standarq design. 
5.1 Shear Stiffness 
The shear restraint provided by the sheeting to the purlin is primarily independent of the purlin 
profile but does vary with both sheeting type and span. As part of the Simplified Model, a 
numerical tool, the Double Beam Shear Test (DBST) Model, was developed to determine the 
shear stiffness of various sheeting profiles. Using this model, the variation of shear stiffness 
with sheeting span and sheeting type was considered. The sensitivity of purl ins to the value of 
sheeting shear stiffuess was investigated and a single value of stiffness proposed for standard 
purlin-sheeting systems. The following sections outline this procedure. 
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5.1.1 Double Beam Shear Test 
Pincus (1963) developed a test to detennine the shear restraint provided by the sheeting to the 
purlin, referred to as the Double Beam Shear Test. This test can be modeled using similar 
discretisation and constraint conditions as in the Full Model in order to determine the shear 
stiffness of a particular sheeting type and configuration. 
The standard spans of sheeting commonly used in Australia range in 300mm increments from 
900mm to 3300mm. The DBST model was used to determine the shear stiffness of four 
standard conugated sheeting profiles over this range of spans. The dimensions of these 
sheeting profiles (SpandekHi-Ten and Trimdek) are presented in Fig. 8. The results ofDBST 
Model analysis are shown in Fig. 9. The shear stiffness of the sheeting increases with both 
sheeting thickness and sheeting span. 
5.1.2 Sensitivity of Purlin to Shear Stiffness 
Many of the previous models of the purlin-sheeting system assumed that the sheeting provided 
complete restraint against lateral deflection of the purlin, that is, had infinite shear rigidity 
(Ings and Trahair (1984), Pek6z and Soroushian (1982) for example). Others, such as those 
presented by Pincus (1963) and Davies (1976), determined the shear stiffness for each 
individual case using purely experimental or experimental-empirical approaches. 
In order to decide the approach to adopt in the Simplified Model, it was necessary to first 
investigate the sensitivity of the purlin to the value of shear stiffness provided by the sheeting. 
Assuming a constant value of rotational stiffness (determined for the particular purlin in the 
manner described in a later section), both a zed and channel section purlin were analysed using 
the Simplified Model, considering a range of shear stiffness from 0 to 100,000 kNlrad. The 
purlins investigated had a single span of7m, the zed section being a Z200-24 profile purlin and 
the channel section being a C200-24 profile purlin. Figure 10 shows the normal deflections of 
the purlins at an uplift load of IkN/m for the range of shear stiffness. The deflections are 
measured at the compression flange-web junction of the purlin at midspan.' The terms in 
brackets indicate the load (in kN/m) at which the purlin first yields. This yield occurs at the 
lower flange-web junction, near the centre of the purlin. 
From Fig. 10 it can be seen that the zed section purlin is particularly sensitive to the value of 
shear stiffness while the channel section is not strongly influenced by its effect. Over the range 
from 300 kN/rad to 100,000 kN/rad, neither purlin shows a strong decrease in deflection or 
any significant increase in strength. Fig. 9 shows that the shear stiffness for common sheeting 
profiles ranges from approximately 300 kN/rad to 1500 kNlrad, that is, within the range in 
which the purlin is not significantly sensitive to any increase in shear stiffness. It was therefore 
decided to adopt a 'standard' value of 1000 kNlrad to represent the shear stiffness of the 
common sheeting profiles. 
5.2 Rotational Stiffness 
The rotational restraint provided by the sheeting to the purlin is a complex parameter, varying 
with each purlin-sheeting combination. Unlike the case of shear stiffness, the purlin is 
sensitive to the value of rotational restraint within the range of commonly used sheeting 
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profiles. In the following section, this sensitivity of the purlin will be investigated. A 
numerical tool, the Rotational Restraint (RR) Model, will then be developed and used to 
determine the rotational stiffness of a number of different sheeting configurations. The 
variation of rotational stiffness with sheeting profile and span will be investigated. The 
rotational restraint provided by standard sheeting types to commonly used purlin profiles will 
be determined and a chart developed from which this value of stiffness can be read. 
5.2.} Sensitivity of Plirlin to Rotational Stiffness 
Fig. II shows the normal deflections of both a zed (Z200-24) and a channel (C200-24) section 
purlin for a range of rotational stiffness from 0 to 100,000 Nlrad. The 7m span purlin is 
assumed to be attached to sheeting providing a shear stiffness of IOOOkN/rad. The deflections 
are plotted at an uplift load of I kN/m and are measured at the purlin compression flange-web 
junction at midspan. The load (in kN/m) at which the purlin first yields is shown in brackets. 
Values of rotational restraint commonly vary from around 200 N/rad to around 4000 N/rad. 
Within this range of values, both the channel and zed section purlins are sensitive to changes 
in rotational stiffness. Therefore, a standard value of rotational stiffness cannot be adopted 
and a procedure for determining the stiffness must be developed. 
5.2.2 Rotational Restraint Model 
A test known as the Torsional Restraint Test, shown in Fig. 12, has been adopted by a number 
of researchers (for example Rousch and Hancock (1994») as a means to determine the 
rotational restraint the sheeting provides to the purlin. A modified version of the Torsional 
Restraint Test can be modeled using the techniques described for the Full Model. This model 
(referred to as the Rotational Restraint (RR) Model) can be used to determine the rotational 
restraint provided purely by the sheeting to the purlin and the calculated value used as input 
for the Simplified Model. 
5.2.3 Variation of Rotational Stiffness with Sheeting Profile and Span 
Using the RR Model, the rotational stiffness provided by four different sheeting profiles to a 
zed (Z200-I5) and a channel (C200-15) section purlin was determined. The four sheeting 
profiles were 0.42mm thick Trimdek, 0.42mm thick Spandek, 0.48mm thick Trimdek and 
0.48mm thick Spandek (Lysaght Building Industries (1991»). AJI profiles had a span of 
I200mm. The calculated stiffness for each of these combinations is given in Table 2a. For 
both the zed and the channel section purlin there is only a twelve percent difference between 
the stiffness provided by the four different profiles, a difference which would have no 
significant effect on the strength of the purlin. For purlins of the same sectional dimensions, 
the zed section was always found to receive greater rotational restraint from the sheeting. 
The effect of sheeting span on the rotational stiffness provided by the sheeting was found to be 
very minor. The rotational stiffness provided by 0.42mm Trimdek to a purlin of section Z200-
15 was calculated using the RR Model for a range of sheeting spans from 900mm to 3000mm. 
The results of this analysis are given in Table 2b. The value of rotational stiffness varied by 
only one percent for the range of sheeting spans. 
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5.2.4 Rotational Stiffnessfor Common Purlin Profiles 
In Australia, a number of standard purlin profiles are available with manufactures producing 
charts of allowable design loads for these particular sections. The purlins are generally 
referred to in a form such as Z200-24 in which the 'Z' indicates a zed section, 200 gives the 
mean depth of the purHn in mm and 24 indicates an average thickness of 2.4mm. The 
rotational stiffness provided by a 1200mm span of 2 different sheeting types (Trimdek and 
Spandek) was determined for each of the common purlin profiles, using the RR Model and the 
results of this analysis are shown in Figs 13 and 14. 
Despite their quite different profiles and thicknesses, Trimdek and Spandek provide very 
similar restraint to a particular pudin, In subsequent use of the Simplified Model, therefore, 
the stiffness determined for 0.42mm thick Trimdek (Fig. 13) will be taken as representative of 
all standard sheeting configurations. If the purlin-sheeting system being analysed involves a 
significantly different sheeting type, purlin type or configuration, the RR Model can be used to 
determine a system-specific value of rotational stiffness. This value can then be used as input 
in running the Simplified Model. 
5.3 Comparison of Simplified Model with Tested Purlins 
As with the Full Model, experimental results from the Vacuum Test Rig Program carried out 
at the University of Sydney were used to verifY the accuracy of the Simplified Model. Details 
of the 26 tests carned out in this program are given in the papers by Hancock et al. 
(1990,1992) and Rousch and Hancock (1995). 
5.3.1 Comparison of Pur/in Failure Loads 
The Simplified Model was used to analyse each of the 26 tested purlins included in the 
University of Sydney Program, The shear and rotational stifthess values required for the 
running of the Simplified Model were determined in the manner outlined previously. That is, 
the shear stiffness !cry was taken as 1000kN/rad for all tested cases, while the value of 
rotational stifthess k", for each puriin type was read from Fig. 13. 
The failure loads determined using the Simplified Model are presented in Table 3a (single span 
purlins), Table 3b (double span purlins) and Table 3c (triple span purlins), along with the 
results from the experimental program. All single and double span purlins were tested under 
uplift loading, while one of the triple span series (Tests S4Tl-S4T6), was tested under 
downwards loading. 
The purl ins presented in Table 3 include both channel and zed section purlins with zero, one 
and two rows of bridging. The purlins have single, lapped double and lapped triple span 
configurations, and both uplift and downwards loading cases are included. For this wide range 
of purlins, the Simplified Model predicted within ten percent ofthe experimental failure load in 
every case. The average ratio between the Simplified Model result and the experimental result 
was 1.01, with a standard deviation of 0.05, Given the uncertainty inherent in experimental 
data (for example, no information was available in order to assess initial imperfections in the 
purlins or follower force due to vacuum loading), the Simplified Model shows excellent 
correlation with the test results with respect to ultimate failure load. 
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5.3.2 Load-Deflection Rebpollse 
As for the Full Model, the Simplified Model can be used to predict the load-deflection path of 
the purHn. Fig. Sa (normal deflections) and Fig. Sb (lateral deflections) show this predicted 
response for the purlins of test S7T2. This test involved single span, C200-1S purlins under 
uplift loading and the deflections predicted by both the Full and Simplified Models are 
included in the figures. The load-deflection responses demonstrate the good correlation 
between the Simplified Model and both test results and results from the Full Model. 
The tested purlins tended to fail in a mode involving the free flange of the purlin, whether this 
took the form of local plastic collapse of the flange or general flange failure. As in the case of 
the Full Model, the Simplified Model tended to show this failure by indicating that elements in 
the free flange had yielded at locations approximately matching the location of the tested 
purlin flange collapse. In order to further investigate the behaviour predicted by the Simplified 
Model near the failure load of the purl in, contour plots were made of the deflected shape of 
the free flange. The deflections were determined relative to the deflection of the centroidal 
line of the purlin, in order to show the localised effects. Two triple span purlins are used to 
demonstrate this approach, with plots given for a number of load levels up to failure. When 
plotting the deflected shape of the free flange of these purlins, only half the length of the flange 
is shown. In these figures a coordinate of zero indicates the simply supported end, while the 
internal support is located 7000mm from this simply supported end, and the coordinate of 
10500mm is the middle of both the purHn and the internal span. 
Tests SlT4 and SITS involved triple span Z200-1S purlins under uplift loading with no 
bridging and one row of bridging, respectively. These purlins were both reported to have 
failed by local plastic collapse of the free flange, approximately 2100mm from the simply 
supported end. Test SITS was also found to have a lip stiffener buckle just after the first row 
of bridging; this bridging being located 3500mm from the simply supported end. Figs IS and 
16, for the unbridged and singly bridged purlins, respectively, show the development of 
instability in the free flange between 1000mm and 2000mm from the simply supported end of 
both these purlins. Figure 16 also shows the instability noted in the tests just after the first 
row of bridging. 
6 CONCLUSION 
Two models for predicting the behaviour of pudin-sheeting systems have been presented in 
this paper. Both models allow for the shear and rotational restraining effects of the sheeting to 
be incorporated into the analysis, without requiring over simplifying assumptions or 
experimental input. The use of the thin plate elements allows cross-sectional distortion of the 
purlin to be included in the analysis and the models are able to determine the ultimate load of a 
pudin, whether this occurs by yielding or by local buckling. 
The first model, the Full Model, incorporates the purlin and the sheeting as an integrated 
system and hence allows for physical interpretation of the restraint provided by the sheeting to 
the purlin as well as investigation of the sheeting behaviour. The Simplified Model, which 
models only the purlin, offers a computationally less demanding alternative which is more 
475 
appropriate to standard design. The validity of both models was shown by their good 
correlation with experimental results. 
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TABLE 1 
Full Model and Test Failure Loads 
Test Failure Load Failure Load Ratio 
Test (kN/m} Full Model {kN/m2 {AnalysisIT est} 
Single Spans 
S7Tl 1.85 1.87 1.01 
S7T2 1.70 1.65 0.97 
S7T3 1.70 1.64 0.96 
S7T5 1.95 1.95 1.00 
Double Spans 
S2Tl 4.33 4.23 0.98 
S2T2 4.93 4.87 0.99 
S2T3 5.77 5.65 0.98 
Triple Spans 
SlT4 2.58 2.60 1.01 
S1T5 2.94 2.83 0.96 
S4T5 2.92 2.90 0.99 
S4T6 
TABLE 2 
Variation of Rotational Restraint with Sheeting Parameters: 
(a) Variation with Sheeting Profile Channel Section: C200-24; Zed Section: Z200-24 
Sheeting Width: 1200mm. 

























(a) Simplified Model and Test Failure Loads, Single Span Purlins 
Test Span Rows 
Single Length Bridging! Load Test Model (Modell 
Span (mm) Span (1eN/m) (leN/m) Test) 
S7Tl ZZOO-15 7000 0 1.85 1.81 0.98 
S7T2 CZOO-15 7000 0 1.70 1.70 1.00 
S7T3 CZOO-15 7000 I 1.70 1.78 1.05 
S7T5 CZOO-15 7000 Z 1.95 1.93 0.99 
S3Tl ZZOO-Z4 7000 0 3.Z8 3.59 1.09 
S3TZ ZZOO-Z4 7000 I 3.69 3.60 0.98 
S3T3 ZZOO-Z4 7000 Z 4.76 4.53 0.95 
S3T4 CZOO-Z4 7000 0 3.63 3.58 0.99 
S3T5 CZOO-Z4 7000 I 3.63 3.36 0.93 
S3T6 C200-24 7000 2 4.71 4.59 0.97 
(b) Simplified Model and Test Failure Loads, Double Span Purlins 
Test Span Rows 
Double Length Bridging! Load Test Model (Modell 
SQan (mm} Span (kN/m} {kN/m} Test} 
SZTl Z300-Z5 10500 0 4.33 4.47 1.03 
S2T2 Z300-25 10500 1 4.93 5.02 1.02 
S2T3 Z300-25 10500 Z 5.77 5.75 1.00 
(e) Simplified Model and Test Failure Loads, Triple Span Purlins 
Test Section Span Rows Failure Failure Load Ratio 
Triple Length Bridging! Load Test Model (Modell 
Span (mm} S~an (leN/m} (leN/m} Test} 
SITl Z150-19 7000 0 2.31 2.53 1.10 
SIT2 Z150-19 7000 1 2.63 2.82 1.07 
SIT3 Z150-19 7000 Z 2.98 3.07 1.03 
SIT4 ZZOO-15 7000 0 2.58 2.60 l.01 
SITS ZZOO-15 7000 1 2.94 Z.8Z 0.96 
SIT6 Z200-15 7000 Z 3.87 3.91 1.01 
SIT7 Z200-19 7000 0 3.51 3.77 1.07 
SIT8 ZZOO-19 7000 I 4.Z8 3.95 0.92 
SlT9 Z200-19 7000 2 4.55 4.30 0.95 
S4Tl/Z Z200-19 7000 1 3.97/4.42 4.16 0.99 
S4T3/4 Z200-15 7000 0 2.90/2.94 2.89 0.99 
S4T5 Z150-19 7000 0 2.92 2.94 1.01 
1 
Fig. 1: Deflected shape of pur/ins 
under IIplift loading 





(a) Plan of Sheeting 
w 
k ry = mryl ~ 
(b) Sheeting Shear Stiffness (k ry) 
Elevation 
krs= ~ =6bEJ 
(c) Sheeting Rolational Stiffness (krs) 
Fig. 2: Sheeting restraint 
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Simplified Model Analysis 
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Summary 
The results of a series of reversed eyelie 4 fL x 8 ft (length x height) 15/32-in. plywood and 
7116-in. oriented strand board (OSB) shear wall tests are presented in this paper. The walls were 
framed with C-shaped 3-1/2 in. 20 gauge (0.036 in.) studs at 24 in. on center. Each wall was 
subjected to a sequential phase displacement time history at a frequency of 0.67 Hz. Performance 
of the wall was shown to depend on the type of sheathing material, the strength of the chord 
studs, and the screw fastener schedule. Although the hysteretic loops were significantly pinched 
(a characteristic of the light framed shear wall), the wall was shown to be capable of dissipating 
significant energy before failure. Based on these limited test data, recommendations for 
interpretation of these data for design are presented. 
Introduction 
Residential structural framing using light gauge steel is an option that many designers, 
developers, and homeowners are now considering as an alternative to wood construction. The 
information available for design oflight gauge steel framing, however, is not as extensive as that 
which exists for wood. The purpose of the experimental research program presented here was to 
investigate the "psuedo-dynamic" behavior of light gauge steel framed shear walls sheathed with 
plywood and oriented strand board (OSB) and attached to the frame using No.8 screws at 
different screw schedules. 
Test Program and Setup 
The basic steel framing for the 4 ft. x 8 ft. walls is shown in Figure 1. At the ends of the wall, 
double studs (back-to-back) were used to prevent local and flexural buckling in the chords. 
Figure 1 also shows the position of the anchor (shear) and the hold-down bolts. The shear bolts 
adjacent to the hold-downs were located in accordance with Section 403.1 of the 1995 CABO 
One & Two Family Dwelling Code (not more that 12 in. from the corner). For the shear wall to 
develop its full capaeity based on the sheathing, the hold-down and anehor bolts were over 
designed. The average maximum capacity for the hold-downs used in all the tests was 21,197 lb. 
(based on literature provided by the hold-down manufacturer). 
A total of 16 walls were tested in this program. The configurations of the walls are summarized 
in Table 1. The walls were designed to prevent shear failure at the base of the wall or failure due 
to overturning. At the ends of the wall, double studs back-to-back were used to limit failure due 
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to buckling in the chords. For each wall configuration evaluated, two tests were performed. This 
provided a minimum level ofreliablility/validity of the test data. 
Details of the components of the shear walls are given below: 
- Studs: 20 gauge 3.50 in. C-stud with 1.625 in. flange and 0.375 in. lip, fabricated from 
ASTM A446 Grade A (33 ksi) steel--all studs were mill certified. 
- Track: 20 gauge 3.5 in. C-track with 1.25 in. flange, fabricated from ASTM A446 
Grade A (33 ksi) steel--all tracks were mill certified. 
- Framing screws: No.8 x 0.5 in. Wafer (Modified Truss) Head self-drill. 
- Hold-downs (tie-down) screws: No. 10 x 1 in. Hex Washer Head self-drill (in a few 
cases--three tests--No. 10 x 0.625 in. Pancake Head self-drill screws were used). 
Plywood (l5/32-in.) and OSB (7116-in.) screws: No.8 x 1 in. Flat Head wlcounter 
sinking nibs under the head, type 17 point, eoarse high thread. 
- Installation of plywood and OSB screws: All screws wcre installed a minimum of 3/8 
in. (+ 1116 in.) from the edge of the plywood or aSB panel. 
All walls were assembled in a horizontal position then lifted vertically and installed in the test 
frame as shown in Figure 2. Details of anchorage of the wall and attached of the loading plate at 
the top of the wall are illustrated in Figure 3. At the base of the wall a 3.5 in. by 0.5 in. aluminum 
spacer plate (the full length of the Wall) was installed between the bottom track and the fixed 
base of the test frame. The spacer plate allowed the plywood or aSB panel to displace relative to 
the framing without bearing on the base of the test frame (before failure). At the top of the wall a 
similar spacer was used between the loading plate and the track. 
The test protocol used in this research program (see Figure 4) is referred to as the sequential 
phase displacement protocol. This protocol has been recommended by the Ad Hoc Committee on 
Testing Standards for Structural Systems and Components--Structural Engineers Association of 
Southern California--for testing of shear wall assemblies. The walls were cycled at 1.5 seconds 
per cycle (0.67 Hz). 
Instrumentation 
The instrumentation for the tests is shown in Figure 5. Four displacements--top of wall lateral 
displacement (in-plane shear displacement), uplift at both ends of the wall, and slip--and three 
loads--applied load at top of wall, two hold-down loads--were measured and recorded 
electronically using a speeial purpose data acquisition and control system. The position of the 
wall was monitored 300 times a seeond and data was reeorded at a rate of 50 times per second. 
Each recording included wall displacements and loads. 
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Behavior and Test Results 
The overall behavior of the plywood and OSB panel assemblies was practically identical. In 
general, racking of the wall resulted in the screw fasteners rocking (tilting) about the plane of the 
stud flange (as illustrated in Figure 6). Rocking resulted in the head and shank of the screw 
pressing into the panel and bending in the flange immediately around the screw hole. This 
behavior resulted in permanent lateral deflection of the wall and appears to be the main source of 
energy dissipation in the walls. As the lateral displacement of the wall increased, the panel pulled 
over the screw heads with subsequent unzipping of the wall, as shown in Figure 7. As the panel 
unzipped, the capacity of the wall dropped off. An examination of the walls after each test 
revealed that except for three screws (in the 16 walls tested) no screws pulled out of the stud 
flanges. It was also observed that none of the screws suffered any significant bending and none 
of the screws fractured from fatigue. 
For all walls with screw schedules of 3 in.ll2 in. and 2 in.ll2 in., the chord studs crippled 
(crushed) locally either at the position of web cut-out above the hold-down or at the hold-down, 
as shown in Figure 8. Crippling appeared to promote the pull-over behavior of the panels. The 
walls with 2 in.ll2 in. schedules also exhibited local/distortional buckling in the flange of the 
studs adjacent to the compression chord. 
Tabulated results from the test program are given in Table 2. Data are presented for the nominal 
load capacity at the last and second to last set of stable hysteretic loops, and the corresponding 
level of lateral displacement. The nominal load and displacement values are based on averages 
from the "push-pull" regimes of the time history. Typical plots of load versus total top of wall 
lateral displacement are given for 4 representative walls in Figures 9, 10, II and 12. 
Discussion of Test Results 
A comparison of the plywood and OSB walls with the same screw schedules indicates that the 
plywood walls had generally higher load capacities than corresponding OSB walls. The 
difference in capacities, appears to be approximately 10% (neglecting the walls with the 2 in.ll2 
in. screw schedule): 
- plywood vs. OSB with screws at 6 in.ll2 in.: 1.11 
- plywood vs. OSB with screws at 4 in.l12 in.: 1.08 
- plywood vs. OSB with screws at 3 in.ll2 in.: 1.15 
- plywood vs. OSB with screws at 2 in.ll2 in.: 0.96 
The ratio for the walls with fasteners at 2 in.l12 in. is approximately one because the failure was 
controlled by crushing of the chord studs (which were identical for the plywood and OSB walls). 
The 10% higher capacity should be viewed in perspective since the plywood is approximately 
7% thicker that the OSB. 
Ideally, three limit states of behavior for the wall assemblies should be considered when 
establishing the nominal designstr~:rt~t~()f wall: maximum strength, stiffness (displacement), 
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and damage. The damage limit state is difficult to interpret since there are no established 
procedures for doing so. Thus, in this project no attempt was made to characterized load capacity 
based on damage. 
A detailed review of the load displacement curves for the 16 walls showed the following basic 
trends: 
- strength degradation at a given level of displacement is initially stable 
- stiffness degradation with increasing lateral displacement (characterized by a 
load-displacement curve which lead to severe pinching of the hysteretic loops) 
The current trend in the design of light framed wood shear walls is based on static test data. 
Following the recommendations of the 1994 UBC, the allowable design load in a plywood wall, 
on wood framing, is established to provide an elastic lateral displacement of 0.5 in. (0.005H; H = 
wall height) at the allowable load. The wall should also be able to at least maintain its capacity 
up to an inelastic lateral displacement of approximately 3R,j8 times the elastic displacement 
(where Rw is a structural system coefficient). 
For the cyclic tests, the following criteria are suggested for interpretation and development of 
design data: 
- load at which pinching becomes markedly evident represents a change in wall stiffness 
and may be used to establish the elastic limit state for the wall--typically occurred in the 
region of 0.75 in. 
- load at the last set of stable hysteretic loops (stable loops being defined as consecutive 
cycles at a given level of displacement where the strength does not change by more than 
5% between consecutive cycles at that displacement)--use the strength given by the 
lowest hysteretic loop 
- interpret the back-bone curve as an equivalent static curve (back-bone based on the 
lowest strength loop at a cycle displacement) 
- compute the energy dissipated and limit the capacity based on the energy demand of the 
wall 
Conclusion 
The results from cyclic (pseudo-dynamic) in-plane shear wall tests for light gauge steel framing 
are presented. Based on the results from the tests, the following preliminary conclusions can be 
drawn: 
(1) The measured maximum resistance of the plywood walls was higher (approximately 10%) 
than that of the OSB walls. 
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(2) Attention to the design of chords studs for panels with tight screws schedules (3 in.l12 in. and 
2 in.l12 in.) is critical for the wall to develop its capacity. 
(3) More research is needed to establish strength values for walls with tight screw schedules 
when the chord studs do not fail prematurely. 
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Table 1 Description of wall configurations tested 
[ Te.t Specimen Wall Description 


















Studs and track are 3-112 In. 20 ga.--ASTM A446 Grade A (33 ksl) steel 
Studs flange: I-S/8 in.; stud lip: 3/8 In.; Track (runner) flange: 1-1/4 in. 
Framing screws: No.8 x 112 in. Wafer (Modified Truss) Head self-drill. 
Hold-downs screws: No. lOx I in. Hex Washer Head self-drill 
Plywood and OSS screws: No.8 x I in. Flat Head wlcounter sinking nibs under the head, type 17 point, coarse high thread 
20 gao 0.0346 in. (design thickness) 
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Table 2 Summary of test results 
Nominal load 
Test capacity at 2nd to 
Specimen Wall Description last stable 
hysteretic loops I , 
Iblft. 
AISI-OSBJ 7116" OSB APA rated sheathing wlpanels on onei 700 I 
AISI-OSB2 side--parallel to framing (framing at 24 in. o.c.--fasteners at 700 
6"112"--4'xS' wall) 
AISI-OSB3 7116" OSB APA rated sheathing wlpanels on one 900 
AISI-OSB4 side--parallel to framing (framing at 24 in. o.c.--fasteners at 710 
4"1 1 2"--4'xS' wall) 
AISI-OSB5' 7116" OSB APA rated sheathing wlpanels on one 1400 
AISI-OSS6' side--parallel to framing (framing at 24 in. o.c.--msteners at 1000 
3"112"-4'xS' wall) 
AISI-OSS7' 7116" OSS APA rated sheathing wlpanels 1400 on one 
AISI.oSBS' side-parallel to framing (framing at 24 in. o.c.--fasteners at 1400 
2"112" -4'xS' wall) 
AISI-PLYI 15132" plywood APA rated sheathing ('I-ply) wlpanels one 750 
AISI-PLYl .ide--parallel to framing (framing at 24 in. o.c.--msteners at 610 
6"112"--4'xS' wall) 
AISI-PLY3 15/32" plywood APA rated sheathing ('I-ply) w/panels one 850 
AISI-PLY4 side--parallel to framing (framing at 24 in. o.c.--fasteners at 825 
4"1I2"--4'xS' wall) 
AISI-PLYS' 15/32" plywood APA rated sheathing (4-ply) wlpanels one 1300 
AISI-PLY6' side--parallel to framing (framing at 24 in. o.c.--msteners at 1350 
3"1 I 2"--4'xS' wall) 
AISI·PLY7' 15/32" plywood APA rated sheathing ('I-ply) w/panels one 1400 
AISI_PLYS2 side--parallel to framing (framing at 24 in. o.c.--msteners at 1425 
2"112"-4'xS' walQ 
'crippling in compression above hold-down or at web cutout above hold-down 
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Nominal load 
Displacement at capacity at last 
2nd to last stable stable hysteretic 
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Figure 1 Basic waH frame 
2 Overall test setup 
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Figure 5 Instrumentation 
Figure 6 Behavior of screwS 
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Figure 7 Unzipping of panels 
Figure 8 Crippling in chord stud 
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The current use of cold-formed steel owes its success to efforts which started 50 
years ago. In 1946 AISI published the first specification for the design of cold-formed 
(then known as light gage) steel structural members. The specification was the end 
product of a doctoral thesis by Dr. George Winter which was initiated in 1939. Since 1946 
AISI has continually updated and modernized the AISI Specification for the Design of 
Cold-Formed Steel Structural Members. The 1956 manual was the first design 
specification to have a companion commentary. In 1991 AISI published the LRFD 
version of the Design of Cold-Formed Steel Structural Members. Today AISI is currently 
developing a single specification which combines the ASD and LRFD design 
methodologies. 
The creation of the first design specification for cold-formed steel members and its 
subsequent improvements have been critical to the growth in the use of cold-formed steel 
in construction. In 1995 the US construction market used an estimated 8.5 million tons of 
cold-formed steel products in construction, that is more steel than was used in hot rolled 
structural shapes in the same time period. Cold-Formed steel is used in a variety of 
construction applications such as steel roofing and siding, purlins and girts, floor and roof 
deck, storage racks and steel framing to name a few. The presence of a uniformly 
accepted design specification encourages product development and eases the 
acceptance by building officials. Those principals are as true today as they were 50 years 
ago. The use of cold-formed steel continues to grow and expand into new markets using 
the AISI Specification for the Design of Cold-Formed Steel Structural Members. The 
focus of this paper is on the use of steel in residential construction which is the largest 
potential growth market for steel. AISI estimates that if steel captures 25% of the 
residential market, it will consume 2 million tons. 
Builders across the country are increasingly using steel as a replacement for 
wood. According to an NAHB survey 6%, or 78,000 homes, built in 1993 used steel 
framing for the interior non load bearing walls and 1 %, or 13,000 homes, used steel 
framing for the walls, joists and trusses. This represented a significant growth over 1992 
which we estimated to be only 1/4% of the market. Our expectation is that in 1996 these 
numbers will grow equally dramatically, with possibly as many as 75,000 homes will be 
built with steel as the load bearing framing material. 
The product which is increasingly being used to build homes was developed in the 
1960's and it is a lightweight steel "cee" section. It is called a "cee" section because its 
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end profile looks like a squared version of the letter "Cu. The steel "cee" stud and 
accessory members were designed to be used in a manner similar to wood studs and 
were intended to replace wood as the framing material for home construction. While the 
steel stud did not catch on for use in home construction, it was widely accepted in 
commercial construction throughout the 1970's and 1980's. 
Interest in steel has grown recently due to concern about the availability of 
dimensional lumber. No other event in recent history has caused so much concern for 
the home building industry as the decision in 1991 by the National Fish and Wildlife 
Services to set aside 6.4 million acres to protect the habitat of the spotted owl. In 1990 
logging practices were found to be in violation of the Endangered Species Act, the 
National Environmental Policy Act, and the National Forest Management Act. Court 
injunctions were filed and gridlock resulted. The Pacific Northwest produced 4 billion 
board feet of lumber in 1990. This represented about 30% of US production of lumber. 
In 1993 production was reduced to 250 million board feet. The result was dramatically 
rising lumber prices and a decreasing supply of quality lumber. This combination of 
factors sent the nations home builders searching for alternatives to traditional 
dimensional lumber. 
There are a several reasons why steel has been able to capitalize on the 
opportunities created by fluctuating lumber prices. The existence of a universally 
accepted design specification and acceptance of the cee stud in commercial construction 
set the stage for steel framing to be used in residential construction. Also, since steel is 
being used in commercial construction, many of the tools have been developed and there 
is some skilled Jabor available. 
The most critical feature of steel framing has been price stability. StE;lel prices have 
remained stable since the early 1980's. This is important to the home building industry 
because a builder typically sets the price of the home with the buyer three months prior to 
ordering the framing. In recent years it is not uncommon for the price of the framing 
material to increase 40 or 50% in that three month period. This significantly reduced the 
builders expected profit. 
Steel also has environmental advantages because steel has the inherent property 
that it is infinitely recyclable. This means that it seldom ends up in a land fill. When 
specifying building materials, end of use properties are very important since one quarter 
of the volume of material going into our nations land fills are from construction and 
demolition. The construction of an average suburban home creates 50 cubic yards of 
landfill material. Because steel is easily and profitably recycled, it seldom usually ends 
up at a recycling center rather than a landfill. 
To satisfy the inquiries from builders and designers AISI has focused on 
developing educational brochures and videos. A Residential Framing Manual has been 
distributed. The manual includes an introduction to steel framing; a directory of steel 
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framing and roofing manufacturers, and a listing of steel home builders; fastener 
guidelines; construction specifications; and, standard framing details. The manual 
includes 70 three-dimensional details and shows all common applications of steel 
framing. All details are available on computer disk as well. To respond the increasing 
number of builder and designer inquiries, AISI has set up a national clearing house at the 
NAHB Research Center. Questions are answered by an on staff technical expert. The 
clearing house can be reached by calling 1 800 79 STEEL. 
Prescriptive Standards 
One of the major barriers to the use of load bearing steel studs and joists is the 
lack of standard sections and load span tables. Designers have been required to select 
from a wide variety of different shapes, sizes and thcknesses of steel framing members. 
To remedy this situation a three year project is being conducted by the National 
Association of Home Builders Research Center and funded by AISI, the NAHB (National 
Association of Home Builders) and HUD (Housing and Urban Development). The scope 
of the project is to develop prescriptive standards which are similar to those which have 
adopted by the building codes for wood. All of the section properties and load span 
tables were calculated according to the AISI 1986 Edition of the Specification for the 
Design of Cold-Formed Steel Structural Members with the 1989 Addendum. 
The first draft of the prescriptive standards was submitted to CABO in January of 
1996. The industry agreed to five web depths and one standard flange width of 1.625 
inches. Other flanges widths up to 2 inches (51 mm) are acceptable but there is no 
increase in load carrying capacity. Also the minimum length of the edge stiffener is 0.5 
inches. The maximum length should be limited to that permitted by the AISI 
Specifications for the Design of Cold-Formed Structural Steel Members. The standard 
profile dimensions are listed in Table 1. Other profiles are permitted, but they must be 
designed in accordance with the AISI Specification for the Design of Cold-Formed 
Structural Steel Members. 
Material 
The material requirements are limited to three common ASTM standards which are 
listed below. 
ASTM A653 Grades 33, 37, 40, 50 (Class 1 and 3) 
ASTM A875 Grades 33, 37, 40, 50 Class 1 and 3) 
ASTM A792 Grades 33, 37, 40, 50A 
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Profiles 
Standard profiles have been agreed to as well. For wall studs the dimension of the 
web was set to that of a common wood stud which is either 3.5 inches and 5.5 inches. 





Table 1 - C-Shape Sizes 




2x4 3.5 1.625 
2x6 5.5 1.625 
2x8 8 1.625 
2 x 10 10 1.625 
2 x 12 12 1.625 
Notes: Tracks shall have a minimum flange size of 1-1/4" (32 mm) 









The industry also agreed to standard material thicknesses. The out dated 
system of referring to steel thickness by gauge number is strongly discouraged. Instead 
users are encouraged to use mils, which is the actual thickness multiplied by 1,000. The 
thicknesses listed in Table 2 are bare metal thicknesses, exclusive of any coatings. 
Floor Joists 
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Standard profiles, material and thickness has permitted the creation of 
standard load span tables. A sample load span table is listed below. 
Table 3 
I 39 pst Live Load 3,4 40 pst Live Load 3,4 Nominal Joist Spacing Inches Spacing (Inches) 
Sizes3 
I 16 24 16 24 
2x6x33 10'-7" 9'-1" 9'-7" 8'1" 
I 2x6x43 11'-6" 10'-0" 10'-5" i 9'-1" 
I 2x6x54 12'-4" 10'-9" 11'-2" 9'-9" 
2x6x68 13'-2" 11'-6" 12'-0" 10'-6" 
2x8x33 13'-3" 8'-10" 10'-7" 7'-1" 
d)(8X43 15'-6" 13'-7" 14'-1" 12'-3" 
2x8x54 16'-8" 14'-7" 15'-2" 13'-3" 
• 2x8x68 17'-11" 15'-7" 16'-3" 14'-2" 
2x10x43 18'-8" 15'-3" 16'-8" 13'-1 " 
2x10x54 20'-1" 17'-6" 18'-3" 15'-11" 
2x10x68 21'-6" 18'-10" 19'-7" 17'-1" 
, 
2x12x43 20'-3" 14'-1" 16'-10" 11'-3" 
i 2x12x54 23'-4" 19'-7" 21'-3" 17'-6" 






1. Table provides the maximum joist span in feet and inches. 
2. Bearing stiffeners shall be installed at all support points and concentrated loads, 
End bearing stiffeners are not required for floor joists 54 mils or thicker, 
spanning 14 feet or less, for one story homes (walls and roof only) in areas with 
maximum ground snow load of 30 psf or less. 
3, Joists supporting roof and single wall only may cantilever up to a maximum of 
24" measured from the centerline of the bearing point, provided that bearing 
stiffeners are installed at the end of cantilever and the bearing point, and no 
punchouts are allowed in cantilevered section, Hole reinforcements may be used to 
cover up holes. 
4, Deflection criteria: U480 for live loads; U240 for totals loads, 
Table 4 
Load Bearing Wall Studs 
Exposure B at 100 mph 
Exposure C at 90 mph 
1 Story or 2nd Story of 2 Story 
Building Width (feet) 
Wall Nominal Spacing 
Ht. Member Q.Jk i 24 za 32 
8 2x4 16 33 33 33 
8 2x4 24 43 43 43 
8 2x6 16 33 33 33 
8 2x6 24 33 33 33 
10 2x4 16 43 43 43 
10 2x4 24 68 68 68 
10 2x6 16 33 33 33 
10 2x6 24 33 33 43 
The standardization of cold-formed steel framing members will greatly enhance 
the acceptance in the residential market by permitting the creation of prescriptive 
standards, This will eliminate the need for engineers to design size homes thus reducing 
the cost to builders. Larger custom homes will still require a structural engineer, but the 
design process will be made easier due the existence of standard profiles. There will also 
be a significant benefit to commercial framing as well. Designers will be able to specify 
profiles which are universally available. The prescriptive standards will be available 
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RESIDENTIAL APPLICATIONS OF COLD·FORMED STRUCTURAL MEMBERS 
IN AUSTRALIA 
Gregory J. Hancock* and Thomas M. Murray** 
SUMMARY 
The design of steel framed houses in Australia is governed by a range of Australian Standards 
covering materials, structural design and performance and loading. The paper describes these 
standards and their applicability. Innovative building systems using high strength steel have 
recently been introduced into the residential construction market in Australia. A brief 
description of the members used in these systems is provided. The National Association of 
Steel Framed Housing (NASH) promotes the use of steel in homes and provides educational 
material to assist builders, suppliers, teachers and students. 
1.0 Introduction 
Steel framed housing construction had its beginnings in Australia in the 1940s because of a 
shortage of timber building materials. In 1982, the National Association of Steel-framed 
Housing (NASH) was formed to promote the use of steel in residential construction. Today, 
approximately 12% of new houses are constructed using steel framing, which translates to 
40,000 homes per year. 
Cold-formed light gauge steel sections are used in roof trusses, rafters, wall framing and floor 
systems. Until recently, most steel framed houses were manufactured from 0500 cold-rolled 
steel (72.5 ksi yield point) in the thickness range LO - 1.2 mm (0.04 - 0.05 in). The sections 
were normally fairly simple with plain unlipped and lipped channels predominating. Simple 
Z-sections were also used for rafter members in trusses. The 0500 sections were most 
frequently welded although "tab-in-slot", bolting and self-drilling fasteners were commonly 
u&ed. More recently, 0550 cold-reduced steel (80 ksi yield point) in the thickness range 0,48 
- 0.75 mm (0.02 - 0.03 in) has been used.. The thickness of these sections allows simpler 
connections but requires more complex shapes to overcome buckling and twisting problems. 
However, connection is easier with a variety of bolted screwed, and clinched systems being 
used. Nailing is also possible into the thinner sections of high strength steel. 
This paper describes briefly the standards and specifications that cover the design of steel 
framed houses in Australia. A brief description of some of the more recent sections in the 
G550 material is also provided. 
* 
** 
Centre for Advanced Structural Engineering, School of Civil and Mining Engineering, 
University of Sydney, Sydney, Australia 
Virginia Poly technical Institute, Blacksburg, Virginia, USA 
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2.0 Standards and Specifications 
2.1 Materials 
The majority of steel framed housing members and connections are constructed from steel to 
AS 1397-1993 Steel Sheet and Strip - Hot-Dipped Zinc-Coated or Aluminium/Zinc Coated. 
These steels typically have a designation of the form G550 where the G indicates that 
mechanical properties have been achieved by in-line heat treatment prior to hot dipping in 
zinc or aluminium/zinc. The numeral (eg 550) indieates the yield point in MPa. The two 
most common steels are G500 with a yield point of 500 MPa (72.5 ksi), a tensile strength of 
520 MPa (75.4 k,.'ii), and an elongation on a 50 mm (2 in) gauge length of 8 percent, and 
G550 with the yield and tensile strength of 550 MPa (80 ksi), and a minimum elongation of 2 
percent on a 50 mm gauge length. 
2.2 Design Standards 
The Australian Standard AS 3623-1993 "Domestic Metal Framing" sets out the performance 
requirements, in terms of structural adequacy and serviceability, for the framing of buildings 
up to two storeys in height and roof pitches of up to 35 dcgrees. Alternative methods of 
assessing structural adequacy using either permissible stress or limit state design methods are 
provided in Sections 2 and 3 respectively. Section 4 sets out the minimum loads, load 
combinations and corresponding design criteria which shall be considered for serviceability 
requirements. In the case of floor systems, both static and dynamic serviceability 
requirements are given. The dynamic requirements are based on the work of Ohlsen (Ref. 4). 
Under the application of a static concentrated load anywhere on the floor, the floor deflection 
should not exceed 2.0 mm (0.08 in). Under the application of a unit impulse of 1.0 N-s 
anywhere on the floor, the maximum impact velocity is limited to a value which depends on 
the lowest natural frequency of the floor system and the modal damping which may be 
assumed to be 0.9% unless other values are proved to be more appropriate. The criteria were 
established from the response to floors that are already in use and found to be satisfactory. 
The computation of the floor response should take into account the joists, flooring boards and 
the interaction of joists and flooring boards in a grid system. The computation method is 
limited to floor systems with a frequency greater than 8 Hz. 
Dead or live loads, snow loads and earthquake loads should be considered according to 
Australian Standards AS 1170.1, AS 1170.3 and AS 1170.4 respectively. The specified wind 
loads are in accordance with AS 4055 "Wind Loads for Housing", rather than the Wind 
Loading Standard AS 1170.2 which is used for general structural design. 
Permissible stress design should be performed to Australian Standard AS 1538-1988 "Cold-
Formed Steel Structures Code" which is explained in Hancock (Ref. 3). This standard is 
similar to the 1980 and 1986 editions of the AISI Specification for Cold-Formed Steel 
Structural Members. Limit states design will soon be performed to the joint Australian/New 
Zealand limit states design standard currently in draft form as DR 95246 (Ref. 5). This 
standard is very similar to the 1991 AISJ-LRFD specification except that it permits the use of 
high strength steels described in Section 2.1 above. In the case of G550 steel less than 0.9 
mm (0.035 in) thick, the yield stress and tensile strength are limited to 75% of 550 MPa. 
As an alternative to calculation according to the appropriate Australian Standards, load testing 
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of steel frames is permitted in Section 5.2 of AS 3623. The test loads shall be equal to the 
design loads for the relevant strength or serviceability requirements, multiplied by the 
appropriate factor given in Table 5.1 of the standard which is reproduced in Table 1 of this 
paper. The factors in the table allow for the number of units tested and the coefficient of 
variation of the structural characteristics. For example, for 3 tests and a coefficient of 
variation of 10%, the factor is 1.33. For cyclonic areas, a fatigue loading sequence involving 
1000 cycles for roof and wall structures, and 10,000 cycles for cladding is given in Section 
5.2.5 of AS 3623. 
At the present time, a "Model Housing Performance Standard" is being developed by the 
Australian Building Codes Board as part of the Housing Code of Australia. This standard is 
a performance based standard similar to AS 3623 except that it applies to all materials and 
not just cold-formed steel. It applies to dwellings not exceeding 3 storeys. Performance 
levels are specified in relation to annual probability of occurrence. For a specific design, 
performance level is to be specified by the user. In general, 4 performance levels are 
available ranging from an annual probability of exceedance of 1{50 to 1{1000. 
3.0 Innovative Building Systems 
A new generation house framing system has been developed by BHP Building Products under 
the name SUPRAFRAME. The system consists of two major components, the wall framing 
called SUPRAFRAME and the roof framing called SUPRA TRUSS. The wall framing system 
uses a lipped channel with a dovetail stiffener in the web for convenient connection of 
accessories. The stud sections are normally constructed from 0.6 mm galvanised G550 
material. The frame sections are fastened together with the QUIKLOK clinching system. 
The roof truss system uses a unique hollow flange chord member in G550 steel of thickness 
0.6 mm. A section of the chord member is shown in 1. The closed sections are formed 
by clinching along the overlap sections along the web at 25 mm intervals. The three 
dimensional stiffness of the trusses was demonstrated in a three dimensional analysis 
accounting for torsion of the closed flanges of the chord sections (Ref. 1). The torsional 
stiffness of the chord sections was found (0 be a function of the clinching spacing and was 
proven by testing in a torsion testing machine (Ref. 2). An elevation of a' complete truss is 
shown in Fig. 2. The web members consist of simple lipped channels and the tiling battens 
are a hat section, all in G550 steel. The web members are connected to the chords by 
boiting, and the tiling battens are either nailed or screwed to the tubular top flange of the 
chord shown in Fig. 1. The stiffener in the flange of the chord is deliberately eccentric to 
permit easy nailing and screwing of the tiling battens. The small tubular bottom flange 
permits the web members of the truss to be attached directly to the web of the chord 
members without interference. 
4.0 Education and Training 
The National Association of Steel Framed Housing (NASH) has produced education and 
training materials for construction of steel framed houses. The material consists of: 
1. Trainers Syllabus and Assessment Manuals for Teachers 
2. Training Resource Kit for students and suppliers 
508 
3. Training Videos for floor, wall and roof framing 
Manufacturers also produce manuals for their products. 
5.0 Conclusions 
Design standards and specifications are available in Australia to provide steel framed houses 
which are both serviceable and have adequate strength. The standards are performance based 
and allow either testing or computation as a means of compliance. There is a recent trend 
towards the use of higher strength steel and thinner sections with 0.6 mm (0.023 in) thick 
steel of stress grade 550 MPa (80 ksi) being most common. 
hmovative structural members and systems are being developed and marketed to take account 
of the reduced weight and ease of fixing of the thinner sections. Training materials are being 
developed and promoted by the National Association of Steel Framed Housing to assist in the 
acceptance of steel frames by house builders. 
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No of units Coefficient of variation of structural characteristics 
to be tested 
5% 10% 15% 20% 25% 30~1 
1 1.20 1.46 1.79 2.21 2.75 3.45 
2 1.17 1.38 1.64 1.96 2.36 2.86 
3 1.15 1.33 1.56 1.83 2.16 2.56 
4 1.14 1.30 1.50 1.74 2.03 2.37 
5 1,13 1.28 1.46 1.67 1.93 2.23 
10 1.10 1.21 1.34 1.49 1.66 1.85 
100 1.00 1.00 1.00 1.00 1.00 1.00 
Table 1: Factors to Allow for Variability of Structural Units 
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A STUDY OF THE EFFECT OF COLD FORMING ON THE YIELD STRENGTH OF 
STAINLESS STEEL TYPE 304 - HARDNESS TEST APPROACH 
by 
M Macdonald!, J Rhodes', M Crawford', G T Taylor3 
SYNOPSIS 
This paper describes a preliininary experimental investigation of the effects of cold 
fonning on the material properties of ~iainless steel comer sections, The 
background and theory behind the research is briefly reviewed and is followed by a 
description of hardness testing, Hardness testing is used to postulate values for 
the increase in yield strength around the comers, The experimental findings are 
presented and the postulated increases in yield strength are compared with those 
predicted by two existing theories, and by other experiments carried out by the 
authors, It is concluded that the linear relationships found between yield strength 
and hardness for some steels do not apply to the stainless steel investigated, and 
further research is required, 
INTRODUCTION 
The aim of this study is to investigate the applicability of hardness testing to 
determine the variation of material properties, in particular, yield strength of 
stainless steel comer sections of different thickness and radii of bend. It is 
postulated that the variation of yield strength around the comer and the average 
increase for a section can be found by carrying out a number of hardness tests on 
the area of the section and then converting these hardness values to yield strength, 
The results obtained in this way, when compared to existing design standards for 
cold-fonned steel sections, and other experimental findings, can be used to 
ascertain the accnracy with which hardness testing can be used to describe the 
yield strength variation. 
Cold-fonned steel sections are commonly used in building structures, automobile 
body sections and domestic equipment and the main reasons for their proliferation 
are generally economic but also because of their ease of manufacture, The high 
strength to weight ratio means that structures made from cold-fonned sections can 
be fubricated cheaply and easily. Almost any shape of section can be produced to 
a high degree of accuracy and in addition to this the cold forming process causcs 
strain-hardening in most metals which increases the yield strength of the section. 
IOepartment of Engineering, Glasgow Caledonian University, Glasgow, G4 DBA, UK. 
'Oepartment of Mechanical Engineering, University of Strathclyde, Glasgow, G I IXQ, UK. 
30epartment of Energy and Environmental Technology, Glasgow Caledonian University, 
Glasgow, G4 DBA, UK, 
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Cold-forming is essentially a bending operation which causes local strain-
hardening around the comers of any bends made in the section. This creates a 
variation in the properties of the material throughout the cross-section because the 
effect of strain-hardening at tbe section comers gives them a higher yield and 
ultimate tensile strength when compared to the flat elements. This increase in 
strength can upgrade the load carrying capacity of the section and can be taken 
into account in the design process to further minimise the amount of material used. 
STAINLESS STEELS 
Design specifications for cold-formed mild steel sections have been in existence in 
many countries including the UK [1] and the USA [2] for many years. In the 
US~ several institutions have their own equivalent design codes for stainless 
steel, for example, AlSI [3]. There is, however, no equivalent design code for 
cold-formed stainless steel sections in the UK 
Staiuless Steels are steel alloys containing high quantities (at least 11 %) of 
chromium. They generally contain low amounts of carbon and may also include 
other alloying elements such as nickel or molybdenum. Their main advantages 
over ordinary carbon steels are their greater strength and their high corrosion 
resistance (which is a result of the chromium oxide film which forms on the 
surface of the metal). They are, however, more difficult to machine and more 
expensive than mild steels to produce. Nevertheless they are extremely useful and 
more needs to be found out about their behaviour so that accurate design 
standards for staiuless steel can be produced. 
HARDNESS TESTING 
Hardness testing is a non-destructive procedure used to measure the resistance of 
a material to plastic deformation. The most common type of test is the indentation 
test where an indenter is forced into the material under a specified load. The 
indentation left by the indenter can be measured and the hardness is given by the 
load divided by the surface area of the indentation. Hardness tests are performed 
more frequently than any other mechanical test because they are simple, 
inexpensive, and the results can be used to estimate other properties of the 
material - in particular the yield strength. Such predictions, however, ouly apply 
to materials for which these relationships have already been established. In the 
light ofthls hardness tests are most useful when considering the relative properties 
of similar materials or determining the uniformity of a batch of samples. 
EXPERIMENTAl, INVESTIGATION 
In all, 32 different specimens were prepared and tested. These consisted of four 
different thicknesses of staiuless stee~ each bent into four different radii of bend 
and two different angles of bend - 45° (135°) and 90° to form short angle sections 
oflength 50mm. A typical cross-section of a 90° angie is shown in Fig 1 and the 
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leg length b is constant at 50mm The specimens were bent using the bending rig 
shown in Fig 2, which was fabricated from steel bar and plate. The prepared 
specimens were then measured for actual thickness and radius of bend before 




Fig 1 - Typical Specimen Cross-Section 
Clamped to Tinius 




Base mounted to Tinlus Olesen Test Bed 
Fig 2 - Bendiog Rig 
VICKERS HARDNESS TESTING 
The Vickers Hardness test was used to determine the hardness values around the 
cold-formed section. A diamond pyramidal indenter is used thus removing the 
error introduced by deformation of the indenter. A relatively small load of IOkg 
was used so that the indentations were small enough for a number of tests to be 
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carried out across the cross-section of the specimen. The location lines for the 
tests are shown Figs 3 and 4:-





o -10 -20 -30 -40mm 
Fig 3 - 90· Bend Specimen 
o 10 20 30 40 2 4 6 8 10mm 
Fig 4 - 45· Bend Specimen 
For the 3mm specimens 6 tests were carried out on each location line across the 
section thickness; 4 for the 2mm thickness and only I for the 0.9 and 0.7mm 
thickness specimens. The average diagonal lengths of the indentations were 
measured using the microscope of the hardness testing machine and then 
converted to hardness values using standard tables. 
ESTIMATING YIELD STRENGTH FROM HARDNESS NUMBER 
Hardness values alone are of very little use structurally. However, the possibility 
of the existence of a relationship between yield strength and hardness can make 
them extremely useful Tabor [4] theorised that the two properties are related 
linearly and derived simple equations for a number of metals. Unfortunately, these 
did not prove accurate for stainless steel - possibly because of work hardening 
occurring during the hardness tests. Therefore a relationship had to be derived 
empirically in this research between the Vickers hardness number and the yield 
strength for the stainless steel under investigation. Many publications, including 
Tabor, on the correlation of hardness to yield strength for mild steel state that the 
hardness number divided by 3 gives a good prediction of yield for virgin material. 
A series oftensile tests and Vickers hardness tests was carried on specimens of the 
various thicknesses of virgin material. From these tests it was found that a factor 
of approximately 6.7 gave a consistently good correlation between hardness and 
yield for the virgin material. This factor was thereafter used for conversion of the 
hardness results to yield strength values for the cold-formed corner sections, and 
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from the hardness tests postulations of the variation of yield strength around the 
comers and through the thickness could be made. 
Using these results, 3D hardness plots and average values of the yield strength of 
the sections were obtained. The increase in yield strength around the comer was 
obtained by comparing the average for the comer with the average yield strength 
of the first 5mm section ofthe flat element (which showed no work hardening). 
RESULTS AND OBSERVATIONS 
HARDNESS AND YIELD STRENGTH VARIATIONS 
The 3-D plot shown in Fig 5 gives a graphical picture of the variation of hardness 
around the comer section for one of the tests. Note that in this figure, and 
succeeding .figures, the factor of6.7 has been used to convert hardness numbers to 
yield strengths. The factor is used as in the following expression:-
F= 9.81x 
Y 6.7 
From Fig 5 it is easy to see which areas are most affected by strain hardening. 
The highest strengths are found midway around the bend (the 0 degree line on 
3 and 4) at the inner and outer edges where there has been the greatest 
amount of tension or compression. The peak values of these were found to be up 
to 1.4 times the strength of the virgin metal. However, moving from the edges to 
the middle of the specimen the yield strengths were noticeably less but still showed 
some increase from the virgin metal. Theoretically there should be a "neutral axis" 
where no strain hardening occurs. This may exist but could not be detected. Fig 
6 shows the average of the yield stresses on each location line. 'Th.is shows how 
the yield strength values drop away quickly towards the ends of the arc of the 
bend and almost no increase in yield strength was noticeable more than 2 or 3mm 
ii-om the limit of the bent section as can be seen from Fig 7. The effects of cold 
forming can be considered to be limited almost completely to the arc ofthe bend. 
POSTULATED INCREASES IN YIELD STRENGTH 
The average yield strength of all the points on the comer section was used to 
calculate the overall increase in yield strength of the section. The results for all 
the specimens are given in Tables 1 and 2. The maximum overall increase 
measured was 17% greater than the virgin metal. The was for the 3mm thick 
specimen bent to a 90° comer with the tightest radius of bends. 
EFFECT OF SPECIMEN TIDCKNESS 
There was a marked difference between the amount of strain hardening in the 
different thicknesses of specimen. The thicker the specimen the greater the 
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amount of work hardening observed. This is because the material towards the 
edges of the thicker specimens has to be defonned further to fonn the radius of 
bend and so is strain hardened to a greater extent. This was noted for both 90° 
and 45° bends, but was much clearer for the 90° bend. 
EFFECT OF RADIUS OF BEND 
The effects of the different corner radii was not as pronounced as the thickness 
effect, but in general the tightest bends for each thickness exhibited the greatest 
increases in yield strength. This was as would be expected from theory since the 
smaller radii of bend cause more local defonnation. 
EFFECT OF ANGLE OF BEND ON STRAIN HARDENING 
Comparison of the results for the 45° and 90° specimens, as expected, showed a 
greater degree of work hardening for the 90° specimens. These displayed increases 
in yield which were generally more than twice that of those found in the 45° 
specimens. This showed quite clearly the effect of the amount of cold-working on 
the increase in yield strength of the specimen. 
COMPARISON OF EXPERIMENTAL RESULTS AND DESIGN CODES 
There are two existing design methods filr predicting the strength increase in 
comer sections due to cold-forming. The fust is set down in BS 5950 Part 5 [2] 
(which deals with mild steels and is not applicable to stainless). The second is an 
adaptation for stainless steel Type 304 by Van Den Berg [5] of the American Iron 
and Steel Institute specification [4]. The experimental results were very much 
lower than those predicted by both theories. The BS equation in particular gave 
very high results. This is understandable when considering that the BS is not 
intended for use with stainless steel However, the poor correlation between the 
results from the hardness test approach and both design approaches causes much 
doubt as to the validity of this approach for stainless steel. In addition to this, a 
parallel investigation using a purely tensile test approach, as reported by Fenwick 
[6], showed much larger increases in yield strength. This suggests that the 
hardness test approach may not be reliable for measuring the yield strength of 
metals which work harden appreciably. However this approach does indicate the 
trends and provide a means whereby a pictorial mapping of variation of hardness 
and yield in the vicinity of cold fonned comers can be obtained. These effectively 
highlight the areas of greatest work hardening. 
CONCLUSIONS 
The results of this research were fairly mixed. They were quite effective in 
mapping the concentration of hardness and yield strength around the comer 
section and showing which areas were subjected to the greatest amount of strain-
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hardening during the bending process. They also identified the factors which 
affected the increase in yield strength - specifically the bend radius and thickness 
and the amount of cold forming. Quantitatively, however, the results were not as 
good as was initially hoped. The increases in yield strength measured were 
significantly smaller than either the design code predictions and the results of the 
tensile tests carried out. 
The reason for this lies in the relationships between hardness and yield strength 
used in the calculations. The Tabor equations relating hardness to yield strength 
gave poor results using the factor of 6.7, which was derived empirically on the 
basis that it gave a good correlation between the virgin hardness and tensile test 
results. This good correlation obviously does not extend to the strain hardening 
zone. Also the assumption that the relationship between the two properties is a 
linear one caunot be taken for granted for materials which work harden or even 
for areas ofthe same specimen which have been subjected to different degrees of 
work hardening. 
The experimental results do not provide a particularly accurate correlation with 
design codes, but they do at the very least produce a detailed map showing the 
trends of yield strength concentrations around cold-formed staiuless steel comer 
sections. As the results stand they do not seem accurate enough to be able to 
recommend hardness testing as a valid alternative to the more expensive tensile 
testing method. More needs to be known about the relationship between hardness 
and yield strength for cold-formed staiuless steel before the results can be used 
with confidence. 
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90 Degree Send Soo ;mern; 
Sp<!Cimen Thiclmess Inside El<pt El<pt Virgin Virgin as 5950 Van Den El<pt S55950 Van Den 
No (mm) Radius A ....... g. Virgin (0.2%) Fy UT5 Fy B.rg % % Berg % 
(mm) Comer Fy From From Fy Increase Increse Increase 
Yield Tenslle Tensile In YIeld In Yield InYI<lId 
Strength Test Test Stl'l!rl\lth Stl'l!rl\lth Strengtl1 
fill 300.31 281,42 290 690 491.54 344.43 6.71 69.50 16.77 SI-2 O. .9 316.26 293.13 290 453.04 331.04 7.69 56.22 14.15 289.21 293.13 290 420.60 317.77 -1.34 45.04 9.56 435.32 293.13 290 398.93 307.43 48.51 37.56 6.01 306.56 1 471.04 331.97 6.00 65.26 16.48 304,16 1 487.90 330.91 4,08 64.17 16.11 i S 2-3 0.66 6 3OO.n 288,74 265 661 453.56 325,93 4.17 59.18 14.36 
S2-4 0.66 7,5 299,08 287.56 285 681 421.77 313.49 4.00 47.99 10.00 
53-1 1.98 5.6 321,87 297.37 300 683 666,48 425.11 8.24 122.16 41.70 
53-2 1.99 5.9 31an 295.03 300 683 652,04 421.77 8,04 117,35 40,59 
53-3 1.97 6 322.76 299.79 300 683 644.01 419,87 7,66 114.87 39.96 
53-4 1.98 7.5 318.42 295,25 300 683 584,46 404.80 7.85 94.82 34.93 
54-1 3.34 5,5 344.96 293,66 288 669 853,23 438.01 17,39 196,26 52.09 
54-2 3.39 5,9 339.88 294.69 288 669 829.59 433.90 15.34 188,05 50.68 
54-3 3,37 6.7 339,88 294.06 288 669 775,67 69.33 47,28 
54-4 3,37 7,5 337.69 292.45 288 669 733.19 416.10 15,47 154.58 44,48 
Table 1 - Theoretical and Experimental Results: 900 Bend Specimens 
45 DeQr ... Bend _imens 
Specimen Thickness Inside El<pt Expt Virgin Virgin B55950 VanDen El<pt B55950 VanDen 
No (mm) Radius Average Virgin (2%)Fy UT5 Fy Berg % % 6«g % 
(mm) Comer Fy From From Fy Increa.., Increase Inc:rease 
Yield T"""ie Tensile In YIeld In YJe4d InYI<lId 
5trength Test Test 5trenQih Slrenqth 
51-5 0.67 9.B 298,25 290.49 290 690 36442~ 29.04 1.20 
S 1.0 0.68 11.3 299.13 290.79 290 690 374,21 i 25,68 -1.02 i 
51·7 0.67 13,2 299.13 287,56 290 690 353,06 278.67 4.02 21.74 -3.91 
51.0 0,67 15.7 296,20 288.44 290 690 343,23 270,40 2.69 18.35 .0.78 
52-5 0.88 13.2 306.45 295.47 285 681 364,57 284,06 3.72 27,92 -0,33 
52.0 0,87 13.3 307.62 294.89 285 681 364.88 264.26 4.32 28.03 -0,26 
52-7 0.86 14.1 307.33 359.84 280,82 3.60 26,19 -1.47 
S2.o 0.85 157 298.25 III 351.46 275,04 2.77 23.33 ·3.49 53-5 1,99 11.3 300.21 683 497.42 378.24 3.16 85.Bl 26.08 
-
14 307.51 300 683 460.05 364,18 3.31 53.35 21.39 
53-7 14,1 307,62 300 683 461.11 364,59 2,68 53.70 21.53 
~ 4-0 3.37 19.5 303.71 297,23 300 683 417.87 344.90 2,18 39,29 14,97 14 312.02 I2HI 549.39 374,31 4,99 90.76 29.97 15.6 300.06 297,57 669 524,57 367,29 3.53 82.14 27,53 54-7 3.36 19.5 306.67 460.49 353,41 3,60 68.84 22,71 54-0 3.37 20.5 305.04 472.32 350,59 3,22 64,00 21.73 
Table 2 - Theoretical and Experimental Results: 450 Bend Specimens 
Note: - All Yield strengths in MNlm' 
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AN EXPLICIT APPROACH TO DESIGN OF STAINLESS STEEL COLUMNS 
by 
Kim J.R. Rasmussen' and Jacques Rondal# 
Abstract: The paper describes a design procedure tor stainless steel columns failing by 
flexural buckling. In the approach, the stress strain-curve is assumed to be expressed as a 
Ramberg-Osgood curve, defined in terms of the initial modulus (Eo), the 0.2% proof stress 
(0"02) and the parameter n. It is shown that the column curve can be described in terms of the 
Ramberg-Osgood parameters by adopting a Perry-curve as basic strength curve and expressing 
the imperfection parameter in terms of Eo, 0"0.2 and n. 
By using a Pcrry-curve, the design proccdure is explicit. This contrasts thc iterative approach 
described in the ASCE-LRFD Specification for the Design of Cold-formed Stainless Steel 
Structural Members. The proposcd strength curves are compared with tests of stainless steel 
columns. It is shown that the coefficient of variation of the ratio of test strength to design 
strength is lower using the proposed design approach than using the ASCE Specification. Thus, 
the proposed approach is more accurate than that described in the ASCE Speeification. Being 
explicit it is also more efficient. 
Using the comparison with test results, the resistance factor to be used with the proposed 
design procedure is derived . 
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Stainless steel alloys are characterised by having a nonlinear (or round-house type) 
stress-strain curve with low proportionality stress and an extensive strain-hardening 
range. In the absence of a yield plateau, an equivalent yield stress is defined for design 
purpose, usually chosen as the 0.2% proof stress, (or off-set stress). In contrast to 
ordinary carbon steel, a large number of stainless steel alloys are available with vastly 
different chemical compositions and consequently different mechanical properties. It 
should therefore be recognised that in designing stainless steel structural members, one 
is dealing with a range of different materials. This contrasts carbon steel alloys which 
for all compression member design purposes can be modelled as bi-Iinear materials, 
only having different yield plateaus depending on the steel grade. A further 
complication is the pronounced susceptibility of stainless steel to strain hardening 
which has a strong influence on the change of mechanical properties caused by cold-
forming. For instance, research on stainless steel tubes (Rasmussen & Hancock, 1993) 
has shown that the 0.2% proof stress may be more than doubled by the cold-forming 
process. Such increases are unprecedented in carbon steel tubes, for which the cold-
forming process enhances the strength by 10-30%. 
The buckling strength of columns depends on the flexural rigidity and hence the 
stiffness of the material. While carbon steel maintains its initial stiffness until yielding, 
the stiffness of stainless steel decreases gradually as the stress level increases, 
Consequently, the ASCE Load and Resistance Factor Design Specification for the 
Design of Cold-formed Stainless Steel Structural Members (ASCE, 1990) uses a 
tangent modulus approach for the flexural design of columns, A different approach is 
specified in the draft Part I A of Eurocode3 (1995) for stainless steel structural 
members which uses a Perry-curve and an imperfection parameter of the type Tl 
a(;t~~). The values of a and ~ are different from those for carbon steel columns 
specified in Part 1.1 of Eurocode3 to account for differences between the mechanical 
properties of carbon steel and stainless steel alloys. 
There are shortcomings to both of these design approaches: The tangent modulus 
approach leads to an iterative design procedure, while the selection of a and ~ in Part 
I A of Eurocode3 is limited to a few stainless steel alloys for which test results are 
available. Unlike the ASCE Specification, Part IA of Eurocode3 is not applicable to a 
wide range of stainless steel alloys with significantly different mechanical properties. 
The purpose of this paper is to describe a general approach to the design of stainless 
steel columns failing by flexural buckling, This is achieved by firstly defining the 
mechanical properties in terms of the Ramberg-Osgood parameters (Eo, 0'0.2, II), which 
are assumed to have been obtained from curve fits of measured stress-strain curves of 
the finished product. Secondly, a Perry curve is adopted as strength curve by 
modifying the imperfection parameter to be expressed in terms of Eo, 0-0.2 and II. This 
procedure was described in detail by Rasmussen & Rondal (1995) for metal columns in 
general, and is applied to stainless steel columns in the present paper. Using the 
approach, it proves possible to define the column curve for allY stainless steel alloy in 
terms orits Ramberg-Osgood parameters. The proposed design procedure is compared 
with tests of stainless steel columns and shown to be more accurate than the tangent 
modulus approach used in the ASCE Specification. 
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Explicit design approach 
It is shown in Rasmussen & Rondal (J 995) that the nondimensional column strength 
for flexural buckling (x) can be calculated using the Perry-curve, 
x = ~--r======= (1) 
(2) 
where the imperfection parameter, 
T7=a((,t AI)P AD) (3) 
is expressed in terms of the parameters e =0"0.2IEo and n as follows: 
a(n,e) LS 0.002 
[ 
(0.00,") J +----0.6 IITf +1.4 e (e O.6 +0.03) n'e . + 13 
(4) 
fJ( ,) -- 0.36exp( ~Il) 'h(.~ 6 x 10- 6 J\ n,r: - 045 + tan + +0.04 
e· + 0.007 J 80 
(5) 
( \ 
Ao(n,e) 0.82l e OOIn I:?; 0.2 
e +0.0004 I 
(6) 
.,(n,'l ~ 0.8 ' r1-r' ~~S0054 '1°.6]1 
e+0.00J8 i 11+ e . 
l \. e +0.0015 
(7) 





where O"u , Land r are the ultimate stress, effective length and radius of gyration 
respectively. 
Equations (3-7) were derived by adjusting the functions a, fJ. ~ and AI to produce 
close fits to column strength curves obtained using advanced finite element analyses of 
square hollow sections. The functions have been shown to be accurate within the 
ranges e E [0.00LO.008J and n E [3,00[, which cover the structural stainless steel 
alloys used in practice. 
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The finite element analysis used in Rasmussen & Rondal (1995) was a geometric and 
material nonlinear analysis (Clarke, 1994) which allowed the stress-strain curve to be 
defined by a Ramberg-Osgood curve, The analysis has previously been shown 
(Rasmussen & Hancock, 1992) to be in close agreement with tests of beams, In 
Appendix III, the analysis is compared with tests of rectangular stainless steel columns, 
For the six columns analysed in Appendix III, the maximum discrepancy between the 
finite element strengths and test strengths is 4.3%, The average discrepancy is 2,8%, 
Thus, the finite element strengths and hence the proposed strength curves are 
considered accurate, 
In the finite element analyses, the material properties were assumed to be the same 
through-out the cross-section. Thus, the stress-strain curve was assumed to have been 
derived from a stub column test which included the effect of residual stress. This 
approach circumvented the complexities associated with modelling accurately 
variations of proof stress around the tube and incorporating residual stresses in the 
finite element model. The columns were assumed to have sinusoidal overall geometric 
imperfections of magnitude 111500 times the length, This magnitude corresponded to 
the statistical mean of imperfections of carbon steel columns, as suggested by 
Bjorhovde (1972), The finite element analysis precluded local buckling deformations, 
Comparison with tests 
The design strength defined by eqns (1-\0) and the design strengths obtained using the 
ASCE-LRFD Specification for the Design of Cold-formed Stainless Steel Structural 
Members (ASCE, 1990) are compared with tests of stainless steel columns in this 
section. The philosophy adopted in the ASCE Specification is to base the column 
strength on tests of concentrically loaded members and to incorporate the effect of 
geometric imperfections by using a relatively low resistance factor. This is consistent 
with using the tangent modulus approach for column design, Accordingly, the design 
strengths are compared with test strengths of concentrically loaded columns (Johnson 
& Winter 1966, Rasmussen & Hancock 1993, Hyttinen 1994), 
According to the ASCE Specification, the nondimensional column strength shall be 
determined as, 
x = "'" 7[2 ;'1 :s; 1 
(L/ r) aO.2 
(Il) 
where the tangent modulus (Et ) may be expressed as a function of the buckling stress 
(au) and the Ramberg-Osgood parameters, 
( ~ "-1 Eo au 1 +0,002n-~ -""'-, 
aO.2 ao.zJ 
E I (12) 
The Ramberg-Osgood parameters of the specimens of each test series are summarised 
in Table I, The parameters were obtained from stub column tests and so included the 
effect of residual stress. The specimens tested by Johnson & Winter (1966) were 
produced from austenitic AISI 304 annealed and skin-passed cold-formed sheets, The 
specimens tested by Rasmussen & Hancock (1993) and Hyttinen (1994) were cold-
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rolled from annealed flat sheets. Rasmussen & Hancock tested austenitic 304L alloy 
specimens while Hyttinen tested austenitic 304 and ferritic 409 specimens. In all tests, 
local buckling did not occur prior to the ultimate load. 
The design strengths are compared with test strengths in Table 2, in which the ratio 
(13) 
is the nondimensional test strength divided by the nondimensional design strength. The 
reductions of test data were made using the measured values of section and material 
properties. It follows from the table that the coefficient of variation of P is 0.115 and 
0.145 for the present design procedure and the procedure specified in the ASCE 
Specification respectively. Consequently, the present design procedure is more 
accurate. 
The mean of P is 1.23 and 1.14 for the present design procedure and the procedure 
specified in the ASCE Specification respectively, as also shown in Table 2. Thus, the 
design strengths derived using the present design procedure are generally lower than 
the test strengths, and are lower than those obtained using the ASCE Specification. 
This is a consequence of the fact that the present design procedure is based on analyses 
of members with overall geometric imperfections of 1/1500 of the length, while the 
tangent modulus approach used in the ASCE Specification is based on geometrically 
perfect members. However, from a design point of view, the mean value of P is less 
significant than the coefficient of variation of P. As shown in the following section, the 
resistance factor (4)) is proportional to the mean value of P for a given value of 
reliability index (fir), and so an increase of the mean value (Pm) simply leads to a 
proportional increase of 4>. In contrast, greater values of the coefficient of variation 
(Vp) lead to a reduction of 4>. 
Reliability analysis 
The LRFD calibration of the ASCE Specification is described in Lin et aL (1988). 
Consistent with this reference, the present reliability analysis is based on a load 
combination of 1.2 Do + 1.6L" , where Do and Lo are the nominal values of dead and live 
load respectively, and the resistance factor (4)) is determined at DnILo=0.2. 
Consequently (see Commentary of ASCE (1990) or Lin et aL (1988)), the reliability 
index (fir) is calculated as 
In(~~)v 
Jv~ +vJ R (14) 
where Mm and Fro are the mean values of the random variables M and F which account 
for variability of nominal material and geometric properties respectively, and VR and VQ 






In eqns (15, 16), V~h VF, Vn and VL are the coefficients of variation of the random 
variables M, F, D and L respectively. The values used in calibrating the ASCE 
Specification were, Mm=l.l, Fm=LO, VlIJ=0.1, VF=0.05, Vn=0.1 and VL=0.25. The 
random variable P accounts for variability in the design model such that its mean value 
(Pm) and coefficient of variation (Vp) are those summarised in Table 2. It follows from 
eqn. (14) that by scaling the mean Pm, the same value of reliability index (fJ,) is 
achieved by scaling the resistance factor (<1» by the same value. 
The reliability index is drawn against the ratio DulLn in Figs 1 and 2 using the values of 
Pm and Vp obtained from the present design procedure and the ASCE Specification 
respectively. In calibrating the ASCE Specification, the target reliability index (for 
members) was chosen as 3.0 (Lin et ai., 1988). This value produced a resistance factor 
of 0.85. It follows from Fig. 1 that the target reliability index of3.0 can be achieved for 
the present design procedure at DulLn=0.2 by choosing a resistance factor of 0.9. 
Similarly, it follows from Fig. 2 that a resistance factor of 0.8 should be selected for 
the ASCE Specification in order to achieve a target reliability index of3.0. This value 
is less than the value of 0.85 specified in the ASCE Specification because the 
calibration described herein is based on tests with slightly greater variability than those 
used in the calibration described in Lin et at. (1988). 
Proposed design procedure 
General 
In formulating design rules for cold-formed stainless steel members, a distinction needs 
to be made as to whether the forming process significantly alters the mechanical 
properties or not. For instance, if the section is brake-pressed, the mechanical 
properties are unchanged, (excepting the corner regions which are usually small), and 
hence the properties can be assumed to be those of the sheet from which the product 
was pressed. In this case, the properties provided by the ASCE Specification can be 
used for design. Conversely, if the section is cold-rolled, the mechanical properties are 
significantly changed by the forming process, and hence an accurate and economical 
design procedure requires that the properties be based on the finished product. In this 
case, the mechanical properties should be based on stub column tests of the finished 
product, or, if these are affected by local buckling, the properties should be based on 
compression tests of coupons cut from the finished product. 
Material properties obtained from the ASCE Specification 
In cases where the mechanical properties can be based on those of the sheet from 
which the section was formed, the mechanical properties listed in the ASCE 
Specification can be used to calculate values of the a. fJ, An and AI parameters defining 
the imperfection parameter. For this type of product, the material statistical data is as 
used above (Mm= l.l, VlIJ=O.l) and consequently, the resistance factor derived above is 
directly applicable. 
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The Ramberg-Osgood parameters of the most common structural alloys are shown in 
Table 3, as obtained from the ASCE Specification. The corresponding values of a, fl, 
~ and AI are also shown in the table. 
It is proposed that the column strength (<1>Pm) be determined using 
<1> 0.9 (17) 
l~, X (J 02 Ae (l8) 
where Ac is the effective area and X is determined using eqns (1-3) in conjunction with 
the values of a, fJ, ~ and ,11 specified in Table 3. 
For the purpose of comparing the nominal strengths produced using the proposed 
design procedure and the ASCE Specification, the nondimensional column strength ex) 
is shown in Figs 3 and 4 for annealed AISI 304 alloy and AISI 409 alloy respectively, 
as obtained using the two design approaches. It appears from the figures that the 
proposed design curves are lower than the curves obtained using ASCE Specification. 
As explained previously, this is a result of the fact that the proposed design procedure 
is based on analyses of geometrically imperfect columns while the ASCE Specification 
is based on tests for which the geometric imperfections were negligible. As also 
explained, this difference is taken into account in selecting the resistance factor. The 
variations of the strength curves with A are similar for the 304 alloy, as shown in Fig. 
3. Some difference between the strength curves is observed for the 409 alloy in the 
intermediate slenderness range, as shown in Fig. 4. The main difference between the 
alloys is the exponent n which equals 4.1 and 9.7 for annealed 304 and 409 alloy 
respectively. These values are the minimum and maximum values of n specified in the 
ASCE Specification. 
Material properties obtained from stub column tests 
When a section is produced by a process that significantly changes the mechanical 
properties, it may become uneconomical to base the design on the properties of the 
virgin plate or coil. In this case, it is proposed that stub column tests or compression 
coupon tests be performed to determine the Ramberg-Osgood parameters of the 
finished product. Having obtained the properties of the finished product, the 
nondimensional column strength ex) can be obtained using eqns (1-10), and the 
nominal column strength can be obtained using eqn. (18). 
However, it is likely that the mechanical properties will be based on only a few tests. In 
the reliability analysis described above, the mean and coefficient of variation of the 
variable M were assumed to be I. JO and 0.1 respectively. The mean value was higher 
than unity because the mechanical properties listed in the ASCE Specification were 
selected (Johnson, 1966) as 90 % fractile values obtained from a large number of 
coupon tests. If the mechanical properties are based on the mean of a few stub column 
tests only, it is reasonable to choose values of ivfm and V;,,! of 1,0 and 0.1 respectively. 
In this case, the reliability index varies as shown in Fig. 5, and it follows that the 
resistance factor should be chosen as, 
<1> 0.85 (19) 
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in order to obtain a target reliability index ofJ.O at a value of D,ILn of 0.2. 
Conclusions 
A design procedure has been described for stainless steel columns failing by flexural 
buckling. The procedure adopts a Perry-curve as strength curve and expresses the 
imperfection parameter in terms of Ramberg-Osgood parameters. The procedure is 
explicit and applicable to any stainless steel alloy. It is shown that the procedure leads 
to a smaller coefficient of variation than the iterative procedure currently used in the 
ASCE Specification when compared with tests. Thus, the proposed procedure is 
advantageous on two counts: It is explicit and more accurate than the current method 
ofthe ASCE Specification. 
The resistance factor to be used with the proposed design method has been derived 
using a target reliability index of 3.0. Depending on whether the mechanical properties 
are based on those provided by the ASCE Specification or obtained from stub column 
or coupon tests, the resistance factor was obtained as 0.9 and 0.S5 respectively. The 
proposed design procedure provides a simple way of incorporating the effect of cold-
forming in design. It requires only that stub column tests be performed to obtain the 
Ramberg-Osgood parameters of the finished product. 
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Nondimensional yield stress, (e=ao.2IEo) 
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Tangent modulus 
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Mean value of F 
Second moment of area about x-axis 
Effective column length 
Dead Load 
Mean and nominal values of L 





















Mean value of M 
Exponent in Ramberg-Osgood expression 
Ratio of test strength to design strength 
Mean value of P 
Nominal column strength 
Test strength 
Finite element strength 
Radius of gyration 
Lateral deflection at midspan 
Geometric imperfection at midspan 
Coefficients of variation of M,F and P 
Coefficients of variation of D and L 
Coefficients of variation of Q and R, see eqns (15,16) 
Parameter used to define the imperfection parameter (17) 
Parameter used to define the imperfection parameter (17) 
Reliability index 
Imperfection parameter 
Column slenderness, (2 )ao.2 I aEo ) 
Parameter used to define the imperfection parameter (17) 
Parameter used to define the imperfection parameter (17) 
Ultimate stress 
Flexural buckling stress based on Eo 
0.2% proof ( or off-set) stress 
Parameter used to define the nondimensional column strength ex) 
Resistance factor 
Nondimensional column design strength 
Appendix III: Verification of finite element analysis for 
compression members 
The finite element analysis described and applied by Clarke (1994) is compared with 
tests ofrectangular hollow section (RHS) stainless steel columns (Talja & Salmi, 1995) 
in this appendix. The test program comprised three cross-sections, referred to as RHS-
1, RHS-2 and RHS-3. Of these, only sections RHS-l and RHS-3 have been included in 
the present comparison because section RHS-2 was slender and hence the strengths 
were influenced by local buckling. This phenomenon could not be modelled in the finite 
element analysis which precluded local buckling deformations. 
The specimens were tested between pinned ends that only allowed rotations about the 
major x -axis. The geometric and material properties of the Series RHS-l and RHS-3 
specimens are shown in Table 4, in which A and Ix are the cross-section area and 
second moment of area about the x-axis respectively. In the fmite element analysis, 
only half of the cross-section was modelled using symmetry. Five monitoring stations 
were used along each half-flat and each corner of the cross-section. Similarly, five 
monitoring stations were used through the thickness. No residual stress was included 
in the model except for its influence on the stress-strain curve. The columns were 
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divided into 10 elements longitudinally. Three monitoring stations were used along 
each element using 3rd order Gaussian integration. This discretisation was the same as 
that used in Rasmussen and Rondal (1995). The overall geometric imperfections (vo) 
were assumed to be sinusoidal with magnitudes at the centre equal to the measured 
values reported by Talja & Salmi (I 995), as shown in Table 5. A magnitude of Lll500 
was used for those specimens for which no geometric imperfection was reported. 
The tests and finite element results are compared in Table 5 and Fig. 6. Table 5 details 
the ultimate loads obtained in the tests (Pu,exp) and using the finite element analysis 
(Pu,FE), while Fig, 6 shows the load-deflection curves (P vs v) for the six specimens 
analysed, The experimental curves shown in Fig, 6 were obtained from Appendix 3/1 
of Talja & Salmi (J995). In Table 5, L is the pin-ended length equal to the distance 
between the axes of the end-bearings of the test 
It follows from Table 5 that the ultimate loads obtained from the finite element analysis 
are equal to the test strengths to within 4.3%. On average, the discrepancy between the 
test strengths and the finite element strengths is 2.8%, Thus, the ultimate strengths are 
in close agreement. As shown in Fig, 6b, there is some difference between the 
measured load-deflection curves and the finite element results for the Series RHS-3 
specimens, The discrepancy is primarily attributed to differences between the measured 
and modelled geometric imperfections. Generally, the initial stiffuess of the finite 
element curves is higher than the measured values. The agreement is good for all Series 
RHS-l specimens, as shown in 6a, 
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Reference Alloy Section type Eo 0'0.2 n 
(MPa) (MPa) 
Johnson & Winter (1966) 304 I 204100 238 4.1 
Johnson & Winter (1966) 304 box 204100 238 4.1 
Rasmussen & Hancock (1993) 304L SHS 191000 440 3,0 
Rasmussen & Hancock (1993) 304L CHS 201000 380 6.0 
Hyttinen (1994) 304 SHS-\ 194000 482 2,61 
Hyttinen (1994) 304 SHS-2 192000 478 2,92 
Hyttinen (1994) 304 SHS-3 193000 585 2.43 
Hyttinen (1994) 409 SHS-4 195000 482 3.05 
Hyttincn (1994) 409 SHS-5 195000 463 3.14 
Hyttincn (1994) (ferritic) SHS-6 204000 536 2.81 
Hyttincn (1994) (ferritic) SHS-7 201000 508 3,00 
Table 1. Ramberg-Osgood parameters of test specimens 
Present paper A8CE Specification 
Reference Type Vr A au Z (au! 00')/ Z Z (au! ao.2)! Z 
MPa 
Johnson & Winter (1966) I 36.84 0.400 295 0.906 1.37 0,936 1.33 
1 45,74 0,497 255 0.794 1.35 0,829 1.29 
I 54.44 0,592 230 0,717 1.35 0,744 1,30 
I 59.68 0.649 204 0.677 1.27 0.702 1.22 
I 70,69 0.768 182 0,604 1.27 0.629 1.22 
I 79.88 0.868 164 0.550 1.25 0.577 Ll9 
I 99.96 1.09 ]24 0.448 Ll7 0.484 1.08 
I 130m 1.41 93.7 0.328 1.20 0.374 LOS 
I 158.19 1.72 66.6 0.249 Ll3 0.292 0,958 
I 177.03 1.92 56.1 0.209 L13 0.247 0.954 
Johnson & Winter (1966) box 37.25 0.405 321 0.900 1.50 0.930 1,45 
box 55.66 0,605 250 0,707 1,48 0.733 1.43 
box 72.37 0,787 201 0.594 1.42 0.619 1.36 
box 81.62 0,887 195 0,541 1.51 0.568 1.44 
Rasmussen & Hancock (1993) SHS 46 0,703 434 0,820 1.20 0,783 1.26 
SHS 79 1.21 215 0,437 112 0.449 1.09 
SHS III 1.70 107 0.262 0,925 0.286 0.848 
Rasmussen & Hancock (1993) CBS 42 0.581 360 0.792 1.20 0.837 Ll3 
eHS 70 0.969 254 0.584 1.19 0,636 1.09 
CBS 99 L37 187 0.396 1.24 0,466 L06 
CBS 127 1.76 124 0.271 1.20 0.317 1.03 
Hyttinen(1994) SHS-I 196 3.11 50.3 0.0890 Ll7 0.0985 1.06 
SHS-2 145 2.30 84.7 0.IS8 1.12 0.175 1.01 
SHS-3 108 1.89 138 0.214 LlO 0.233 1.02 
SHS-4 195 3.08 52.4 0.0939 1.16 0.103 1.06 
SHS·5 144 2.23 83.2 0.168 1.07 0.187 0.959 
SHS·6 194 3.17 53.5 0.0880 L14 0,0964 1.04 
8118-7 144 2.31 86.9 0.158 L08 0,175 0.977 
Mean (Pm) 1.23 L14 
Coefficient of variation (Vp) 0.115 0.145 
Table 2. Comparison of design strengths with test strengths 
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: Property Alloy and hardness 
201, ~Ol, 304, 316 409 430,439 
annealed 1I16-hard 1I4-hard II2-hard 
: Eo (MPa) 193100 193100 186200 186200 186200 186200 
0"0.2 (MPa) 193.1 282.5 344.8 448.2 206.9 275.8 
n 4.10 4.10 4.58 4.22 9.70 6.25 
a 1.56 1.45 1.29 1.27 0.74 1.07 
fJ 0.27 0.22 0.16 0.16 0.18 0.14 
}>{) 0.55 0.61 0.64 0.67 0.52 0.59 
il,t 0.21 0.29 0.37 0.39 0.20 0.34 
Table 3. Ramberg-Osgood parameters specified in ASCE-LRFD Specification and 
corresponding values of a, fJ, Ao and A.I 
Series Eo 0"02 e n A Ix 
(MPa) (MPa) (mm2) (mm') 
Rl-IS-I 192000 569 0.00296 3.39 999 4.896x 10' 
I Rl-IS-3 192000 385 0.00201 3.33 2683 8.189 x 10' 
Table 4. Material and geometric properties of test specimens (Talja & Salmi, 1995) 
Series Specimen L Va Pu,"'P Pu,FE Error 
(mm) (mm) (kN) (kN) (%) 
Rl-IS-I CC-2 1050 - 417 406 2.6 
CC-3 1700 235 225 4.3 
CC-4 2350 - 137 137 0 
Rl-IS-3 CC-2 2700 1 830 806 2.9 
CC-3 4350 - 488 470 3.7 
CC-4 6000 2 306 317 3.6 
Table 5. Comparison of finite element strengths with test strengths 
~r 
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Fig 2: Reliability index, ASCE-LRFD Specification 
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GJ van den Berg2 
SYNOPSIS 
In this study the effect of the non-linear behaviour of stainless steels on the local buckling strength 
of partially stiffened compression elements is studied. The steel under investigation is a Type 304 
stainless steel. Doubly symmetric hat section columns were manufactured by a press braking 
process and tested as stub columns to exclude overall buckling interaction. The different plasticity 
reduction factors . suggested in the ASeE3 stainless steel design specification for stiffened and 
unstiffened compression elements are used to compare experimental results with theoretical 
predictions. 
It is concluded that the ASeE3 and South African!3 stainless steel design specifications 
overestimate the local buckling stress as well as the ultimate strength of partially stiffened stainless 
steel compression elements. The experimental results compare well with the theoretical 
predictions when the two plasticity reduction factors are used. 
GENERAL REMARKS 
In recent years, the use of stainless steel has increased in architectural and structural applications 
because of its pleasing appearance. This makes stainless steel a popular choice since an increasing 
number of buildings are built with structural elements exposed to view. Stainless steels are highly 
resistant to corrosion, making it an ideal material in corrosive atmospheres and in many other 
special applications. 
In contrast to carbon steels, stainless steels yield gradually under load. Due to the non-linear 
stress-strain relationship of stainless steels the design specifications for carbon and low alloy steel 
cannot be used. It is thus necessary to develop separate design criteria for stainless steels. For the 
overall stability of members the ASeE3 and South African13 stainless steel design specifications 
make use of plasticity reduction factors for design in the inelastic stress range. For overall stability 
the initial elastic modulus is replaced by the'tangent modulus. 
Johnson9 and Wangl6 investigated the stability of stainless steel stiffened and unstiffened 
compression elements. Based on their work the ASeE3 design specification for stainless steel 
1. Research Assistant in the Chromiwn Steels Research Group In the Department of Civil Engineering at the 
Rand Afrikaans University, 
Associate Professor of Civil Engineering in the Department of Civil Engineering in the Faculty c:i 
Engineering at the Rand Afrikaans University. 
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structural members recommended that certain plasticity reduction factors could be used but that 
the effective width of these element'! could be determined without using any plasticity reduction 
factors. It was found that this was in good agreement with experimental results. 
No work was done at that stage on the stability of partially stiffened stainless stecl compression 
elements. In this study the effect of the non-linear behaviour of stainless steels on the stability of 
partially stiffened compression elements is studied. The plasticity reduction factors recommended 
by Johnson9 and Wang16 will be used to determine the validity of their application to determine the 
effective width of partially stiffened compression elements. In this study it was decided to test 
doubly symmetric hat section columns. Because of the wandering centroid problem singly 
symmetric sections could not be used4•1l • 
THEORETICAL MODEL 
Mechanical Properties 
The average stress-strain curves can be drawn by using the Ramberg-OsgoodlO equation as revised 
by HillS. A detailed discussion of the Ramberg-OsgoodlO equation is given in Reference 14 and 
15. The revised equation is given by Equation 1. 










Eo initial elastic modulus 
fY yield strength 




Th.e tangent modulus, E" is defined as the slope of the stress-strain curve at each value of stress. It 
is obtained as the inverse of the first derivative with respect to strain and can be computed by 
using Equation 3. 
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E, Eq3 
The secant modulus, Es. is defined as the stress to strain ratio at each value of stress and can be 
computed by using Equation 4. 
Eq4 
Critical Buckling 
The small deflection theory for the equilibrium of plates can be used to calculate the critical local 
buckling stress of a stiffened, unstiffened or partially stiffened compression element. Many 
researchers have suggested different approximate or more exact theories to calculate the critical 
local buckling stress in the inelastic stress range. Equation 1 can be used to calculate the critical 
local buckling stress for an isotropic plate in the inelastic stress range. 
fer 
where 
11k:n: Z Eo 
12(1 ..... v z)(W/t)2 
,fer critical local buckling stress 
11 plasticity reduction factor 
k buckling coefficient 
Eo initial elastic modulus 
v Poisson's ratio 
11' flat width of the element 
thickness of the element 
Eq5 
The buckling coefficient k depends upon the edge rotational restraint, the type of loading and the 
aspect ratio of the plate, The buckling coefficients for the different plate elements under 
consideration can be summarised as follows. 
k = 0.425 
k=4 
0.425 <k<4 
for unstiffened compression elements 
for stiffened compression elements 
for partially stiffened compression elements 
Several theories have been developed for the determination of the plasticity reduction factors for 
different types of compression elements. Johnson9 and Wang16 showed the validity of the 
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following plasticity reduction factors for the detennination of the critical local buckling stress for 
stainless steel structural members. 
T] = 1 for elastic buckling for carbon steel compression members 
T] = E, I for buckling of unstiffened compression elements 
T] = (EI lEo) lI2 for buckling of stiffened compression elements 
The above three plasticity reduction factors will be used in this study to compare the theoretical 
predictions with the experimental critical local buckling stresses. 
Post buckling 
For the theoretical calculation of the post buckling strength of partially stiffened compression 
elements the model suggested by the Canadian6 and South Africanl2 carbon steel cold-fonned 
design specifications. which is similar to the ASCE3 stainless steel specification. will be used. The 
proposed South African13 stainless steel design specification is similar. The equations in the above 
specifications will be revised to take into account the non-linear behaviour of stainless steels in the 
inelastic stress range by introducing plasticity reduction factors. The procedures described in the 
South African12 and Canadian6 carbon steel cold-fonned design specifications and the proposed 
South Africanl3 stainless steel design specification will be followed. 
The design procedure to calculate the effective width of partially stiffened compression elements 
are divided into three categories. Case 1 deals with compression flanges that is fully effective, 
even if it has no lip and it is an unstiffened compression element. For this case it is not necessary 
to add a stiffener lip to the one side of the compression flange. The effective area of the 
compression flange is thus equal to the full unreduced area of the compression element. Only the 
stiffener lip has to be checked for local buckling. Figure 1 gives a general layout of a partially 
stiffened compression element. 
f (Compression) 
Figure 2 Typical Partially Stiffened Compression Element 
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The following equations are used in all the cases. 






Wlim1 < W:O; Wlim2 
400t4[~_~0.425]3 
Wlim2 4 









Table 1 Values Buckling Coefficient k 
Case Ir d,lw<0.25 0.25 < d/w < 0.8 
1 k=4 k=4 
2and3 Ir? 1 k==4 k 5.25 - Sdi / w 
Ir < 1 k = 3.571; + 0.43 k = [4.82 - Sdi / IV]I; + 0.43 
Note: d/t:O; 14 
n= 25 _ 37W ~ f 1 ; n? 
43 192 11Eo 3 
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Case 3 W>Wlim2 
Eq13 
For the Cases 1 to 3 the value of the buckling coefficient k is calculated from the equations given 
in Table 1. The value for n is recommended by Schuste? 
where 
Wli",! the limit for the flat width ratio above which an unstiffened compression element 
will buckle 
WIim2 the limit for the flat width ratio above which a stiffened compression element will 
buckle 
11 plasticity reduction factor 
k buckling coefficient for different types of compression elements 
Eo initial elastic modulus 
f maximum stress in the compression element 
B effective width ratio bIt for compression elements 
W flat width ratio wIt for compression elements 
b effective width for compression elements 
w flat width of compression elements 
thickness of steel 
de effective width of the stiffener 
dr reduced effective width of the stiffener 
EXPERIMENTAL PROCEDURE 
Mechanical Properties 
Uniaxial tensile and compression tests were carried out on specimens taken from the steel in the 
longitudinal and transverse directions. 
The tensile tests were carried out in accordance with the procedures outlined by the AS1M 
Standard A370-772• The compression test specimens were mounted in a specially manufactured 
test fixture which prevents overall buckling of the specimen about the minor axis. Average strain 
was measured by two strain gauges mounted on either side of the specimen in a full bridge 
configuration with temperature compensation. References 14 and 15 can be consulted for a 
detailed discussion of the testing procedure. 
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StubColumm 
The average overall dimensions of the stub-column specimens tested are given in Table 2. Stub 
columns were tested to exclude the effect of overall buckling interaction. In order to exclude 
overall buckling of the columns, the length of the specimens had to be kept short. The columns 
also needed to have sufficient length so that the local buckling stress does not depend on the 
aspect ratio of the flange. Any such dependence would prevent the application of results .obtained 
in the design of cold-formed columns where such short lengths are seldom encountered. The 
AISII specification recommends that the length should be less than 20 times the minimum radius 
of gyration and be larger than three times the largest dimension. 
Table 2. Dimemions of Stub Columns 
I No L A B C 
mm mm mm mm 
50x20 200 63.40 50.03 20.00 
50x25 200 63.95 50.04 25.00 
70xl0 300 83.83 69.98 9.88 
70x15 300 83.90 69.90 15.00 
70x20 300 82.80 70.00 20.01 
70x25 300 82.80 69.84 24.90 
90x15 350 103.48 90.09 14.96 
90x20 350 103.55 89.86 19.91 
90x25 350 103.45 90.08 25.15 
110x10 400 123.75 109.88 10.00 
HOx15 400 123.10 109.75 14.98 
1l0x20 400 123.15 110.13 19.88 
130xl0 450 143.25 130.15 9.68 
130x15 450 142.40 130.03 14.85 
130x20 450 143.50 130.05 19.95 
130x25 450 142.55 130.03 24.93 
150xl0 500 163.15 150.20 10.00 
150x20 500 162.90 150.51 19.85 
150x25 500 163.38 150.21 25.05 
170x20 600 182.98 170.33 19.88 
The stub column is loaded statically and readings were taken every half second. The test is 
continued past the forming of local buckling waves, until ultimate failure is reached when the 
compressive force starts to decrease. 
In this study the local and post buckling behaviour of hat-sections were investigated. The different 
profiles were formed through a press brake process. Hat sections were selected because of the 
ease in applying strain gauges to both sides of the stiffener. Since the problem of a wandering 
centroid is encountered in the case of singly-symmetric cold-formed members due to the formation 
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of an effective section and the resulting shift in the neutral axis. the sections were spot welded 
back-to-back to form a doubly symmetric section. 
During fabrication a supporting plate was placed between the two webs as some specimens would 
not have had a fully effective web even with the double thickness provided. The plate was cut to 
the same size as the flat width of the web. The ends of the columns were machined flat and 















Figure 2 Dimensions and Detail of Hat Sections 
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The specimen cross-sections were proportioned in such a way to observe all the local buckling 
modes. In order to cover the whole range of variables governing element behaviour, the flat width 
of the flanges as well as the stiffener sizes were varied. The thickness of the sheet was 1.6 rom 
and the inside radius was 1.6 mm. 
The location of the strain gauges is shown in Figure 2. The placement of the strain gauges enables 
the detection of all the local buckling modes. The strain gauges mounted on the stiffener are used 
for alignment of the stub-column as well as to indicate the presence of the local plate buckling 
mode. The strain gauges mounted on the flange are used to detect the flange stiffener buckling 
mode. The strain gauges mounted on the flange-stiffener junction are used to detect distortional 
buckling, which refers to the out-of-plane movement of the junction. 
The stub columns were placed in a 500 kN Instron universal testing machine between two 
specially manufactured end plates. For the tests a fixed end plate was used at the bottom and an 
adjustable end plate was used at the top. A ball bearing was placed between the top end plate and 
the Instron end plate. This assembly was held in place by four bolts which were loosened during 
the alignment procedure. The specimens were placed in such a way that the compression load was 
applied through the centroid of the doubly symmetric hat section. A pre-load of approximately 
15% of the failure load is applied for the initial set-up of the specimen. Adjustment of the column 
is done until the strain gauges in the middle of the section do not differ by more than 5%. The 
pre-load was removed and the actual testing of the column is started. 
DISCUSSION OF RESULTS 
Mechanical Properties 
Type 304 steel yields gradually under load. This is in contrast to carbon and low alloy steels for 
which the transition to yielding is clearly noticeable. The mechanical properties, determined from 
experimental stress-strain curves, are given in Table 3. 
Table 3 Mechanical Properties 
Property 
Initial Elastic Modulus Eo (GPa) 
Yields Strength.& (MPa) 
Proportional Limit/;' (MPa) 

























Equations 1 and 2 have been used together with the values in Table 3 to produce analytical stress-
strain curves as shown in Figure 3. 
Stub Column Tests 
The experimental results and the theoretical predictions using the three plasticity reduction factors 
for the critical local buckling stresses and the ultimate strengths for the stub columns are given in 
Table 4 and in Figures 4 and S. 
The experimental critical local buckling stresses are compared with the theoretical predicted local 
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Figure 3 Stress-Strain Curve for Type 304 Stainless Steel 
Eq14 
It is not possible to draw a general curve for the critical buckling stress against the ratio of the lip 
to web flat width because of the many variables involved in the equations. It was thus decided to 
551 
plot the results for the experimental results and the theoretical predictions separately and draw for 
each set of results a straight line through a process of linear regression. From Figure 4 it can be 
seen that the theoretical prediction using no plasticity reduction factor as recommended by the 
AISI1, South Africanl2 and Canadian6 carbon steel as well as the ASCE3 and South African13 
stainless steel design specifications overestimates the critical local buckling stresses. The 
theoretical predictions using the other two plasticity reduction factors compare well with the 
experimental results. The following symbols apply in Table 4. 
!e experimental critical local buckling stress 
/cr theoretical critical local buckling stress using no plasticity reduction factor 
!e theoretical critical local buckling stress using the secant plasticity reduction factor 
approach 
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Figure 4 Critical Local Buckling Strength of Sections 
0.6 
The experimental results and theoretical prediction for the ultimate capacities of the stub columns 
are given in Table 4 atld in Figure 5. Since it is not possible to draw a general theoretical curve for 
the theoretical predictions, straight lines determined through a process of linear regression are 
drawn through the different sets of results. 
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From Table 3 it can be seen that for djw > 0.2 and wit > 50 the ultimate capacities are 
overestimated by the elastic theory with no plasticity reduction factor. For djw > 0.2 and wit < 
50 the experimental results are in good agreement with the elastic theoretical predicted strengths. 
For all the columns with djw < 0.2 the theoretical predictions, using no plasticity reduction factor, 
are greatly overestimated. Out of plane movement of the flange stiffener junction (distortional 
buckling) was observed on the stub columns tested with djw ratios between 0.7 and 0.12. All the 
four stub columns exhibiting this behaviour had ultimate strengths that were overestimated by the 
secant plasticity reduction approach. The theoretical predictions using the secant modulus 
approach plasticity reduction factors are generally in better agreement with the experimental 
results. In a study by Buitendag4,S and Reynekell on the strength of partially stiffened stainless 
steel compression members similar results were obtained. The following symbols apply in Table 3 
Pe experimental ultimate failure load 
Puy yield load for the full cross sectional column 
Pue theoretical elastic failure load with no plasticity reduction factor 
Pus theoretical failure load using the secant approach plasticity reduction factor 










0.0 0.1 0.2 0.3 0.4 0.5 0.6 
d:,./w 
Figure 5 Ultimate Strength of Sections 
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CONCLUSIONS 
It is concluded in this study that the ASCE3 and South African13 stainless steel design 
specifications overestimate the local buckling stress as well as the ultimate strength of partially 
stiffened stainless steel compression elements. The experimental results compare well with the 
theoretical predictions when the two plasticity reduction factors are used. 
From the limited number of tests carried out in this study it can be concluded that there is a 
general tendency for the elastic theory to increasingly overestimate the ultimate capacity of a 
section as the flat width to thickness ( wit ) ratio of the flange increases. At low wit ratios an 
elastic analysis underestimates the ultimate capacity of a section while at high wit ratios both the 
secant and tangent approximations slightly overstimate the ultimate capacity of a section. 
If additional tests show that this is the case, it might be worthwhile investigating the introduction 
of a varying plasticity reduction factor. Such a factor would have to depend on the wit ratio of the 
flange. Three of the stub column test results, where d/w > 0.2 and wit >50, showed however that 
the presence of a high dJw ratio causes a further drop in the ultimate capacity. A plasticity 
reduction factor would therefore have to be dependent on both dlw and wit. 
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Table 4 Experimental and Theoretical Results 
Stub Critical Buckling 
Column wIt djw f. fer f, fl fJf", f.lf, fJf, Po Puy 
MPa MPa MPa MPa leN leN 
No Exper Elastic Secant ITangen! Exper Ultimat 
50x20 35.6 0.35 294 640.8 279.4 211.5 0.46 1.05 1.39 229.6 201.9 
50x25 36.0 0.43 274 577.4 270.4 203.8 0.47 1.01 1.34 222.0 211.8 
70xl0 48.4 0.13 169 200.9 170.3 137.0 0.84 0.99 1.23 197.0 247.7 
70x15 48.4 0.19 196 300.7 211.1 164.2 0.65 0.93 1.19 232.4 257.0 
70x20 47.8 0.26 188 363.9 229.2 176.4 0.52 0.82 1.07 236.4 264.6 
70x25 47.8 0.33 196 376.5 232.3 179.2 0.52 0.84 1.09 252.6 273.5 
90x15 60.7 0.15 110 172.7 154.0 125.5 0.64 0.71 0.88 231.2 320.5 
90x20 60.7 0.20 136 226.2 182.6 144.8 0.60 0.74 0.94 151.0 322.6 
90x25 60.7 0.26 98 246.6 191.5 154.0 0.40 0.51 0.64 214.2 332.2 
110xl0 73.3 0.09 117 76.7 76.1 64.3 1.53 1.54 1.82 206.4 375.3 
110x15 72.9 0.13 94 113.4 109.9 92.4 0.83 0.86 1.02 192.6 383.2 
1l0x20 73.0 0.17 83 146.2 136.1 112.4 0.57 0.61 0.74 240.6 393.0 
130xl0 85.5 0.Q7 44 52.1 80.0 42.3 0.84 0.55 1.04 201.2 438.3 
130x15 85.0 0.11 58 78.6 78.0 64.9 0.74 0.74 0.89 222.8 446.4 
130x20 85.7 0.15 20 103.2 100.9 84.5 0.19 0.20 0.24 242.8 457.2 
130x25 85.1 0.18 38 120.6 116.1 100.4 0.32 0.33 0.38 211.2 458.1 
150xl0 98.0 0.06 17 39.7 39.7 31.4 0.43 0.43 0.54 206.6 502.7 
150x20 97.8 0.13 28 75.7 75.1 61.8 0.37 0.37 0.45 257.0 520.9 
150x25 98.1 0.16 30 89.1 88.0 76.7 0.34 0.34 0.39 256.0 530.5 
170x20 110.4 0.11 28 58.5 58.4 46.6 0.48 0.48 0.60 246.4 584.5 
Mean 0.59 0.70 0.89 
COY 48.7 455 44.9 
1.iltimate Strength 
P"" Pm Put PJPoo 
leN leN leN 
Elastic Secant l'fangen' 
201.9 167.9 161.8 1.14 
205.6 176.4 171.3 1.08 
198.2 171.9 167.9 0.99 
217.3 185.7 180.6 1.07 
238.9 197.4 190.9 0.99 
252.8 215.0 206.3 1.00 
246.3 211.9 206.6 0.94 
263.6 219.6 213.0 0.57 
287.9 236.4 227.8 0.74 
255.5 217.0 204.2 0.81 
273.7 229.2 215.4 0.70 
296.1 242.4 227.3 0.81 
280.9 224.6 210.3 0.72 
299.4 236.9 221.6 0.74 
323.0 250.4 233.7 0.75 
342.6 258.1 239.9 0.62 
309.1 231.7 216.2 0.67 
347.6 255.3 237.6 0.74 
375.3 270.1 250.8 0.68 
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BURST STRENGTH OF TYPE 304L STAINLESS STEEL TUBES SUBJECTED 
TO INTERNAL PRESSURE AND EXTERNAL FORCES. 
by 
J. PRETORIUS1, P. VAN DER MERWE2, GJ. VAN DEN BERG3. 
ABSTRACT 
The findings of an investigation concerning the burst strength of cold-formed Type 304L 
stainless steel tubes subjected to internal pressure and static external forces are reported in 
this study. The use of cold-formed stainless steel longitudinally welded tube in pressurised 
processes in industry are limited due to the belief that seamless tubes have superior 
resistance to internal pressure. 
The primary objective of this study was to experimentally and theoretically describe the 
failure criteria for thin-walled longitudinally welded Type 304L stainless steel tubes 
subjected to internal pressure and static external point loads and torsion loads. Due to the 
diversity of the pipe manufacturing process, problem areas which were most likely to cause 
failures were identified. A microscopic study was done of the weld region where failure 
was expected in order to support the test results. 
It was found that cold-formed longitudinally welded Type 304L stainless steel tubes could 
attain very high bursting pressure values and could compete with seamless tubes in this 
respect. It was also found that the internal pressure was the most important criteria in tube 
failure and that the effect of static external forces could be neglected to a certain extent. 
GENERAL REMARKS 
Longitudinally welded stainless steel tubes have many uses in various industrial applications. 
Certain perceptions regarding welded tubes pertain because of the weld integrity and 
changing material properties in the heat affected zone (HAZ). 
Due to the difference in the mechanical behaviour of stainless steels compared to carbon 
and low alloy steels, research on the behaviour of longitudinally welded stainless steel tubes 
subjected to internal pressure and external forces is necessary. Aspects such as the gradual 
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stress components stay constant. Maximum stress as a result of pressure in the longitudinal 
direction is given by Equation 3. 
( 
2G )-1tr a J(M~I J) 
a mats = M(3 \ ~1- ; + (32 (3) 
while the maximum stress as a result of the axial force in the longitudinal direction is given 
by Equation 4. 
where: 
(3 = al/az 
at = tangential stress 
az = longitudinal stress 
M = material dependant material constant 
G = elastic shear modulus 
G = E/3 
E = elastic modulus 
a y = yield stress 
(4) 
Hi-axial testing using an axial load and internal pressure by Lefebvre9 revealed that 
Poisson's ratio differs in the elastic and inelastic region. It was found that satisfactory 
results could be obtained using a Poisson's ratio value of 0,48 for Type 304L in the 
inelastic region. True longitudinal stress (cr,), tangential stress(a, ), and the true radial 
stress (a,) are given by Equation 5 respectively. 
F pxD2 
a = - + £..:.=..L-
a A 4A 
a = 
pDm (5) ( 2ty 
°r:::= - l!..= 0 2 
If the load conditions dominate the test, failure will be determined by the maximum 
pressure. On the other hand, if displacement is controlled, failure will occur under reducing 
pressure and at strain levels exceeding the strain at maximum pressure levels. lo This relates 
to the following: The tube will fail in the tangential direction except if the axial force in the 
longitudinal direction is larger than half of the tangential stress. This will result in failure in 
the longitudinal direction It is expected that the failure pressure will be less than that of 
loading condition 1 but that strain levels should be more because of the constraints at the 
end points. It was assumed that the constraint had no effect on the load conditions and the 
pressure calculations were done accordingly as can be seen from Table 3. 
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Loading condition 3: Tube subjected to internal pressure and a point load applied to 
the midpoint of the tube. 
Work done on bent tubes subjected to different load conditions/1 the bending of tubeS!2 as 
well as the determlning of critical bending moments13 led to further investigation by 
Watanaba and Ohtsubo.14 They investigated non-elastic flexibility and strain concentrations 
in pipe bends in creep with plasticity effects, while Calladine's investigation led to the use of 
the Raleigh method for calculations of thin walled elastic tubeS.15 Darlaston and Harrison16 
reviewed the above mentioned work together with investigation.<; done by Thompson and 
Spence17 as well as research done by Corona and Kyriakides18 and came to the conclusion 
that linear elastic failure modes are not valid for structures with defects or non-homogenous 
inserts in the weld region. 






tube wall thickness 




flow stress defined as: 
and where the FoHas expansion factor, m, is defined as: 
m (1 + 105£)112 
Rmt 




It was found that the load deflection characteristics of the structure as a whole and the 
position of the defect in terms of the bending plane had very little effect on the results. The 
combined internal pressure and point load tests resulted in the following design postulate: 
If axial stress as a result of bending does not exceed half of the calculated tangential stress, 
then failure as a result of internal pressure can be calculated by using Equation 6. 
Straight tubes and tubes subjected to bending perceive different stress conditions. Tubes 
subjected to a point load, result in local oval forming which influences tube strength. Oval 
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forming and the flattening effect of tubes experienced during bending was first researched 
by Brazier and therefore called the Brazier effect. 20 An increase in internal pressure, 
together with a point load condition, result in changing sectional properties of the tube thus, 
leading to bending of the tube and ultimately failure. 
Loading condition 4: 'lUbe subjected to internal pressure and a torsional load 
applied to one end of the tube. 
The stress conditions associated with tubes subjected to torsion and internal pressure is 
investigated. Tests by Chaudhuri and Abu-Arja21 compare the effects of separate torsional 
loads and internal pressures to the effect of combined internal pressure and torsional load. 
Other researchers22 used stress tensors to detennine the precise plastic strain of thin-waUed 
tubes when subjected to various load conditions. Failure is detennined by both the effective 
stress and the maximwn stress, where the effective stress determines the start of failure 
while the growth of the failure mcx:le depends on the maximwn tensile stress. 23 Research24 
showed that the reduction of strain resistance of a material could be attributed to the 
sudden change in stress conditions, that result as soon as the torsional stress is 
superimposed on the tensile stress. 
lrlternal pressure and external torsion are independent quantities while stability may change 
to instability without any of the values reaching a maximum. Failure criteria for large 
inelastic deformations cannot only be based on the stress conditions but should be based on 
an analysis of the complete structure to determine when inelastic instability will occur for a 
specific load condition. 4 
When considering a tube of length I with a radius o{ r, subjected to an internal pressure p 
and a force applied to one end, it creates a moment Md as a result of the force-couple 2Fro 
where ro is kept constant. It is asswned that t « r and that the length to radius relationship 
is such that any end effects are neglected. Elastic strain is ignored so as to simplify the 
calculations. 
The true stresses in the tubes are given by Equation 9. 







while the derived stresses are given by Equation 10. 
(9) 




S, '" 0 
Fro 
S", = Sal = 1tr2t 
where F represents the external loads. 
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When the tube is turned through an angle of ~ while under load conditions p and F and 
external effect, op and of results. If the strain is relatively small, stability will be kept for 
small particles if: 
(12) 
By making use of the Von Mises flow rules and substituting in Equations 9, 10, 11 and 12 it 
can be shown that: 
(13) 
By rewriting the equation in terms of stresses it relates to Equation 14 at the point of 
instability.4 
~/) (14) 
The fundamental relationship for the theoretical analysis of inelastic strain consist of 




Longitudinally welded Type 304L tubes were manufactured from stainless steel sheets 
fonned by cold rolling and tungsten inert gas welding in the longitudinal direction. The 
tubes were manufactured according to ASTM A269 specification.25 Main production 
processes consist of weld treatment, annealing, pickling and passivating. Testing 
procedures include of both visual end Eddy current testing. Test specimens from two 
different tube manufacturers were used as their heat treatment process varies. One 
manufacturer uses in line heat treatment while the other batch heat treats the finished 
product. 
Tube specimens were cut into 2 m lengths to eliminate strengthening end effects created by 
the end caps used. Two sets of tests were carried out on the longitudinally welded Type 
304L tubes using a tube wall thickness of 1,2 mm and 1,6 mrn. Square 100 mrn by 100 
mm end caps with a thickness of 5 mm were prepared to seal the ends of the test tubes. 
Pre-heated end caps were arc welded onto the tube ends using a Type 316L welding rod. 
Test specimens were subjected to the four different loading conditions as mentioned before. 
Tubes were left free from any constraints during loading condition 1 with the only load 
consisting of internal pressure. Internal pressure was produced using a converted hydraulic 
hand pump using water as pressure medium. During load condition 2, both endplates were 
clamped to rigid structures to fonn a fixed end connection while the internal pressure was 
increased. 
Load condition 3 was achieved by clamping the closed end plate while placing the other 
endplate on a roller. Point loads were applied using weights and a load frame. By using a 
reinforced bicycle wheel addapted to accept endplate clamps, a torsional load could be 
applied to achieve load condition 4. The specific loads applied to each of the specimens are 
tabulated in Table 1. 
Pressure measurements were taken using a pressure transducer connected in line between 
the pump and the test specimen. Deflection measurements on critical points were made 
using displacement transducers. Wall thickness and diameter measurements were taken 
before testing was done using a Nikon profiloscope. The average of five measurements 
were taken. The same measurements were taken again after failure and the results 
compared to determine the increase in strain. Failure modes and failure position in relation 
to the weld was investigated on each specimen. 
RESULTS 
Results of the microscopic study revealed variations between the parent material and the 
heat affected zone. 
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Failure in general occured at higher than anticipated pressures. Experimental results for 
each of the loading conditions are given in Tabels 2 to 5. Comparisons made between 
design, anticipated failure and experimental failure pressure are given in these tables. 
In Figures 4,5,6 and 7 pressure time curves for a 76.2 mm x 1.2 mm tube are compared 
for each of the different loading conditions. These graphs were constructed from the 
original data obtained during the tests without any refinement. 
Excessive deflection caused by the point load was recorded during load condition 3. 
Deflection occured only after commencement of pressurisation. The torsional load applied 
in load condition 4 caused rotation such an extent that full rotation of 360 degrees was 
found in some cases. 
DISCUSSION OF RESULTS 
The microscopic study done on tubes from two different manufactures revealed that in line 
annealing did not prove to be as efficient as batch annealing It was recommended that the 
specific manufacturer re-evaluates the annealing procedure used during the manufacturing 
process. 
Failure occurred at between 30% to 35% higher than calculated for load condition 1, using 
the ultimate stress values for Type 304L stainless steeL in the calculations. Failure pressure 
calculations were based on Equation 1. 
The end constraints used in load condition 2 had very little effect on the final failure 
pressure when comparing results to that of load condition 1. The failure pressures were in 
general 10% higher than the calculated failure pressures while strain levels were higher as 
predicted. 
Load condition 3 produced good results as failure again occurred at higher than anticipated 
pressures. Excessive deformation and deflection occurred before failure. The load 
deflection characteristics had very little effect on the results. 
Failure pressures obtained during load condition 4 proved that tubes subjected to internal 
pressure and external torsional loads would not fail prematurely. Specimen Lot 8-4 failed at 
a lower than expected value which was still double the design value. 
CONCLUSIONS 
The literature reveals different approaches in the theoretical analysis of tube failure 
subjected to internal pressure and various external forces. The investigation proved that 
longitudinally welded Type 304L stainless steel tubes could be used in situations where 
severe loading conditions were involved, resisting failure equal to the same levels expected 
from seamless tubing. 
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FIGURE 4 Pressure - Time Graph for load condition 1. 
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FIGURE 7 Pressure - Time Graph for load condition 4. 
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TABLE 1 Point loads and Torsional loads 
WBESIZE POINT LOAD TORSIONAL 
LOAD 
(mm) (N) (Nm) 
38.1 x 1.2 343 103 
38.1 x 1.6 441 132 
50.8 x 1.2 637 192 
50.8 x 1.6 838 250 
63.5 x 1.2 981 294 
63.5 x 1.6 1226 368 
76.2 x 1.2 1471 441 
76.2 x 1.6 1717 515 
TABLE 2 Pressure comparison between calculated and experimental burst 
pressure for load condition 1. 
Specimen Tube Size Max Working Max Calculated Experimental 
(mm) Pressure Pressure Burst Pressure 
(MPa) (MPa) (MPa) 
LOT 1-1 38.1 x 1.2 11 30.5 41.41 
LOT 2-1 38.1 x 1.6 14.6 40.7 55.86 
LOT 3-1 50.8 x 1.2 8.2 22.9 29.5 
LOT 4-1 50.8 x 1.6 11 30.5 39 
LOT 5-1 63.5 x 1.2 6.6 18.3 23.5 
LOT 6-1 63.5 x 1.6 8.8 24.4 33.4 
LOT 7-1 76.2 x 1.2 5.5 15.2 18.9 
LOT 8-1 76.2 x 1.6 7.3 20.3 26.7 
TABLE 3 Pressure comparison between calculated and experimental burst 
pressure for load condition 2. 
Specimen Tube Size Max Working Max Calculated Experimental 
(mm) Pressure Pressure Burst Pressure 
(MPa) (MPa) (MPa) 
11 30.5 3 
LOT 2- 14.6 40.7 
LOT 3-2 8.2 22.9 
LOT 4-2 50.8 x 1.6 11 30.5 
LOT 5-2 63.5 x 1.2 6.6 18.3 26.5 
LOT 6-2 63.5 x 1.6 8.8 24.4 27 
LOT 7-2 76.2x 1.2 5.5 15.2 15.9 
LOT 8-2 76.2 x 1.6 7.3 20.3 22 
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TABLE 4 Pressure comparison between calculated and experimental burst 
pressure for load condition 3. 
Specimen Tube Size Max Working Max Calculated Experimental 
(mm) Pressure Pressure Burst Pressure 
(MPa) (MPa) (MPa) 
LOT 1-3 38.1 x 1.2 11 30.5 36 
LOT 2-3 38.1 x 1.6 14.6 40.7 44 
LOT 3-3 50.8x 1.2 8.2 22.9 27.5 
LOT 4-3 50.8x 1.6 11 30.5 34 
LOT 5-3 63.5 x 1.2 6.6 18.3 19.5 
LOT 6-3 63.5 x 1.6 8.8 24.4 26 t= LOT7-3 76.2 x 1.2 5.5 15.2 15 
LOT 8-3 76.2 x 1.6 7.3 20.3 23 
TABLE 5 Pressure comparison between calculated and experimental burst 
pressure for load condition 4. 
Specimen Tube Size Max Working Max Calculated Experimental 
(mm) Pressure Pressure Burst Pressure 
(MPa) (MPa) (MPa) 
LOT 1-4 38.1 x 1.2 11 30.5 34 
LOT 2-4 38.1 x 1.6 14.6 40.7 42 
LOT 3-4 50.8 x 1.2 8.2 22.9 31 
LOT 4-4 50.8 x 1.6 11 30.5 33 
LOT 5-4 63.5 x 1.2 6.6 18.3 20.5 
LOT 6-4 63.5 x 1.6 8.8 24.4 25 
LOT 7-4 76.2x 1.2 5.5 15.2 14.5 
LOT 8-4 76.2x 1.6 7.3 20.3 15 
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ADDITIONAL DESIGN CONSIDERATIONS FOR BOLTED CONNECTIONS 
R. A. LaBoubel and W. W. Yu2 
ABSTRACT 
A multi-year study was conducted at the University of Missouri-Rolla which focused on such 
topics as deformation characteristics of bearing type connections; strength of bearing and tensile 
type failure modes of flat sheet connections; tensile strength of staggered bolt patterns in flat sheet 
connections; and tensile strength of bolted connections for angle and channel sections. The intent 
of this research was to verify the present design approach for bolted connections and to expand 
the design methodology to include additional limit states, in particular the effect of deformation 
of the bolt hole and the influence of shear lag in angle and channel sections. This paper 
summarizes the scope and findings of recent UMR research as it pertains to the topics of bolt hole 
deformation and shear lag. 
INTRODIICTION 
An experimental and analytical study was initiated at the University of Missouri-Rolla (UMR) in 
1993 to expand the knowledge and understanding pertaining to the behavior of cold-formed steel 
bolted connections. The details of this research project are reported in two research reports (Carril 
et al., 1994; Holcomb et al., 1995). This paper presents a summary of the findings of this two-
year research effort, as well as proposes appropriate design recommendations. 
Previous research, which serves as the foundation for the present design specifications 
(Specification, 1986; Load, 1991), has focused on the ultimate strength behavior of flat sheet 
connections with symmetrical bolt patterns. The research addressed by the most recent UMR 
study explored such topics as defonnation characteristics of bearing type connections; strength of 
bearing and tensile type failure modes of flat sheet connections; tensile strength of staggered bolt 
patterns in flat sheet connections; and tensile strength of bolted connections for angle and channel 
sections. 
This paper presents the salient findings of the UMR research pertaining to deformation 
characteristics of bearing type connections and the tensile strength of bolted connections for angle 
and channel sections. It also reports on the development of design recommendations that were 
structured to be consistent with the design practices of hot-rolled steel construction (Specification, 
1989; Load, 1993). 
lAssociate Professor of Civil Engineering, Dept. of Civil Engineering, University of Missouri-
Rolla, Rolla, MO 65401 
2Curators' Professor Emeritus of Civil Engineering, Dept. of Civil Engineering, University of 
Missouri-Rolla, Rolla, MO 65401 
575 
576 
FIRST SUMMARY REPORT 
The intent of this phase of the research project was to compare the present AISI and AISC 
Specifications for the nominal bearing and tensile capacities, and also to develop appropriate bolt 
deformation design criteria for bolted connections. 
Prior to engaging in the experimental phase of this study, a comprehensive review of available 
literature was performed and is summarized by Carril (1994). The literature represented 719 
bolted connection tests which were conducted by an array of researchers in the United States. The 
connection test data represented flat sheet specimens subjected to either single or double shear and 
either with or without washers, as summarized in Table 1. Carril's evaluation compared the tested 
failure load to the computed failure load for the appropriate failure mode. Five computation 
techniques were explored: AISI Specification (1986), AISC Specification (1989), ECCS 
Recommendations (1987), British Standard (1987), and Canadian Standard (1989). Based on the 
statistical findings, the following summarizes the more significant observations that were made: 
(1) The AISI Specification is adequate for tension failure in bolted connections using a single bolt. 
For connections with multiple bolts, the Specification is slightly conservative. 
(2) The AISI Specification is slightly unconservative for single bolt connections that failed a 
combined failure mode of bearing and tearing due to excessive bolt rotation and dishing of the 
connected parts. 
(3) In general, the European design formulas were found to be more conservative than the AISI 
Specification. 
The findings of this effort aided in defining the experimental phase of the research. 
Experimental studies were performed to investigate the tensile capacity, the bearing capacity and 
the interaction of tension and bearing capacities of flat sheet cold-formed steel bolted connections. 
The effect of bolt hole deformation on the bearing capacity of bolted connections was also 
investigated. In the experimental investigation, single-shear, flat sheet connections having either 
single or multiple bolt configurations were studied. The specimens were designed for the 
following parameters: (1) nominal sheet thickness: 1.02 mm (0.04 in.), 1.78 mm (0.07 in.) and 
3.05 mm (0.12 in.); (2) ratios of dIs: 0.12, 0.15, and 0.31; (3) 12.7 mm (112 in.) diameter 
A325T bolts; (4) bolt pattern configurations, as shown in Fig. 1; and (5) with and without 
washers. 
Tensile coupon tests were conducted to obtain the mechanical properties of the steel sheets. Table 
2 lists the measured thicknesses and mechanical properties of the sheet steel used in this phase of 
the investigation. 
The experimental stage of this research consisted of 75 tests of two identical flat sheet test 
specimens bolted together (Fig. 2). In addition to determining the ultimate load capacity of each 
test specimen, the load deformation characteristics were also defined. Using an LVDT, 
deformation performance of each bolted connection was continuously measured during the loading 
process (Fig. 3). 
Using the load-deformation history, a service load was defined for each test specimen. The 
service load was based on a deformation limit of 6.36 mm (0.25 in.). This limit was chosen to 
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be consistent with the deformation limit adopted by both the Research Council on Structural 
Connections (1988), and the AlSC specifications (Specification, 1989; Load, 1993). A 
recommendation is presented herein for defining the design service load. 
For the test specimens that failed in bearing, the AlSl specifications (Specification, 1986; Load, 
1991) were shown to be good predictors of the ultimate strength. The AISC specification (Load, 
1993) was found to be less accurate a predictor of the ultimate strength. 
Both the AlSI and AlSC specifications were deemed to be good predictors of the limit state of 
fracture in the net section for the test specimens in this experimental study. 
SECOND SUMMARY REPORT 
The research summarized in the Second Summary Report (Holcomb et al., 1995) addressed the 
tensile capacity and bearing capacity of bolted connections of flat sheet, angle, and channel cold-
formed steel members. The specimens were designed for the following parameters: (1) nominal 
sheet thickness: 1.02 mm (0.04 in.) and 3.05 mm (0.12 in.); (2) ratios of dIs: 0.09 and 0.31; (3) 
12.7 mm (1/2 in.) diameter A325T bolts; (4) bolt pattern configurations, as shown in Figs. 4 and 
5; and (5) with and without washers. Table 2 lists the material properties for the sheet thicknesses 
used to form the angle and channel cross sections. 
Both angle and channel sections were subjected to a tensile load parallel to their longitudinal axis. 
Fifty-four angle and fifty-one channel specimens were load tested. For those specimens that 
exhibited a fracture in the net section failure, analytical studies demonstrated that the current AISC 
specification formulation for addressing the influence of shear lag is unacceptable for cold-formed 
steel connections. Design equations were derived and are presented in the following discussion 
for assessing the influence of shear lag for both angles and channels. 
DRSIGN RECOMMENDATIONS 
The First and Second Summary Reports present the experimental findings of the two-year research 
study. In addition to the discovery of new knowledge pertaining to the behavior of cold-formed 
steel bolted connections, this research effort was charged with recommending appropriate design 
guidelines. Although both summary reports contain suggested design solutions, subsequent studies 
were undertaken to formulate design recommendations that more closely parallel the commonly 
accepted design approaches of the AISC specifications. 
The following design recommendations pertain to the bolt hole deformation of bearing connections 
and the shear lag effects for angles and channels. 
Deformation of Bearing Connections The generally accepted approach to defining a deformation 
limit in hot-rolled steel construction is given by the following: 
p. = 2.4dtFu (1) 
where, 
d = nominal bolt diameter 
t = base thickness of thinnest connected sheet 
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Fu = tensile strength of connected sheet. 
Canil et al. (1994) presented the following design equation to define a deformation limit in cold-
formed steel construction: 
p. = 1.93 dtFu (2) 
Although Eqs. 1 and 2 are similar in format, they will create a dilemma for the designer. The 
AISI specifications prescribe that for material thicknesses greater 4.76 mm (3/16 in.), the AISC 
specification shall be used for design. Thus at 4.76 mm (3116 in.), the above equations impose 
a discontinuity. 
To alleviate the discontinuity created by Eqs. 1 and 2, subsequent study focused on the 
development of a transition from hot-rolled to cold-formed steel members. Carril et al. (1994) 
defined a constant c for each test specimen. The parameter c, as shown in Eq. 3, is the 
appropriate relationship that defines the deformation limit: 
p. cdtFu (3) 
Figure 6 presents the relationship between c and the material thickness, t. A transition at 4.76 
mm (3/16 in.) is achieved by adopting a linear relationship between c and t as defined by the 
following equation: 
When t is in inches, 
c 4.64t + 1.53 (4) 
When t is in mm, 
c = 0.183t + 1.53 (5) 
The above equations are valid when the distance along the line of force from the edge of the 
connected part to the center of the hole is greater than 1.5d, and the distance along the line of 
force between centers of holes is greater than 3.Od. The accuracy of Eqs. 4 and 5 is demonstrated 
by the relationship P'/P., where P' is the tested tensile load for a selected deformation limit of 
6.35 mm (0.25 in.) (Carril et al., 1994). As summarized in Table 2, the mean and coefficient of 
variation for the tested assemblies is 1.023 and 0.097. 
Applying the load and resistance factor design concepts for evaluating the strength reduction 
factor, $, results in a $ of 0.70. Assuming a dead to live load ratio of 0.2, the corresponding 
allowable stress factor of safety is 1.61. However, recognizing the limited data available for this 
analysis, and to be consistent with the present AISI design specification, a smaller $ value of 0.65 
and larger factor of safety of 2.22 are recommended. 
Shear I.agEffe.c1:s.. The long standing relationship for recognizing the influence of shear lag on 
the tensile capacity of a bolted connection is a function of the distance from the shear plane to the 
center of gravity of the cross section, X, and the length of the connection, L. In hot-rolled 
construction, the detrimental influence of shear lag is accounted for by the following relationship: 
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U 1 - X/L (5) 
Figure 7 presents the relationship between the ratio of PUulPD and X/L for the angle members 
reported in the Second Summary Report. Pull is the tested tensile capacity of the section, and p. 
= ADF u, is the computed tensile capacity. When computing A .. the AISC definition for a bolt 
hole was assumed. That is, the bolt diameter is defined as 1.59 mm (1116 in.) greater than the 
nominal hole diameter. 
As shown by Fig. 7, the following relationship can be taken as an estimate of the degrading 
influence of shear lag on the tensile capacity of a bolted connection in an angle member: 
u = I - 1.2(X/L) :5: 0.9 (6) 
~ 0.4 
For the channel members considered in this study, Fig. 8 shows the relationship between PW/PD 
and XlL. Following the format of Eq. 6, the following equation indicates the influence of shear 
lag on the tensile capacity of a boited connection in a channel member: 
u = 1 - 0.357 (X/L) ;-; 0.9 (7) 
~0.5 
Staggered Bolt Holes Based on a limited test program, Holcomb et al. (1995) determined that 
the use of the traditional AISC s2/4g to recognize the increased load capacity of a staggered bolt 
pattern was slightly unconservative. The test specimen geometry is given by Fig. 9. Table 4 
summarizes the study results, and compares the test failure loads, P" to computed failure loads, 
PD, using the P/P. ratio. The ratios ranged from 0.808 to 0.949 with a mean value of 0.887. 
The computed load capacity, PD, was evaluated using the present AISI nominal tensile stress limit 
on the net section area, Fl' When determining the F" the definition of s, the spacing of the bolts 
was taken as the plate width divided by the number of bolts in the cross section under 
consideration (5 = plate width/nb). The net section area, AD' however was defined as follows: 
where 
s = longitudinal center to center spacing of any two consecutive holes 
g transverse center to center spacing between fastener gage lines. 
The low P/P. ratios may be attributed to the lack of plastic flow that is available in a thin, flat 
sheet. The studies that serve as the basis for the s2/4g relationship are based on a yielding failure, 
not rupture of the plate (McGuire, 1968). 
Another potential contributor to the poor performance of the test specimens maybe the small gage 
distance. The gage distance of approximately 1/2" did not conform to the minimum spacing of 
3d (AISI, 1986). Thus, overlapping non-uniform stress distributions emanating from the bolt 
holes may have precipitated tearing of the sheet. 
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Insufficient information exists to formulate comprehensive design provisions for bolted 
connections having staggered hole patterns. To recognize the tensile capacity of staggered bolt 
configurations, a reduction factor, 0.90, may be applied to the computation of the nominal load 
capacity. The net area for design, therefore, would be given by the following: 
where, nb = number of bolts in the failure plane. 
The nominal tension stress limit, PI> is to be determined by the present AISI equations with the 
modification that the bolt spacing, s, be defined as the plate width divided by the number of bolts 
in the section being evaluated. 
The use of Eq. 9 will create a discontinuity between the AISI and AISC specifications. However, 
because of the lack of test data necessary for a more exact design formulation, a discontinuity can 
not be avoided. The presence of a discontinuity should not be a significant design issue because 
the use of staggered hole patterns in cold-formed steel construction is not a common application. 
SUMMARY 
Based on the results of the recently completed UMR experimental investigation of bolted 
connections for flat sheets, and angles and channels cold-formed from flat sheet, the following 
significant findings were discovered and reported in two summary reports and this paper: 
1. The deformation around a bolt resulting from bearing of the bolt on the sheet was found to be 
a function of the thickness of the connected sheets. An equation was derived that will enable the 
design engineer to account for deformation within a bolted connection. 
2. Shear lag can have a degrading affect on the tensile capacity of a bolted connection. Equations 
were developed to estimate the effect of shear lag for both angle and channel members. 
3. Staggered holes create a reduction in the efficiency of a flat sheet bolted connection. Based on 
a limited test program, a design recommendation is proposed that recognizes the inability of the 
sheet to achieve its full tensile strength. 
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Number of Flat Sheet Test Specimens 
Failure Mode Single Shear Double Shear 
Type With Without With Without 
Washers Washers Washers Washers 
III 66 10 189 142 
II 26 7 
II & III 39 6 
I & II 23 12 69 39 
I & III 9 28 20 
II&V 16 10 2 
I&II&III 6 
Notes: Failure mode definitions (Yu 1991): 
Type I Shearing parallel to direction of loading 
Type II - Bearing of bolt on the sheet 
Type III - Tearing of sheet perpendicular to the direction of loading 
Type IV - Shearing of the bolt 
Type V - Sheet tearing due to excessive bolt rotation and dishing of the sheet 
Table 2 
Material Properties 
Thickness Fy Fu 
(in.) (ksi) 
0.040 35.80 55.84 
0.070 32.06 52.47 
0.120 36.61 53.02 
Note: Fy and Fu values are the average of two tests 








Comparison of Tested vs Computed Deformation Load Limit 
Test Assembly P'/Pu 
AY22-1 1.108 
AY22-2 1.137 
A Y23-1 1.131 
AY23-3 1.211 
BY13-1 1.192 


































Comparison of Tested to Computed Capacity 
for Specimens with Staggered Holes 
Test Sheet PI Po P/Pn 
Assembly Thickness 
(in.) (kips) (kips) 
GNll-1 0.04 8.90 11.01 0.808 
GNll-2 0.04 9.15 10.75 0.851 
GN11-3 0.04 9.78 10.78 0.907 
GN31-1 0.12 24.43 27.56 0.886 
GN31-2 0.12 25.43 26.81 0.949 
GN31-3 0.12 24.99 27.12 0.921 
Mean 0.887 
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Type 0 Type t: 
Fig. 1 Geometry of Test Specimens 
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~---Spl2"C ilT\Of"r1 
Slde Vi~w Fr-ont Vlew 
Fig. 2 Typical Test Assembly 
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Fig_ 9 Geometry of staggered Hole Test specimens 
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SHEAR BEHAVIOR OF SELF DRILLING SCREWS USED IN LOW DUCTILITY STEEL 
By: L. Randy Daudet, P.E.' and RA. LaBoube, Ph.D, P.E" 
Abstract 
The results of 264 shear tests conducted on self drilling screws are presented. The tests 
conducted include single screws in single shear, two screws in single shear, and single screws in double 
shear. The performance and behavior of self drilling screws in low ductility steel are compared to the 
performance and behavior of screws in normal ductility steel. Results are compared to the 1986 AISI 
specification with 1989 addenda, and the recently approved AISI specification for self drilling screws 
which will be included in the next edition of the AISI code. Also, new equations are presented for the 
tilting/bearing limit state for screws in single shear, and the bearing limit state for screws in double shear. 
IntrOduction 
In light gage steel construction today, the predominant means of fastening is through the use of 
self drilling screws. Most self drilling screws are produced in diameters ranging from 0.16 in. to 0.25 in. 
and in lengths ranging from 0.625 in. to 2.0 in. Such screws have tips that are essentially drill bits which 
function to drill a hole through all of the connecting pieces of steel before the screw threads engage the 
first steel layer. The fully pre-drilled hole ensures that the connecting layers of steel are tightly clamped 
once the screw is fully seated. Clamping is ensured due to the fact that the first layer cannot climb the 
threads of the screw in advance of the second or third layers. Self drilling screws can be used to connect 
steel sheets that have a total thickness of 0.5 in. 
On February 6, 1993 the AISI Specification Committee approved design provisions (1) for self 
drilling screws which will be incorporated into the next edition of the AISI Specification (2). Although the 
new deSign provisions will prove to be very useful for deSigners, they fail to address the design of self 
tapping screws used in low ductility steel. Therefore, more work is required to obtain a better 
understanding of self drilling screws used in steels with various degrees of ductility. 
This paper will summarize the results and conclusions of a comprehensive study concerning the 
use of self drilling screws used in low ductility steel (3). The study addressed several different topics 
related to the use of self drilling screws used in low ductility steel including: 
-screw behavior in low ductility steel versus normal ductility steel; 
-screws in single and double shear; 
-connection capacity when load is applied either perpendicular or parallel to the 
direction of cold reduction; 
-screw capacity versus drill tip type; 
-the use of multiple fasteners; 
-comparison with AISI. 
This paper will mainly address the tilting/bearing limit slate for screws in single shear, and the bearing 
limit state for screws in double shear. 
Tesl Plan 
I n order to achieve a basic understanding of how a single screw behaves in single shear, 
configurations A and B in Figure 1 were lested. Test setups C and D in Figure 1 were tested to 
investigate if multiple screws behave differently in low ductility steel than they do in normal ductility steel. 
Configuration E was tested to ascertain the behavior of screws in double shear. 
For all tested configurations, steel strips were 1-7/8" wide and 12" long. Screw edge distance 
and spacing was three times the screw diameter as recommended by AISlto prevent edge tear out of 
the fasteners. All screws were long enough so that at least 3 screw threads were visable once the screw 
was fully seated. 
1 L. Randy Daudet, P.E., Dietrich Industries, Hammond, Indiana. 




For this study, steel ranging in thickness from .029 in. (20 ga.) to .098 in. (12 ga.) was tested. 
Steel properties are summarized in Table 1. All low ductility steel was cold reduced from normal ductility 
material to achieve the desired combination of thickness and ductility. The degree of cold reduction 
ranged from 10% to 40% of the original thickness. The low ductility steel used for this study would be 
classified as "Other Steels" in the 1986 AISI 'Cold Formed Steel Design Specification'. 
Average material properties are listed in Table 1. For each gage in each material type, four 
tensile specimens were conducted in accordance with ASTM A370-94. Fy was determined using the 
0.2% offset method. Normal ductility steel and low ductility steel are referenced as material types 
normal and low respectively. Table 1 lists steel material properties for grain perpendicular and grain 
parallel. Grain perpendicular refers to tensile coupons with the coil rolling direction perpendicular with 
the tension in the coupon. Grain parallel refers to tensile specimens with the coil rolling direction parallel 
with the tension in the coupons. 
Referencing Table 1, the difference in the properties between grain perpendicular and grain 
parallel are not very noticeable for normal ductility steel. For the low ductility steel, the elongations are 
fairly consistent between the parallel and perpendicular grain, but the Fu and Fy values for the parallel 
grain material are consistently lower than the corresponding values for perpendicular grain. 
Tested Screws 
All screws used for this study were hex head, :y." long, TEKTM screws manufactured by 
ITW/Buildex. Screw sizes used were #10-16, #12-14 and 1/4"-14. Type T1 and T3 drill pOints were used 
for #10-16 and #12-14 screws. Type T3 drill pOints were used for the Y."-14 screws. 
Test Sgtup and Procedure 
Connection test specimens were inserted into the top and bottom grips of a 60 kip Tinius Olsen 
Universal test machine and aligned vertically with a magnetic bubble level before the grips were 
tightened. The machine was then adjusted for zero load and then the load mechanism activated at a 
rate of 0.05 in.lmin. Load was applied at a constant rate until failure. No attempt was made to define 
failure based on a given amount of deflection or screw tilt. Instead, failure was simply defined by the 
inability of the connection to accept further loading. For the majority of the specimens tested, the test 
was conducted until the screw tore completely through the hole, orthe steel sheets became dislodged 
due to excessive screw tilting. 
For each material type in each thickness, three specimens were tested. One specimen out of 
each group of three was tested Using a deflectometer to measure machine head deflection versus load. 
Load versus deflection measurements were required to show the amount of elongation occurring before 
and after the ultimate connection shear capacity took place. In other words, the load/deflection graphs 
give an indication of how much energy each connection can absorb, and how 'sudden' connection failure 
takes place. 
In accordance with Section F of the AISI specification, and to maintain consistency for each data 
set, the average of each of the three tested specimens for each material type and each gage was 
calculated and the individual results were checked for a 10 percent deviation from the mean. If a 
deviation of greater than ± 10 percent was found, three more separate tests were conducted. The 
average of the three lowest tested values was used for evaluation purposes. 
Grain Perpendicular Versus Grain Parallel 
Some studies suggest that when low ductility steel is subjected to stress concentrations 
transverse to the grain of cold reduction, a reduction in capacity can be expected compared to the 
longitudinal direction (4). For this reason, configurations A and B in Figure 1 were tested applying load 
both perpendicular and parallel to the grain of cold reduction. A comparison of the lesl results for each 
grain direction indicated that connection capacity apparently was not effected by grain direction for either 
normal or low ductility steel (3). Therefore, it appears that the method of cold reduction, as well as 
thickness reductions on the order of 10% to 40%, did not create significant material property differences 
for each grain direction. Subsequently, connection capacity was not adversely effected. 
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T3 prill Points Versus T1 Drill Point 
Self drilling screws are manufactured with various drill tip diameters. Larger drill tips permit 
screws to drill through thicker material, but slightly decrease the screws shear capacity compared to 
smaller drill tips. In order to evaluate screw pertormance versus drill tip type, configurations A and 8 in 
Figure 1 were tested using T1 and T3 tips for #1 0-16 and #12-14 screws. Compared to T1 drill tips, T3 
tips were found to produce shear capacity reductions of 8% for #10-16 screws and 19% for #12-14 
screws (3). 
Single Shear Screw Behavior 
Screw connections in single shear failed in one of two ways. The first failure mode typical for 
20-gage and 18-gage material was a combination of screw tililing and bearing failure in the steel sheet 
as depicted in Figure 2. The second failure mode typical for 14 and 12 gage material was exemplified 
by screw shearing as is illustrated in Figure 3. Many 16-gage specimens experienced screw shearing, 
but only after the connection had already effectively failed due to tiltinglbearing. 
Figure 4 depicts typical load versus machine head deflection for tiltinglbearing failure using 18-
gage material and single #12-14, T3 screws. As was typical with all single shear specimens, Figure 4 
shows that the higher strength, low ductility material generally exhibited a higher shear capacity than the 
normal ductility specimen of the same gage. Also note that before final failure, the same amount of 
deflection was generally experienced by the low ductility and normal ductility specimens. In general, all 
low and normal ductility single shear specimens failed in a very slow, ductile manner. 
Referencing Figure 5, load versus machine head deflection curves for screw shearing failure for 
14-gage material and #12-14, T3 screws are illustrated. Since the screw strength rather than the steel 
sheet strength governed, both low and normal ductility specimens generally experienced about the same 
shear capacity and deflection before failure. All connections failing due to screw shearing did so in an 
abrupt, non-ductile fashion. In all cases, screw failure occurred very close to the manufacturers 
published shear capacity of the screw (3). 
Double screws in Single shear generally behaved in much the Same manner as single screws in 
single shear. Figure 6 depicts double screw connections which failed due to tiltinglbearing failure. The 
most interesting observation acquired from the double screw connections was that using two screws will 
not necessarily yield twice the shear capacity of a single screw. It appears that connection deformation 
may produce secondary stresses on connections where multiple fasteners are used. Subsequently, the 
connection pertormance is reduced. The connection deformations associated with low ductility, double 
screw connections were observed to be somewhat less than those for the normal ductility connections. 
This may be the reason that low ductility specimens achieved 99% of expected capacity while the normal 
ductility specimens only experienced 90% of expected capacity. It was somewhat ironic to observe that 
the low ductility steel, which possessed lower FjFy ratios and therefore less stress redistribution capacity, 
pertormed better than the normal ductility steel. 
Double Shear Screw Behavior 
The behavior of normal and low ductility specimens were similar but not exactly the same. 80th 
normal and low ductility specimens failed due to the screw tearing completely through the steel sheet 
(Figure 7). The normal ductility steel was observed to maintain an elongated hole without tearing until 
about 2.5 to 3 times the original hole diameter. In contrast, the low ductility began tearing at about 1.5 to 
2 times the original hole diameter. Once ultimate load was reached, the low ductility specimens 
generally failed at a faster rate than did the normal ductility specimens. This behavior is better illustrated 
in Figure 8. While the low ductility steel generally experienced moderate deformation before and after 
reaching ultimate load, the normal ductility specimen exhibited a small degree of deformation prior to 
ultimate load, and a larger degree of deformation after ultimate load. 
Evaluations for Screws in Double Shear 
Table 2 summarizes the results of the double sheartests. The value, Pd, which is listed in the 
table is the average ultimate capacity of the three tests conducted on each gage in each ductility. In 
order to normalize the data, the dimensionless quantity, tid and PJ(Fu"d2), are also listed in Table 2 and 
subsequently plotted in Figure 9. Using linear regression and forcing the subsequent line to have a zero 
intercept, Equation 1 was derived and shown on Figure 9. Defining Pd,comp as the computed ultimate 
shear capacity for double shear connections, Equation 1 is as follows: 
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Pd,comp =3.1563 Fudt Equation 1 
Now defining Fb as the nominal bearing stress, Equation 2 results: 
Equation 2 
Where: 
Fb= 3,1563 Fu 
Comparing the test results and the above derived equation to the AISI screw provisions would 
show that AISI is conservative in predicting the ultimate shear capacity of screws in double shear. 
Because of this conservatism, it is perhaps more useful to compare the test results with AISI Section 
E3.3 for bolts in bearing. Equation 2 and the derived Fb value compares favorably with AISI bearing 
Equation E3.3-2 and the appropriate nominal bearing stresses as given in AISI Table E3.3-1. Table 
E3.3-1 specifies the use of Fp which is the AISI nominal bearing stress. This table specifies that for 
FufFy ~ 1.15, Fp = 3.33 and for FufFy " 1.15, Fp = 3'Fu. As might be expected, since the tested steels 
possess FufFy values above and below the 1.15 limit, the derived Fb value is very nearly equal to the 
average of the AISI Fp values. In order to further explore the relationship between Fu/Fy and the 
ultimate shear capacity of double shear screw connections, the quantities Rd = Pd/Pd,comp and FulFy are 
computed in Table 2 and plotted in Figure 10. Based on linear regression, Equation 3 (Figure 10) was 
developed as follows: 
Po/Pd.comp = 0.5866 FulFy + 0.2915 Equation 3 
Combining Equation 2 and Equation 3 produces the following strength equation: 
Pd = Fbdt (0.5866 Fu/Fy + 0.2915) Equation 4 
Where: Fb = 3.1563 Fu 
Equation 4 is applicable to self drilling screws used in double shear with FulFy values greater 
than 1.01 and less than 1.61. Notice that Equation 3, has a minimum value of 0.884 when FulFy is at a 
minimum of 1.01. This indicates that the AISI provision of 0.75 Fu listed in Section A of the AISI 
specification is somewhat conservative for steels with FulFy ratios less than 1.08. 
Comparison with AfSI for Single Shear Tilting/Bearing Failure 
The following AISf equations are used to calculate screw ultimate shear capacity due to 
tilting/bearing failure for single shear connections, Pns: 
Pns ~ 4.2 (~t~d) Fu 
Pn." 2.7 td Fu 
Pns ~ P rimit 
Where: Plim~ = Pssl1.25 
(AISI Equation E4.3.3) 
(AISI Equation E4.3.4) 
The P'im~ provision as stated above is the implied AISI maximum ultimate allowable shear to 
guard against brillie screw shearing failure. Although not explicitly defined by a symbol or equation, the 
reference to Plim;, can be found in the last paragraph of AISI Section E4.3. p •• values for the Buildex 
screws used in this study are equal to the published ultimate shear capacity of the screws as follows: 
Pss (#10-16) = 1400 lb. 
ps• (#12-14) = 2000 lb . 
ps. (1/4"-14) = 2600 lb. 
Tables 3 and 4 summarize the results for T1 and T3 screws respectively. RA1S1 = P/Pn• is a ratio 
to compare the average ultimate tested shear capacity to the calculated AISI ultimate shear capacity. 
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R A1S1 ,."" is the average of the R A1SI values for each screw size in each ductility type. In the evaluation of 
Pn., Fu was taken as the tested value (Table 1). In general, the RA1SI.ave values for T1 screws are slightly 
higher than for T3 screws. The higher RA1S1,ave values indicate that AISI is slightly more conservative for 
T1 screws than it is for T3 screws. The conservatism for T1 screws is understandable since AISI does 
not distinguish between T1 and T3 screws. 
Individual values of RAIS1 are as low as 0.82 and as high as 1.54. The most noticeable trends 
that seem to be present are that AISI is sometimes non-conservative for screw tilting/bearing failure in 20 
and 18 gage and generally conservative for screw shearing in 16 and 14 gage. Most of the non-
conservative R".lSI values are for the low ductility specimens with T3 screws. Conservative R A1S1 values 
can, in most instances, be attributed to the AISI requirements of P,emi,. 
To account for the possible non-conservative calculated AISI shear capacities for low ductility 
steel, an adjustment on the design Fu can be made. Since the lowest R,AISI value is 0.82, this study 
suggests that the 0.82"Fu can be used for steels with FulFy ratios as low as 1.01 and elongations as low 
as 3% for a 2 in. gage length and as low as 13% for a Y, in. gage length. This is somewhat less 
conservative than the 0.7S"Fu proviSion which is stated in Section A of the AISI Specification. 
The AISI Phm,' provision appears to be overly conservative in instances where tilting/bearing 
failure govems. Although an added factor of safety is warranted for the brittle failures associated with 
screw shearing, it may be overly conservative to apply the additional safety factor to screws failing in the 
very ductile tilting/bearing limit state. This argument is best explained by examining the 16 gage 
specimens. More so than the other tested specimens, 16 gage normal and low ductility specimens 
appeared to possess the required material properties which produced a nearly equal chance of either 
tilting/bearing failure or screw shearing failure. In all instances, the 16 gage specimens failed in a very 
ductile manner. Only after an excessive amount of screw tilt had already taken place, did some screws 
eventually shear. Therefore it appears that the path of least resistance, in those instances where the 
connection has an equal chance of failing either by tilting/bearing or screw shear, is the ductile 
tilting/bearing limit state. This may be due in part to the resulting increased shear plane on the screw 
once the screw tilts even the smallest amount. To remedy the conservatism associated with Plimit as it is 
presently implied in AISI, it is suggested that plim,! should only be applied when Pns P". 
EvaluationQ( Single Screws in Single Shear Due to Screw Tilting 
The shear capacity for tilting/bearing failure, Pcomp, of hex head self drilling screws is mainly a 
function of the screw diameter (d), the thickness of the steel (t), the tensile strength of the steel (Fu), the 
tensile to yield ratio of the steel (FulFy), and the size of the screw tip (T1, T2, T3, etc.). The following 
development will be based on T3 screws with the intent that the subsequent equations can also be 
conservatively applied to T1 screws. This is possible since the use of T1 screws will produce 
connections with higher shear capacity than T3 screws. 
The preferred method of comparing the different steels used in this study is to use the 
dimensionless quantities, P/(Fu"d2), and tid. The dimensionless quantities are computed in Table 5 and 
plotted in Figure 11. Using linear regreSSion, Equation 5 was derived and is shown on Figure 15. 
Defining Pcomp as the computed ultimate shear capacity, Equation 5 is as follows: 
Pcomp Fu"d2 (2.4607 tid - 0.1232) Equation 5 
Based on the ratio Rs = PIP comp (Table 5) it is observed that generally the normal ductility 
specimens have Rs values higher than 1.0 while low ductility specimens have Rs values less than 1.0. 
This is an indication that a correction should be applied to Equation S to account for the yield to tensile 
ratio, FulFy. of the steel. To account for Fu/Fy, P/Pcomp is plotted against FulFy in Figure 12. Using non-
linear regression to fit the best possible second degree polynomial curve, Equation 6 was derived and is 
shown on Figure 12. 
P/Pcornp = -1.878 (FulFy)2 + 5.2083 F./Fy - 2.4703 Equation 6 
Examining Equation 6 further, it is evident that the maximum value of P/Pcomp takes place when 
FulFy is equal to 1.39. This suggests that the optimal steel for single shear screw connections is one with 
a FulFy ratio of 1.39. Furthermore, if we substitute P/Pcomp = 1.0 and solve for FulFy , the result is that 
FulF, is equal to 1.11 or 1.66. In other words, Equation 6 suggests that for steels with Fu/Fy values lower 
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than 1.11 and higher than 1.66, a reduction in ultimate shear capacity can be expected. Reductions in 
ultimate shear capacity for low values of FjFy can be explained by the fact that such steels have a 
lower ability to redistribute stress. The shear capacity reduction that seems to be associated with Fu/Fy 
values above 1.66 may be explained as follows. For steels with large FjFy values, an excessive 
amount of elongation can be expected to take place for shear connections between the time when the 
connection reaches a stress level of Fy, and the time it reaches Fu. Subsequently, along with the 
excessive amount of elongation that takes place between yield and ultimate, an excessive degree of 
screw tilt can be expected. Excessive screw tilt will most likely lead to a weaker connection. 
Combining Equations 5 and 6 and solving for P, Equation 7 results: 
Equation 7 
Where: 
C, = [-1 .878 (FjFy/ + 5.2083 (Fu/Fy) - 2.4703J 
In effect what has been accomplished is the derivation of a reduction factor, CF, which takes Into 
account the Fu/Fy ratio. Note that CF is valid for FuiFy ratios between 1.01 and 1.61. The lowest 
possible value of CF is 0.874 which occurs at an FjFy ratio of 1.01. This shows that the 0.75*Fu 
provision of AISI Section A for low ductility steels with Fu/Fy ratios lower than 1.08 is conservative for 
screw connections in single shear. It is suggested that CF should be applied to Equation 7 as follows: 
When 1.08 < FjFy S 1.61 
When FjFy S 1.08 CF = -1.878 (Fu/Fy) + 5.2083 (FulFy) - 2.4703 
Notice that between the values of FjFy equal to 1.08 and 1.11 , a low CF value of 0.965 can be 
expected. This degree of unconservatism seems reasonable in order to maintain consistency with the 
Fu/Fy limit of 1.08 already established in Section A of the current AISI Specification. This is especially 
true when one takes into account the ductile failure mode associated with even the most low ductility 
steel, and the fact that a factor of safety will be applied. 
Conclusions 
Screws subjected to single shear generally failed in one of two ways. The thinner gages such as 
16 gage (0.052 in.) and lighter typically failed by tilting of the fastener in combination with bearing failure 
of the screw hole. The heavier gages such as those greater than or equal to 14 gage (0.067 in .), 
generally failed by screw shearing. All low and normal ductility specimens failing by screw tilting/bearing 
did so in a very slow, ductile manner. For both low and normal ductility specimens, failures occurring 
due to screw shearing were somewhat sudden and non-ductile. For the tilting/bearing failure mode, there 
was evidence that this limit state was influenced by the yield to tensile ratio Fu/Fy of the steel. The FjFy 
ratio did not appear to effect the screw shearing limit state. 
For the steel used in this study, screws resisting shear either perpendicular or parallel to the 
grain of cold reduction exhibited about the same shear capacity. Therefore it appears that for all 
practical purposes, screws resisting shear in either grain direction can be designed in the exact same 
manner provided that the steel possesses the properties within the limits of the steel used for this study. 
In addition, since the yield strength, Fy, the tensile strength, Fu, and the yield to tenSile ratio, FjFy, are all 
generally the same or slightly less for grain parallel steel than they are for grain perpendicular, it would 
be conservative to use the grain parallel material properties for designing grain perpendicular 
connections. 
As expected, Tl screws provided more shear capacity than T3 screws. The difference between 
Tl and T3 shear capacities were less pronounced with #10-16 screws than they were with #12-14 screws. 
The important information realized from comparing the performance of T3 screws to T1 screws, is that 
one can develop a tilting/bearing equation for T3 screws and conservatively apply the equation to Tl 
screws. 
AISI predicted shear capacities for Single screws in single shear were conservative in every case 
except for low ductility specimens uSing T3 screws and failing due to tilting/bearing. In order to account 
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for such non-conservative predictions, Equation 7 can be used. Equation 7 appears to be applicable to 
steels with Fu/Fy ratios as low as 1.01, and percent elongations as low as 3% for a 2 in. gage length and 
13% for a Y, in. gage length. 
Failures for double screws in single shear followed the same basic pattern of failures for single 
screws in single shear. It was somewhat surprising however to learn that the use of two screws 
longitudinal to load will not necessarily yield dOUble the shear capacity of using one screw. This seemed 
especially true of the normal ductility steel in this study. Whereas low ductility steel achieved an average 
of 99% of expected capacity, normal ductility steel achieved only 90% of expected capacity. The 
reduced performance of normal ductility versus low ductility perhaps was a result of greater sheet 
separation that took place with normal ductility specimens. Increased sheet separation may have 
produced more secondary effects in the normal ductility material which led to slightly premature failures. 
It appears that more research should be conducted on multiple fasteners in order to arrive at a possible 
reduction factor associated with such applications. 
For self drilling screws in dOUble shear, both normal and low ductility specirnens failed due to the 
screw tearing cornpletely through the steel. For low ductility specimens, it was observed that the onset of 
tearing took place when the hole elongated to about 1.5 to 2 times the original hole diameter. The onset 
of tearing for normal ductility specimens occurred at a hole elongation of about 2.5 to 3 times the original 
hole diameter. For each rnaterial type, tearing did not occur until after ultimate load was reached. 
Comparing the double shear test results to the AISI screw provisions does not seem very 
meaningful. The reasons for this conclusion are tWO-fold. First. AISI does not include nornenclatures 
which seems applicable to double lap connections. And second, AISI never explicilly states that the 
screw equations are applicable to anything other than Single lap connections. Therefore, the double 
shear test results were corn pared to the AISI bearing provisions for bolts. Once the test data was 
analyzed, a tested nominal bearing of 3.1563 Fu was derived. This compared favorably with the nominal 
bearing stresses defined in AISI Table E3.3-1. To more accurately account for steel ductility however. 
Equation 4 can be used. 
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Appendix - Notations 
CF •••••••••••••• Reduction factor as a function of FJFy for single screws in single shear 
d ................ Shaft diameter of screw (in.) 
Fb ••••••••••••••• Tested nominal bearing stress according to regression analysis with a zero intercept 
(psi or ksi) 
Fp ............... AISI nominal bearing stress (psi or ksl) 
F u. ..••.•.•••••• .T ensile strength of steel (psi or ksi) 
Fy ............... Yield strength of steel(psi or ksi) 
p ............... .Tested ultimate shear capacity of single screws in single shear or computed ultimate 
shear capacity after FJFy is taken Into account (lb.) 
pcomp •••••••••••• Calculated ultimate shear capacity of single screws in single shear before FulFy is taken 
into account (lb.) 
Pd ............... Tested ultimate shear capacity of single screws in double shear or computed ultimate 
shear capacity after FJFy is taken into account (lb.) 
po.comp •••••••.••. Calculated ultimate shear capacity of single screws in double shear before FJFy is taken 
into account (lb.) 
Pns. ............ .AISI calculated ultimate shear capacity (lb.) 
Pss. ............. Manufacturers published ultimate shear strength of screws (lb.) 
R A1S1 ............ P/Pn• 
RAiShave .•••••.•• Average value of RA1S1 for a given ductility using a given screw type. 
Rd .............. P JP •. camp 
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Typical tilting/bearing failure of a single screw in single shear 
Figure 3 
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Figure 4- Load vs. Deflection For Single #12-14,T3 Screws 
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Figure 5- Load vs. Deflection For Single #12-14, T3 Screws 






Tilting/bearing failure of two screws in single shear 
Figure 7 
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Figure 9- Evaluation Of Double Shear Test Data For #12-14, 
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Figure 11-Evaluation Of Test Results For Tilting/Bearing 
Failure For Screws In Single Shear 
Equation 6 
0.20 0.40 0.60 0.80 
• 
* • --~ 
+. 
1.00 120 lAO 1.60 
Figure 12-P/Pcomp vs. Fu/Fy For Screws In Single Shear 
0.300 
1.80 
Table 1- Average Steel Material Properties 
Average Properties For Grain Parallel 
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1) For each gage in each material type, 4 tensile tests were conducted in accordance with ASTM A370-94. The 0.2% 
offset method was used to determine Fy. 
2) The properties listed for grain perpendicular were derived from tensile coupons that were taken tranverse to the rolling 
direction of the coil. Properties listed for grain parallel were derived from tensile coupons that were taken parallel with 
the rolling direction of the coil. 





















Table 3 - Test Results For T1 Tek Screws vs. AISI Tilting/Bearing Provisions 
For Single Screws In Single Shear 
Malerial 
Type Gage : Screw Pn• (lb.) RA1S1,ave 
"- Normal 591 438 01 
:; Normal 662 
u 




I:- 1.331 <Il 11201 
Il. I 1.511 c 11201 1.27 
'i! 715 465 1.541 
Cl 931 703 1.32 
~-~--~~ 
1747 1534' 1.14 1.33 
1063 1080' 0.98 
1656 1600 1.04 
'~2b91 ~-,-~"-- 1.11 #12-14, T1 1600 1.31 
Normal 20 #10-16, T1 617 439 1.411 
Normal 18: #1 0-16,T1 776 6441 ·-T.2b~ 
Normal 16#10-16,-T1 1567 --1120~-1AO 




Cl I Normal 1850 1.37 
1294 ~O~ 
18#12-14, T1 • 1574 1540 1.021 
Low 16i#12-14,'Tf"'-~ -~1936 1600 1.21 1.10 
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Table 4 - Test Results For 13 Tek Screws vs, AISI Tilting/Searing Provisions 
For Single Screws In Single Shear 
Material P 
Type Screw Ib,) 
Normal t-- 20 #10-16, T3 526 Normal 181#10-16, T3 • 703 
..........................•... .l ......... ___ ~ __ ~~._._. 
Normal 16!#10-16, T3 • 1379 1.16 
Low 20#10-16, T3 • 0.82 
... Low 1 1,26 
.!S 
;:J Low 1,50 1,19 u 
'5 Normal 1,09 c:: 
a; Normal 1,05' Q. 
... 
Normal 6:98' a; 1,04 D.. 
c:: Low 0,82. 
'e Low 






Low 1802 (f8i 
Low 208O, 0,99 0,92 
Normal 439. 1.24 
Normal 644 1,061 
-Normal 1120 1,28 1,19 













Low 1246 1288 
Low 1487 1649 
Low 2019 1889t--- 0,98 
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Table 5 - Evaluation Of Test Results For Single T3 Tek Screws In Single Shear For 
ScrewTilting/Bearing Failure 
I IFY !Fu ' ip ! I Pcomp 




_ 20 Nor~ __ ~.02!lj 35800 48700 1.361 526 0.154 0.306 441 1.19 
_ 18 Normal ! 0.041 28400 43800 1.54 703 0.218 1_. -OO.·6~05~04 _._ 1B3._41'~11-_11-·.0105 
16 Normal 1 0.053 57000 65000 1.14 1379 0.282 
20 Low 1 0.032! 93000 I 97600 1.05 834 0.170 0.242 
:;; 18 Low 0.043, 903001 97600 1.08 1410 0.229 0.409 





'5 #12-14, T3 , 0.212 .. ~0I/'oJorm'3'-_1 0.029 35800 48700 1.36 5051 0.137 0.2311 467 1.08 
~ 18 Normal I 0.041 28400 43800! 1.54 7351 0.193 0.373 694 -1:06 
~ 16 Normal 0.053 57000 65000T 1.141 149910.250 0.513 1437 1.04 




1/4-14, T3 ! 0.243 
I 
#10-16, T3 0.188 





18 Low 0.043' 90300 97600 1.08 1307to:Z03j---0298 ---------:uJ4gr D.79 
16,Low 0.051 877001 91400 1.04 1738 0.241 0.423 1926 0.90 
20 Normal 0.029 35800 48700 1.36 __ 639 0.11~1 0.222 490 1.30 
18 Normal 0.041 28400 43800 1.54 720 0.1691 0.278 755 0.95 
~ 16 Normal 0.053 57000 650001 1.14 15491 0.218 _~4g~TI_ 15,sl. O~ 
14 Normal 0.072 58400,664001 1.14! 23131 0.296! 0.590! 2376 -0.97 
20 Low 0.032, 93000 97600L 1.051 10591 0.1321 0.184' 1157 0.91 
18 Low ,0.043, 90300 97600 -f081563[o.177 I 0.271 1799 0.87 
-Tetciw ~o.o5i -87700, 91400 1.04 2049 0.210 0.380 2122 0.97 
20'Normal 0.029 37600 48800 1.30 543 0.154 0.315 442 1.23 
18 Normal 0.04 27400 44200 1.61 683 0.213 0.437 625 1.09 
! 16 Normal 0.054 55700 66500 1.19 1437 0.287 0.611 1372 1.05 
L 20 Low 
16 Low 
0.037 86000 87400, 1.02 1051 0.1971_ 0.34011~5L ,cJ.94 
I 0.043 88400 89300 1.01 1246 0.2291_'-0.395 -- 13881 0.90 
0.05 75100 81600 1.09 1600 0.2660~555 15321 1:0'4 
20 Normal 0.029 37600 48800! 1.30 5011 0.137 0.228 4681 1.07 
i37il "1.10 ~ 18 Normal I 0.04 27400 44200(..1 c61! 74810.189 - 0.37i] 16 Normal 0.0541 557001 665001 1.19' 1515 0.255 0.507' 1505 1.01 
, 20!Low ! 0.0371860001 87400 1 1.021 1056 0.175 0.269 1 




0.243 '~~~H_0~~~~;~~~-1~~~1 ~:~~ ~:~ ~:~~~I ~:;~: *--+M 
161Normal 0.054! 55700 66500L1.:.19T 1665.L<l}.33. _0:424' '1663 1.00 
r- 141Normal 0.072' 532001 62600! 1.18 2398: 0.296'0.649 -'2240 1.07 
I 
! 20 Low 0.037 86000187400 .1.02, 12461 O.~ 0.2411 1298, 0.96 
~~ __ 1!l Low L.2:.~3j 88400189300 1.011 1487' 0.177' 0.2821 16461 0.90 
, 16 Low i 0.051 751001 81600 1.09 2019]0206'1 (J,419T--1846r--1.09 
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Summary 
The basic design requirement for screws in light gauge steel construction is the strength of the 
screw in a given application (metal-to-metal, wood-to-metal, or metal-to-wood) based on the 
body diameter of the screw, This statement is clearly obvious from the current AISI screw 
specifications for lap shear metal-to-metal connections, Recent research has shown that the 
performance of a screw fastener may also depend on other features of the scrcw including the 
head and thread style, and the method of installation (stripped versus unstripped screws), The 
data presented in this paper address these issues for lap shear connections designed with No. 12 
self-tapping screw fasteners. The tests included connections in which the fasteners were properly 
installed and connections where the fasteners were stripped. The results show that the head style 
and thread form may have a significant effect on the capacity of the screw fastened lap shear, 
even where the screws are stripped. For a given type of screw, the results seem to indicate that 
any beneficial effect of a particular screw design may be diminished in connections where many 
fasteners are used. 
Introduction 
Metal-to-metallap shear connections are common in flat-strap diagonally braced wall and in roof 
trusses. The type of application involved usually governs the style of screw used. For example, 
for a flat-strap tension brace, a screw with a thin (flat) head is required since the wall must be 
covered and build-up of material is to be avoided. However, since no material is being applied 
over the screws in the trusses, the advantage of using different head styles can be realized. 
When specifying self-tapping screw fasteners, designers have two basic options: (1) use the AISI 
Specification to detcrmine strength or (2) rely on data provided by the manufacturer. The purpose 
of this pilot tcst program is to investigate the behavior of light gauge shear connections using 
nominally equivalent No. 12 screws from three different American manufacturers/distributors. 
As such, the connections were designed for failure resulting from bearing or pullout of the 
screws in the metal. 
The current edition of the AISI screw connection provisions (CCFSS 1993), which is based on 
over 3,000 tests, provides a conservative estimate of the connection design strength in 
metal-to-metal connections. In residential construction, the sizes of screws used do not vary as 
widely as the range of sizes covered in the AISI screw provisions. Thus, its seems appropriate 
that for the limited range of sizes used in residential construction, a smaller data set can be 
rtp'vpl,rm,"" and the of different screw realized. 




Four series of lap-shear tests were conducted in this test program. These series included properly 
installed fasteners, stripped fasteners, and cOlmections with different fastener configurations as 
indicated below: 
X4 series: properly installed screws (no stripping)--4 screws in the connection 
X4S series: same as X4 except screws purposely stripped during installation 
X2 series: properly installed screws (no stripping)--2 screws in the connection 
X2S series: same as X2 except screws purposely stripped during installation 
The typical specimen dimensions and screw spacing ofthe lap shear connection are shown in Fig 
I. The screw pattern (end, edge, and center-to-center dimensions) was determined based on the 
AISI recommendations for screw fasteners (CCFSS 1993) such that yielding, fracture, and block 
shear were precluded in the 20 gauge coupons, prior to failure of the connection in bearing. All 
screws were installed with a minimum of three threads of penetration beyond the holding 
(substrate) plate. 
125" 
Figure 1 Specimen dimensions 
All connections used the same nominally specified screw, a No. 12. The basic difference between 
the screws was the head style and in one case (Type C), the thread style. The head styles used 
included Pancake head: Type A, Hexagon Washer Head: Type B, and Hexagon Washer Head 
with large washer: Type C. Figure 2 illustrates the basic screw configurations. The threads in the 
Type C screw were flat on the head side and inclined on the point side. 
All screws were installed with a DeWalt DW264 2500 rpm screw gun. For the X2 and X4 tests 
series care was taken to ensure that the installed screws were not stripped. This was 
accomplished by setting the clutch on the screw gun to disengage at a defined level of torque. In 
the X2S and X4S series, the screws were purposely overdriven to ensure stripping in the metal. 
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Figure 2 Screw configurations 
To evaluate the performance of the screws, in all the test series the following measurements were 
recorded: (1) the maximum load capacity (stripped and unstripped specimens) and (2) the 
break-loose and residual torques of untested stripped and unstripped connections, The 
break-loose and residual torques were measured using a Snap-On Torqometer, as illustrated in 
Figure 3. 
Figure 3 Torqometer 
Test Procedure 
All tests were performed in a 10,000 lb. Applied Testing Systems, Inc. universal test frame. The 
machine had the capability to apply a eonstant free running stroke rate, After a specimen was 
installed in the test machine, Figure 4, the load was zeroed and the free-running loading rate set 
li9ht Gauge Steel Re$earch GrQUp, Santa Clara University, Santa Clara, CA 95053 
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at 2 in.lmin. The specimen was then loaded to failure. Failure was described at the point of 
maximum load. After the maximum load, lateral displacement of the wall was continued until the 
load dropped off approximately 10 percent. To provide some measure of reliability, three 











All specimens failed as a result of bearing in the metal due to engagement of the threads. The test 
results for maximum load and measured torques for the X4 and X4S test series are given in 
Tables 1 and 2 for the tested and untested specimens. 








Range of maximum 
loads. 
lb. 
2424 -- 2962 
2413 -- 2949 
2945 -- 3599 
I specimen AX: fiat head. specimen ax: hex head with small washer, 
specimen CX: hex head with large washer 
, average of 4 screws 
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Table 2 Series X4S test results: tested specimens 
Average I 
Maximum Range of maximum 
Maximum load, Load, I loads, 
Specimen I Ib, lb.' Ib 
AIS 2,465 
• 
A2S 2,588 2550 2295 .2805 
A35 2,597 
BIS 2,536 
B25 2,53B 2536 2282·2790 
B35 2,533 
CIS ),167 
C2S 3,072 3098 2788·3408 
C3S 3,054 
I specimen AXS: fiat head. specimen BXS: hex head with 
srnall diameter washer. specimen CXS: hex head with large 
Results on the break-loose and residual torques for the untested specimens are given in Tables 3 
and 4 (no load was applied to the connection in the untested specimens). 
Table 3 Series X4 test results: untested specimens 
Measured Torque', 
Ib·in. 
Spedmen' Break·loose Residual Residual Residual Ib·in, I rev. 2 rev. 3 rev. 
A 18,25 17,67 12.00 4.00 
B 34.75 12.50 10.25 11.50 
C 46.75 23.25 19.00 15.00 
I specimen A; flat head, specimen B: hex head with small diameter washer. specimen C: 
hex head with large diameter 'Nasher 
, average of 4 screws 
Table 4 Series X4S test results: untested specimens 
Measured T orque1• 
Ib.in 
Specimen' Residual I Residual 2 Residual) 
rev. rev. rev. 
AS 6.75 19.69 18.33 7.25 
BS 15.75 17.75 14.75 7.75 
C5 15.5 19.75 26.25 23.25 
....... _ .. 
I 
I 
I specimen AS~ flat head, specImen as: hex head with small diameter 'Hasher, specimen 
CS: hex head with large diameter washer 
, average of 4 screws 
Similar results for lap shear connections with only two screws are given in Tables 5, 6, 7, and 8. 
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Table 5 Series X2 test results: tested specimens 
,I Average ! Maximum Range of maximum 
I Maximum ioad,! load. loads. 
iSpe<:lmen i ~ . ~ lli 
MI 1,365 
M2 1,411 1378 I 1240-1516 
M3 1,357 
SBI 1,382 
BB2 1,459 1430 1287-1573 
BS3 1,448 
CCI 1,797 
CC2 1,773 1808 1627-1989 
CC3 i 1,855 
, 
specrmen AXS. flat head. specimen BXS, hex head wnh 
small diameter washer. speclmen CXS: hex head with large: 
diameter washer 
2 average of 2 screws 
Table 6 Series X2S test results: tested speeimens 
I 
Average Ii 
Maximum Range of maximum 
Maximum load. Load.! loads. 




32 1319 1187-1451 
AA3S 1.366 
B81S 1,344 




cas 1,637 1607 1446-1768 
COS I:~ 
I specimen AXS: flat head. specimen BXS: hex head with 
small diameter washer. specimen CXS: hex head with large 
diameter washer 
l: average of 2 screws 







Measured T orque1, 
Ib,in 
specimen M flat head, specimen BB: hex head with small diameter washer. spe<:imen 
CC: hex head with large diameter washer 
, average of 2 screws 
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Table 8 Series X2S test results: untested specimens 
Measured Torque1, 
Ib.ln 
Specimen' Residu.1 Residual 
Break-loose I rev. rev. 3 rev. 
AAS 8.5 IS I.S 5.5 
BSS 20.5 13 9 
CCS 23 29 30 32 
I spedmen AS: flat head. specimen 85: hex head with small diameter Y('dsher, specimen 
CS; hex head with large diameter washer 
1 average of 2 screws 
The torque values given in Tables 3, 4, 7, and 8 provide an indirect method of evaluating the ease 
with which screws in a counection may be loosened (for example by vibration). Type C screws 
had consistently higher break-loose and residual torques compared to the Type A and B screws. 
Discussion of Test Results 
The maximum load values for the stripped and unstripped test specimens (2 and 4 screws) were 
normalized with respect to the Type A screw connection and the results are summarized in Table 
9. In all cases, the values in the table indicate that the capacity of the Type C screw exceed that 
of the other screws by 21 to 31 percent. In addition, the pancake and hex washer screws had 
approximately the same capacities. The higher capacity of the Type C screws was apparently due 
to the unique thread form and head style (larger washer and recess under the head). 
A comparison of the maximum load capacities for the 2-screw and 4-screw connections (Table 
10) , unstripped versus stripped values, shows that the capacity of the unstripped connection is in 
the range of 4 to 12 % more than the stripped connection. The largest increase being measured in 
the 2-screw connection. Comparing the X2 series with the X4 series suggests that any benefits 
derived from special screw design may not be fully realized in connections with close screw 
spacing. For the X2S and X4S series, the maximum load ratios are approximately the same (4% 
increase with less screws). 
Table 9 Maximum load capacities normalized with respect to Type A screws 
lighl Gauge Sleel Rosearch Groop, Santa Clara Univ-orsity, Santa Clara, CA 95053: 
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Table 10 Comparison of maximum load capacities (per screw) for 2-screw and 4-screw 
connections 
I S<:rew Maximum load ratio Maximum load ratio Maximum load ratio I Maximum load ratio I 
Type X2IX~ X2SIX4S X~IX~S X2IX2S 
A 1.02 1.03 1.06 ± 1.0~ I B 1.07 1.0~ 1.06 1.08 
C 1.10 1.0~ 1.06 
....... I 1.12 
Based on these preliminary tests, it appears that the Type C head and thread style allows the 
connection to develop a higher capacity. This screw performed better than the other screws in 
terms of both maximum load and torque. The higher average load values for the TYPE C screws 
are probably due to (1) the high friction developed at the shear interface (as a result of 
deformation of the metal sheets under the head) and (2) bending of the washer as the screw tilted. 
In addition, the consistently higher values of the measured torque, for the Type C screws, shows 
the advantage of flat treads and the clamping action of the deformed metal under the screw head. 
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EVALUATION AND MODELLING OF mE MATERIAL PROPERTIES 
FOR ANALYSIS OF COLD-FORMED STEEL SECTIONS 
Nabil Abdel-Rahman1 and K. S. Sivakumaran2 
The results of two series of experimental investigations to evaluate the mechanical properties and 
the residual stresses of cold-formed steel (CFS) sections are reported in this paper. These 
investigations were performed on channel-shaped CFS sections manufactured using cold-roll 
forming technique. Tensile coupon tests were used to evaluate the mechanical properties at 
different positions of the channel sections. Electrical resistance strain gauges with an "Electrical 
Discharge Machining" cutting technique were used to establish the magnitudes and the 
distributions of residual stresses within the channel sections. Based on the experimental results, 
appropriate analysis models for the stress-strain relationship, the variation of the yield strength, 
and the residual stresses in CFS channel sections are established. These models are incorporated 
within a large deformation shell finite element to form a model for cold-formed steel sections. 
The finite element model is evaluated against experimental results of CFSsections in compression. 
1. Introduction 
The development of an appropriate analytical model to predict the behaviour of cold-formed steel 
(CFS) structural members requires a correct representation of the corresponding material 
characteristics. The steel characteristics that are of interest include (a) mechanical properties 
(uniaxial stress-strain behaviour, including values for the proportional limit, the yield and ultimate 
strengths, the yielding plateau, and strain hardening) and (b) residual stress state (initial pre-
loading state of stress). The techniques used in the manufacture of CFS sections, such as cold-roll 
forming, are expected to induce substantial changes on the characteristics of the CFS material, 
as compared to virgin sheet steel. Large deformations are expected to occur in the section due 
to the cold bending operation. The deformations expected at flat parts of the section may be 
elastic deformations, however, the deformations expected at corner parts of the section are 
essentially plastic deformations. Once the cold bending operation is completed and the formed 
section is released, the elastic deformations at flat parts and the released elastic strains at corner 
parts can not recover due to the shape restriction. This behaviour results in the generation of 
trapped longitudinal and transversal residual stresses in the section. Meanwhile, the unreleased 
plastic strains at corner parts result in significant changes in the mechanical properties of the 
material due to "strain aging" phenomenon (Chajes et aI., 1963). 
1. Graduate Student, 2. Associate Professor, 
Department of Civil Engineering, McMaster University, Hamilton, Ontario, CANADA. L8S 4L 7 
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In general, the non-uniformity of the cold work applied to a CFS section results in different 
mechanical properties and different magnitudes of residual stresses across the section. Limited 
experimental studies on the effects of the cold work on the mechanical properties of CFS sections 
(Karren and Winter, 1967 and Coetsee, et aI., 1990) and on the generation of residual stresses 
(Ingvarsson, 1977 and Weng and Pekoz, 1990) have been reported in the literature. This may be 
due to the well-known design idea that the existence of residual stresses in CFS sections cancels 
the effects of any improvement in the material properties due to strain hardening and aging. 
This paper presents the results of two series of experimental investigations to evaluate the 
mechanical properties and the residual stresses of CFS sections. The investigations were 
performed on zinc-coated lipped channel sections manufactured in Canada using the method of 
cold-roll forming. Two different sections of steel type A 446/A 446M (ASTM, 1994) were 
considered in the study. The first section was a 203 mm (8 in.) deep, 1.91 mm (0.075 in.-14 
gauge) thick, Grade D steel with a minimum specified yield strength of 345 MPa (50 ksi). The 
second section was a 10l.5 mm (4 in.) deep, 1.22 mm (0.048 in.-18 gauge) thick, Grade A steel 
with a minimum specified yield strength of 228 MPa (33 ksi). Based on the current results and 
the results of previous researchers, this paper proposes analysis models for the variation of the 
yield strength, the stress-strain relationship, and the distribution of residual stresses across CFS 
channel sections. The paper also compares the results of a finite element analysis using the 
proposed models to the experimental results ofCFS sections subjected to axial compressive loads. 
2. Mechanical Properties of Cold-Fonned Steel Sections 
The mechanical properties of the cold-formed steel (CFS) channel sections were evaluated based 
on 41 tensile coupon tests. The coupons were cut along the longitudinal direction of the two 
channel sections. The exact positions of the coupons in the web, flanges, corners, and lips of the 
sections are shown in Figure I(a). For each position, a minimum of two coupons were tested. 
2.1 Preparation of Tensile Coupons and Test Procedure 
The tensile coupons consisted of (a) 13 standard flat coupons (positions A-4, A-8, A-9, B-4, and 
B-8, length 200 mm, width 12.50 mm), (b) 19 non-standard flat coupons (positions A-I, A-3, A-
5, A-7, B-1, B-3, B-5, and B-7, length 200 mm, width 6.25 mm), and (c) 9 non-standard curved 
coupons (positions A-2, A-6, B-2, and B-6, length 300 mm, corner width). The standard flat 
coupons were dimensioned according to the guidelines provided by the ASTM Standards A370-
92, "Standard Test Methods and Definitions for Mechanical Testing of Steel Products", (ASTM, 
1994) for sheet-type materials. The non-standard flat coupons had narrower width to be close 
to the corners. The curved coupons were dimensioned longer than the flat coupons to minimize 
the bending effects in the centre of the specimen during testing. The grip sections of the curved 
coupons were not flattened so that to keep the centre of the applied tensile force during the test 
aligned with the centre of the specimen within the gage length. 
The tensile coupons were tested in a 250-kN capacity MTS (Material Test System) machine. A 
load range of 10% (with a fuJI load of 25 kN) was adopted for the test. The coupons were 
mounted in the testing machine using the gripping devices and aligned with the vertical axis of 
the machine. The axial load was applied at a constant rate of 3.0 mm/min. A calibrated 
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Figure l(a) Positions of tensile coupons for sections (A) and (B) 
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Figure l(b) Stress-strain curves for cold-formed steel channel section (A) 
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extensometer of 50 mm gage length was used to measure the axial elongation of the coupons 
during the test. A strain range of 10% was adopted for the initial part of the test in order to 
increase the accuracy of the elongation readings during the elastic behaviour of the coupons. The 
strain range was then increased to 50%, beyond an equivalent strain limit of 0.02, in order to 
monitor the plastic behaviour of the coupons up to failure. The voltage readings of both the axial 
load and the axial elongation during the test were recorded using a two-channel data acquisition 
system. A real time display of the load-elongation relationship during the test was obtained by 
connecting a personal computer with a "Lab-Tech Notebook" computer software to the data 
acquisition system. 
2.2 Tensile coupon Test Results 
The stress-strain relationship of a tensile coupon was derived from the load-elongation 
relationship using its original cross-sectional area and the gage length. The cross-sectional area 
of a flat coupon was determined by measuring the actual minimum width and thickness within 
the gage length to the nearest 0.01 mm. The minimum base thickness was determined by 
excluding the coating thickness. The cross-sectional area of a curved coupon was determined 
from the geometry of the comer part of the section, knowing the base thickness and the inside 
and outside radii. Figure I (b) shows a sample of the resulting stress-strain curves for section (A). 
In this figure, note that the specimens A- I, A-6, and A-9 were taken at the lip, rounded comer, 
and at the web, respectively. Similar curves were derived for all tensile coupons, but are not 
shown here due to the space limit. However, the average results of the mechanical properties, 
calculated from such experimental stress-strain curves, for the two test sections have been 
presented in Table I. 
The results show that tensile coupons from flat parts have approximately the same stress-strain 
relationship, yield strength, ultimate strength, and elongation. Although actual data about the 
properties of the virgin steel sheet is not available, this behaviour of the flat parts suggests that 
the cold-roll forming operation did not affect the flat parts of the section. However, the 
substantial changes in the material behaviour are noticed at and around the corner parts as a result 
of the large plastic deformations of the cold forming operation. A considerable increase in the 
yield and ultimate strengths (of at least 23% and up to 47%, depending on the steel grade) occur 
at the comer parts of both the test sections (A) and (B). This increase is accompanied by a 
severe decrease in ductility and a disappearance of the yielding plateau and the strain hardening 
range. The changes adjacent to the corner parts (represented by the next-to-corner coupons) are 
not as significant as for the corner parts, but generally higher than flat parts. 
The steel grade of the test sections is found to have an effect on the yielding type of the tensile 
coupons. As indicated in Table I, while all the coupons of the test section (A) (Grade D steel) 
experienced a gradual yielding type, only the corner coupons of the test section (B) (Grade A 
steel) experienced the gradual yielding type. The other coupons of section (B) showed either a 
sharp yielding or a non-defined (mixed) yielding type. 
Table 1 Average mechanical properties of tensile coupons for sections (A) and (B) 
Position A-I A-2 A-3 A-4 A-S A-6 A-7 A-8 A-9 B-1 B-2 B~3 B-4 
Next Next Next Next 
Pos. Type Lip Comer to Flat to Comer to Flat Flat Lip Comer to Flat 
comer comer comer comer 
B (GPa) 196.7 194.9 193.7 19S.2 188.2 214.1 191.8 19S.2 195.2 184.6 18S.8 197.3 183.7 




Fy(MPa)b 4OS.1 552.3 397.9 385.2 397.1 565.0 379.4 385.2 38S.2 357.2 400.1 333.9 320.0 
Yielding G G G G G G G G G S G N N Type" 
Fu (MPa) 49S.3 604.9 481.8 47S.0 477.2 614.8 479.3 47S.0 475.0 410.0 453.3 364.5 362.0 
Blong. % 25.9 8.2 25.0 30.1 26.0 6.5 28.1 30.1 32.2 21.9 12.1 33.2 35.8 
Fp/Fy 0.69 0.66 0.73 0.76 0.72 0.68 0.75 0.76 0.76 - 0.88 -- -
FufFy 1.22 1.10 1.21 1.23 1.20 1.09 1.26 1.23 1.23 1.15 1.13 1.09 1.13 
FyfFyflat 1.05 1.43 1.03 1.0 1.03 1.47 0.98 1.0 1.0 1.12 1.26 1.05 1.0 
Fu! Fun'" 1.04 1.27 1.02 1.0 1.01 1.~~_ 1.01 1.0 1.0 1.13 1.25 1.01 1.0 
• Fp is the 0.01 % offset strength for gradual yielding materials 
b Fy is the 0.2% offset strength for gradual yielding materials and the yield stress for sharp yielding materials 














































2.3 Model for Variation of Yield Strength 
The current tensile coupon test results, as well as the results given by Karren and Winter (1967) 
and Coetsee et al. (I990), show a significant increase in the yield strength in cold-formed steel 
(CFS) channel sections, particularly at the comer areas and flat areas adjacent to comers. To 
incorporate the variation of the yield strength into an analytical model of the CFS material, it is 
proposed that a lipped channel CFS section be divided into two zones; a corner zone and a flat 
zone. Figure 2(a) identifies the suggested comer zone and the flat zone of a lipped channel 
section. The corner zone includes all the four curved areas of the section, two equivalent flat 
areas on both sides of each curved area, and the two lips of the section. The flat zone includes 
the rest of the flat area of the web and flanges of the section. Each zone will be assigned 
appropriate but different mechanical properties. 
Based on the results of the tensile coupons, the yield strength of the flat zone (F y) is proposed 
to be uniform, and represented by the value of the minimum specified yield strength of the steel 
grade of the section. This means that no increase in the yield strength is to be considered in the 
flat zone of the section. The yield strength of the comer zone (Fye) is proposed to have higher 
value than the corresponding strength of the flat zone. 
Karren (1967) developed a semi-analytical model to predict the increase in the comer yield 
strength (My) as follows: 
JlFy (corner area) [ __ B_c_ ] (r/t)m 1.0 Fy [1) 
where, 
0.819 (Fu)2 1.79, m 0.192 ( I - 0.068 
Fy 
This model suggests that the increase in yield strength at corners is dependant on the ratio 
between the ultimate strength (FJ and yield strength (Fy) of the virgin steel material, the inside 
bending radius of the corner (r), and the thickness of the flat steel sheet (t). The model can be 
used to predict the increase in the yield strength of the corner area only and is not valid for areas 
adjacent to corners (which show increased yield strengths as well). Therefore, the current test 
results and the results given by Karren and Winter (I967), for different shapes of rolled CFS 
sections,were compared to Equation (I). It was observed that the average increase in the yield 
strengths measured within the corner zone, as compared to the flat zone yield strength (Fy), 
usually ranges between 0.60 and 0.69 of the values predicted by Equation (I). Hence, it is 
proposed to use Karren's model to predict the yield strength of the corner zone (F ye), however a 
factor is added to Equation (I) as follows: 
B JlFy (corner zone) = 0.65 [ __ c_ - 1. 0) Fy [2] 
(r/tl m 
Figures 2(b) and (c) show the proposed model for the distribution of the yield strength across the 
lipped channel section and the measured distribution given by the tensile coupon tests for both 
sections (A) and (B). 
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Figure 2(a) Definition of flat and corner zones of a lipped channel section 
15~---------------------------------------, f Symm. Line I 
IA •. p. ........... '1' ..................... '. 
I I / \ ' 
1.3 .1.1....... .1.\ .................. ,. 
~ 1.2 •.• ~ 23% h ~3~ .•••••..........•. j. 
..... I \ / \ • 
£ 1.1 j... / ... \ . - ... - .. - ...... - .. - . L 1 I . 
~ 
1 _ .•• '- ~ange _ H.IfWeb 
0.9 '-'--'--'---'--' __ '--'---'---'---'--'--'--'--'---'---' __ '--'--..l.....I 
C C C FCC C F F 
Zone (~omer, F=flat) 
(b) Sec. (A) - Grade D Steel 
1.5 ~---------------------------------------, 
1.4 _ ........ '" .. -
1.3 .... - .. - - - - -
Synun. Line I 
. 
................ i . 
. . . . . . . . . . . . . . - .. - .. f . 
S 1\ 
... _ " __ . _ . . _ ... _ . . .. l . £ 1.2. - 'f . \ . . .. . 
;t: \ 14% 
1.1 ~""\' 
/ \ 14% i 
. /. .\ .. - ... - ~ - .. - .... 
\ __ ~f~ i 
'- Flange 
- _ .... 
1 ...••. L-__ ~~~~ 
CCC F CCC F 
Zone «()=(:omer. F=flaO 
(e) Sec. (8) - Grade A Steel 
Figure 2(b),(c) Measured and idealized yield strength 
for channel sections of Grades D and A steels 
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2.4 Model for Stress-Strain Relationship 
As a gradual yielding behaviour was observed in most of the tensile coupons, an idealized eJasto-
plastic stress-strain model with a multi-linear isotropic strain hardening rule may be used to 
account for this behaviour. The proposed idealized model, as shown in Figure 3, is based on 
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Figure 3 Idealized stress-strain relationship for cold-formed steel 
In this idealized model, the elastic stress-strain behaviour is represented by a linear segment with 
a slope equals to the modulus of elasticity (E) up to a proportional strength limit (Fp), which is 
equivalent to the initial yielding point of the material. The gradual yielding behaviour can be 
idealized using a bi-linear representation (with tangent moduli ETl and En) between the 
proportional limit (Fp) and the yield strength (Fy) passing through an intermediate yielding 
strength (Fym). This intermediate strength (Fym) is taken as the half-way point strength between 
(Fp) and (Fy). The strain hardening behaviour is next represented by a linear segment with a 
tangent moduli (En). The limit strengths of the idealized stress-strain relationship (Fp, Fym, and 
Fy) for the comer zone and the flat zone of the channel section follow the idealization of the yield 
strength presented in section 2.3. A ratio of (F/ Fy) equals to 0.75 is considered appropriate 
(based on the test results) for both the flat zone and the comer zone of the section. The modulus 
of elasticity (E) is considered equal to 203,000 MPa (CSA, 1994 and AISI, 1991). The proposed 
values for the tangent moduli (ETl , and En) are 100,000 MPa, 20,000 MPa, and 1,000 MPa, 
respectively, which are the best approximation of the results of the tensile coupons. 
3. Residual Stresses in Cold-Fonned Steel Sections 
The magnitudes and distributions of longitudinal and transversal residual surface strains at 
different positions of cold-formed steel (CFS) channel sections were investigated in this part of 
the study. The surface strains were released by slicing the sections into strips using the method 
of Electrical Discharge Machining (EDM), and the strains were measured using electrical 
resistance strain gauges. 
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3.1 Electrical Discharge Machining Method 
Electrical Discharge machining (EDM) is a non-traditional machining process of metals using 
sparks (electrical discharges). The sparks occur in the gap between the cutting tool (electrode) 
and the test specimen (workpiece) in an environment of ionized dielectric fluid (Weller and 
Haavisto, 1984). The use of the EDM method for a residual stress test is considered a relatively 
new technique as most of the work done before, except for the study by Weng and Pekoz (1990), 
was based on conventional saw cutting. The advantages of using the EDM method over the saw 
method are; (a) Avoiding permanent deformations of the test section as excessive clamping is not 
needed, (b) Avoiding vibrations during the cutting process as there is no contact between the 
cutting tool and the test specimen, and (c) The dielectric fluid works as a coolant and also as an 
insulator between the tool and the specimen. The EDM machine used in the investigation was 
a knee-type, quill-head TQH-31 compact electrical discharge machine. The cutting tool was made 
of brass, as it is an excellent conduction material, and was shaped as a rectangular plate having 
a thickness of I mm. Since the brass cutting tool erodes during the cutting process, a new tool 
had to be used after every 3 or 4 cuts. A hydrocarbon oil was used as a dielectric fluid and was 
continuously circulated during the cutting process to flush away the removed material particles. 
3.2 Preparation of Specimens and Test Procedure 
Residual stress tests were performed on two identical specimens for each of section (A) and 
section (B). The test specimens were saw-cut from long CFS columns, well away from the ends 
to avoid any end damage of the columns. The length of the specimens of section (A) was 600 
mm, and of section (B) was 300 mm. The specimens were prepared for mounting the strain 
gauges by removing the zinc coating layer at the positions of the gauges using a 50% solution 
of the hydrochloric acid. Fourteen strain gauges were mounted on each test specimen of section 
(A) and 12 strain gauges were mounted on each test specimen of section (B). The positions of 
the strain gauges on the specimens of sections (A) are shown in Figure 4(a). As shown in the 
figure, the strain gauges were mounted on both the inside and outside surfaces of the specimens 
at each position, except at the lip and the adjacent corner where no gauges were mounted on the 
inside surface as it was difficult to reach. All the strain gauges were of 5 mm length and were 
mounted in the longitudinal direction of the section at the mid-length of the test specimen. One 
5 mm rosette strain gauge was also mounted at position (8) of the second test specimen of section 
(A) to measure the surface strains in the longitudinal, transversal, and 45 degrees directions of 
the specimen. The strain data was recorded by connecting the strain gauges of a single test 
specimen to a strain indicator (Model P-3500) through switch and balance units (Model SB-l). 
The specimen, along with the attached strain gauges, was placed inside the workpan of the TQH-
31 machine and lightly clamped to the bed of the pan at its edges. The workpan was then filled 
with the hydrocarbon oil and the brass cutting tool was mounted in its place. Reading of each 
strain gauge was initialized to zero using the switch and balance units. The cutting sequence for 
the test specimens of section (A) around the strain gauges is shown in Figure 4(b). The specimen 
was supported underneath each cutting path to prevent any local deformations in the surrounding 
area of the cut. When the whole cutting sequence was completed, the cut strips were taken out 
of the work pan, and were left for about 3 minutes to cool down to the normal room temperature. 
The readings of all the strain gauges were then recorded using the strain indicator. 
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Figure 4 Positions of strain gauges for residual strains and cutting sequence for section (A) 
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3.3 Residual Stress Test Resulfs 
The measured values of the released surface strains for section (A) and section (B) are given in 
Table 2, in which a negative surface strain corresponds to a tensile (positive) residual surface 
stress, and a positive surface strain corresponds to a compression (negative) residual surface 
stress. The unreported data at gauges (1) and (14) indicate inside surface locations where strain 
gauges could not be attached. The measured surface strains of CFS channel sections indicate that 
significant surface residual stresses exist in these sections due to the cold roll-forming operation. 
Tensile residual stresses were recorded on the outside surface of the channel sections, and 
compression residual stresses were recorded on the inside surface of the channel sections. This 
observation was consistent with all the test specimens of sections (A) and (B). The major effect 
of the forming operation, at the location of the highest magnitudes of residual stresses, is found 
at the web area next to the curved corner (gauges 4 and 5) for all the test specimens. The lip 
area (gauge I) and the flange-lip corner (gauge 14) also show relatively high magnitudes of 
residual stresses. The web-flange corner (gauges 10 and II) shows lower magnitudes of residual 
stresses compared to the flange-lip corner. This behaviour may be attributed to the forming 
technique and the arrangement of forming rolls. Unfortunately, information about the actual 
forming technique and the arrangement of rolls used by the manufacturer are not available. 
An important observation from the test results reported in Table 2 is that the magnitude of the 
residual stresses on the outside surface of a section at every location is very close to the 
corresponding magnitude of the residual stresses on the inside surface, however, with an opposite 
sign. Similar observations were reported in the theoretical study carried out by Ingvarsson (1977) 
and the tests performed by Weng and Pekoz (1990). This observation may be interpreted as that 
the residual stress distribution in a thin section changes from tensile to compression through the 
thickness, with a linear shape and having almost a zero stress at the centre line of the section. 
The residual stresses in both the longitudinal and transversal directions were investigated at one 
location on the web plate of section (A). The first and second principal strains at this location 
were found to be (-286.5 /ls) and (+13.5 /l8), respectively. It can be noticed that the difference 
between the first principal strain and the recorded longitudinal strain (-284 /ls) at that location 
is less than 1%. This suggests that the longitudinal direction of a CFS section is the principal 
residual stress direction. It also indicates that the magnitudes of transversal residual strains for 
structural CFS sections are not significant compared to the longitudinal residual strains. 
3.4 Model for Residual Stress Distribution 
Based on the current results and the results given by Weng and Pekoz (1990), it is proposed that 
the residual stress distributions for sections (A) and (B) be modelled as shown in Figures 5(a) 
and (b). It is found that a ratio between the longitudinal residual stress and the yield strength (FrJ 
/ Fy) equals to 40% for the comer zone (as defined in section 2.3) represents the average of the 
measured residual stresses in this zone for all the test specimens in the current study. This ratio 
is less than the ratio of 50% suggested by Weng and Pekoz (1990). For the flat zone, an average 
ratio (FrJ / Fy) equals to 12% is found to represent the flat areas of section (A) and an average 
ratio (FrJ / Fy) equals to 18% is found to represent the flat areas of section (B). These ratios 
indicate that the cold work, and consequently the residual stresses, tend to increase on the web 
area when the web is short. Hence, it is suggested that the ratio (Frl / Fy) in the flat zone of a 
634 
Table 2 Measured released surface strains for sections (A) and (B) 
SWUm Surface strain (~e) (ey = 1898 ~e) 
W Outside surface Inside surface 
Measuring Specimen (1) Specimen (2) Specimen (1) Specimen (2) 
gauges· 
e e/ey e e/ey e e/ey e e/ey 
1 -857 -0.452 -892 -0.470 -- -- -- --
14 -1188 -0.626 -1252 -0.660 -- -- -- --
12, 13 -243 -0.128 -250 -0.132 +44 0.023 +75 0.040 
2,3 -141 -0.074 -324 -0.171 +84 0.044 +111 0.058 
10,11 -129 -0.068 -84 -0.044 +200 0.105 +126 0.066 
4,5 -1366 -0.720 -1219 -0.642 +1272 0.670 +1342 0.707 
6,7 -257 -0.135 -302 -0.159 +150 0.079 +220 0.116 
-404 -0.213 -284 -0.150 +246 0.130 +180 0.095 
8,9 + 11 (trans.) 
-164 (45°) 
SWUm Surface strain (~e) (ey = 1567 ~e) 
!Ill Outside surface Inside surface 
Measuring Specimen (1) Specimen (2) Specimen (1) Specimen (2) 
gauges· 
e e/ey e e/Ey E e/Ey E E/Ey 
1 -474 -0.302 -356 -0.227 -- -- -- --
14 N/Ab N/A -388 -0.248 -- -- -- --
12, 13 -149 -0.095 -152 -0.097 +79 0.050 +117 0.075 
2,3 -157 -0.100 -171 -0.109 +221 0.141 +82 0.052 
10,11 -236 -0.151 -252 -0.161 +258 0.165 N/A N/A 
4,5 -698 -0.445 -614 -0.392 +568 0.362 +609 0.389 
8,9 N/A N/A -462 -0.295 N/A N/A +401 0.256 
• Refer to Figure 4(a) 
b Defective strain gauge during the cutting process 
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roll-formed channel section with any width can be assumed with the guide of the above given 
two ratios, 
The residual stress distribution through the thickness can generally be considered linear across 
the whole section, with tensile stress on the outside surface and equal compression stress on the 
inside surface at the same location, The residual stress at any layer through the thickness can 
then be obtained from this linear distribution, 
4. Application of Proposed Material Models in Analysis 
The proposed models for the variation of the yield strength, the stress-strain relationship, and the 
residual stress distribution in cold-formed steel (CFS) sections were incorporated within a large 
deformation finite element computer model for analysis of CFS members (Abdel-Rahman and 
Sivakumaran, 1995). The finite element model utilizes a degenerated isoparametric shell finite 
element based on the method of "assumed transverse shear and membrane strain fields", 
4.1 Test and Analysis of Cold-Fomled Steel Members in Compression 
To identify the efficiency of the proposed material models when applied for CFS members in 
compression, two similar stub-columns of section (A), having length equals to 475 mm, were 
tested up to failure under concentric axial loading. The stub-columns lengths were chosen such 
that to study the pre- and post-local buckling behaviour and to exclude the effects of overall 
buckling, The axial shortening of the two stub-columns and the strain distribution across the 
second stub-column were recorded during the tests along with the axial load. The test setup and 
procedure are explained in detail by Abdel-Rahman (1996). 
A model for the stub-columns was prepared using the large deformation shell element. Figure 
6(a) shows the finite element mesh for one quarter of the lipped channel stub-column. Symmetric 
boundary conditions were imposed at the symmetry lines of the one quarter of the stub-column. 
At the loading edge, the stub-column was subjected to a uniform displacement condition, rather 
than a uniform loading condition. The uniform displacement condition is achieved by applying 
an incremental compressive loading through rigid plate elements. This would mean then, the 
distribution of loading over the edges of the CFS member itself is not necessarily uniform and 
can take any shape depending on the level of loading. The rigid plate elements are restricted to 
undergo axial longitudinal displacements only .. Fixed end conditions are imposed at the loaded 
edges of the CFS member to simulate the test. In order to determine the precise ultimate load, 
and the post-ultimate behaviour of the CFS members in compression, a displacement control 
algorithm was included within the general finite element program. Such an algorithm is based 
on a unified constraint procedure, which enables different control methods to be implemented 
according to the definition of the control parameters (Kanok-Nukulchai, 1990). The displacement 
control algorithm allows the displacement to be incremented at one control node within the finite 
element mesh. The solution of the governing equilibrium equations results in the load intensity 
at load/support points and the displacement vector at other points. The displacement algorithm 
was incorporated with the above mentioned uniform displacement loading technique by selecting 
a control node at the edge of the CFS member. In that case, the rigid plate elements maintain all 
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Initial geometric imperfections were imposed on the finite element model as a double sine wave 
distribution in the web plate, with a half-wave length equals to the web plate width. This 
distribution is, in fact, the expected local buckling shape of the web plate. 
4.2 Comparison of Results 
Figure 6(a) shows the axial load-axial displacement curves obtained from the two stub-column 
tests (Exp. (1) and Exp. (2», and from two finite element models (FE (I) and FE (2». The 
first finite element model (FE (l» does not consider any residual stresses, and considers an 
elastic-perfectly plastic stress-strain relationship with a yield strength equals to the flat yield 
strength value (385.2 MPa) across the whole section. The second finite element model (F.E. (2» 
considers the material models proposed in the current study. The resulting ultimate load from 
each test and finite element model is also shown in the same figure. The results show that both 
finite element models are very efficient in predicting the deformations of the CFS section prior 
to yielding. Both models also predicted somewhat similar ultimate loads, which are in good 
agreement with the experimental ultimate loads. However, a significant difference is noticed 
between the behaviour of the two models when the section begins to yield. Model (F.E. (1» 
could not show the gradual yielding of the section, and exhibited about 60% of the expected 
experimental axial displacement at the ultimate load level. Model (FE (2» showed a gradual 
yielding behaviour, and post-ultimate behaviour, which are in excellent agreement with the 
experimental results. Figure 6(b) shows the axial stress distributions, corresponding to the 
ultimate load levels, of the second stub-column and the two finite element models. These stress 
distributions were recorded at the mid-height positions for both the test and the models. The 
figure shows that the model (F.E. (2» well predicted the axial stress values across the section, 
specially at the corners and in the buckled web area. Model (FE (l» could not predict the stress 
peaks at the corner since the increase in the yield strength at the corners was neglected. 
The above comparisons indicate that the material models proposed herein are valuable in 
obtaining the true deformation behaviour and also the true stress distribution across CFS sections. 
It is very important to accurately establish the stress distribution at ultimate loads, since it is the 
basis for the "effective width" design concept used in codes (CSA, 1994 and AISI, 1991). The 
idea that the existence of residual stresses in CFS sections cancels the effects of increased yield 
strength might be acceptable when considering ultimate load value only, but it may not be valid 
when considering the deformation behaviour and stress distribution across the section. 
5. Conclusions 
The results of 41 tensile coupon tests to evaluate the mechanical properties of cold-formed steel 
(CFS) channel sections have been presented. Also the results of four residual stress tests to 
establish the magnitudes and distributions of residual stresses within the channel sections have 
been presented. Both series of tests showed that the cold bending operation alters the virgin 
material properties of the steel sheet, with the major changes at and around the comers of the 
sections. Models for the distribution of yield strength and residual stresses across channel 
sections have been presented and discussed. The models were used within a finite element 
computer model of sections in compression, and the results showed that the proposed models can 
effectively help in obtaining the true deformations and stress distribution across CFS sections. 
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Appendix: Notations 
Modulus of elasticity of material. 
Tangent modulus of material. 
Proportional limit. 
Longitudinal residual stress. 
Ultimate strength of material. 
Yield strength of flat zone material. 
Fyc Yield strength of corner zone 
material. 
My Increase in yield strength of corner 
zone. 
Pu Ultimate load of section 
Inside bending radius of corner. 
Thickness of steel sheet. 
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EVALUATION AND MODELLING OF THE MATERIAL PROPERTIES 
FOR ANALYSIS OF COLD-FORMED STEEL SECfIONS 
Nabil Abdel-Rahman and K. S, Sivakumaran 
Executive SummlU)' 
The results of two series of experimental investigations on cold-formed steel (CFS) channel 
sections are reported, Tensile coupon tests were used to evaluate the mechanical properties and 
strain gauges with an "Electrical Discharge Machining" technique were used to establish the 
distributions of residual stresses. Mechanical properties and residual stress distributions are 
idealized based on the experimental results, The idealizations are incorporated within a finite 
element model for CFS sections, and the model is evaluated against experiments of sections in 
compressIOn. 
Thirteenth International Specialty Conference on Cold-Formed Steel Structures 
St. Louis, Missouri U.S.A., October 17-18, 1996 
THE MODULUS OF ELASTICITY OF STEEL - IS IT 200 GPa? 
by M. Mahendran* 
Summary 
In cold-formed steel construction, the use of a range of thin, high strength steels (0.35 mm 
thickness and 550 MPa yield stress) has increased significantly in recent times. A good 
knowledge of the basic mechanical properties of these steels is needed for a satisfactory use of 
them. Inrelation to the modulus of elasticity, the current practice is to assume it to be about 
200 GPa for all steel grades. However, tensile test.s of these steels have consistently shown 
t.hat the modulus of elasticity varies with grade of steel and thickness. It was found that it 
increases to values as high as 240 GPa for smaller thicknesses and higher grades of steel. 
This paper discusses this topic, presents the tensile test results for a number of steel grades 
and thicknesses, and attempts to develop a relationship between modulus of elasticity, yield 
stress and thickness for the steel grades considered in this investigation. 
1. Introduction 
The use of cold-formed steel structural members in the building and construction industry has 
increased rapidly in recent times. Cold-formed steel members have the advantages of being 
high strength and light weight and they can be used very efficiently in many applications 
where conventional hot-rolled members arc uneconomical. A very good example of this is 
steel framed housing (see Figure I). 
Figure 1. Application of Cold-formed Steel Construction - Steel Framed Housing 
* Physical Infrastructure Centre, Queensland University of Technology, Australia 
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Cold-formed steel members are also used as roof and wall systems of industrial, commercial 
and farm buildings, steel racks, plane and space trusses, tubular structures and silos (Hancock, 
1994). Although the use of thinner and high strength steel in cold-formed steel construction 
provides a range of advantages, it will cause different failure modes and deformation to those 
of conventional thicker hot-rolled steels and therefore separate design codes are required (SA, 
1988). 
In the Australian building industlY a range of thin, high strength steels are being used in the 
cold-formed steel construction. They are manufactured according to AS1397: Steel Sheet and 
Strip Hot-dipped zinc-coated or aluminium/zinc-coated (SA, 1993) and AS1163: Structural 
Steel Hollow Sections (SA, 1991). Table 1 presents the minimum yield stresses and tensile 
strengths for the steels manufactured to these standards. The AS 1163 steels with the highest 
grade of 450 MPa and the minimum thickness of 1.6 mm are essentially used for hollow 
sections (circular, rectangular and square hollow sections). On the other hand the ASI397 
steels are much higher grades (G550) and thinner steel (0.35 mm) and are commonly used in a 
range of cold-formed structural applications. The designation of AS 1397 steels includes a 
symbol G to indicate that mechanical properties of these steels have been achieved by in-line 
heat treatment prior to hot-dipping whereas that of ASI163 steels include a symbol C to 
indicate cold-forming. It is industry practice to use Base Metal Thickness (bmt), that is, metal 
thickness without coating in steel specification instead of Total Coated Thickness (tct) which 
includes coating. Usually the coating thickness is about 0.05 mm and cannot be for 
steels thinner than 1.0 mm. 
Table 1. Material Properties of Steels according to AS1163 and AS1397 
(From Hancock, 1994) 
Australian Grade Minimum Minimum Min. Elongation (%) 
Standard Designation Yield Stress Tensile Strength on 50 mm gauge 
(MPa) (MPa) length (t < 3 mm) 
AS 1163 C250, C250LO 250 320 22 (CBS), 18 (RHS) 
(1991) C350,C350LO 350 420 20 (CBS), 16 (RlIS) 
C450, C450LO 450 500 16 (CBS), 14 (RlIS) 
AS 1397 0250 250 320 25 
(1993) 0300 300 340 20 
0350 350 420 15 
G450 450 480 10 
0500 500 520 8 
0550 550 550 2 
Note: Chemical composition of these steels are given as a percentage of Carbon, Manganese, 
Phosphorus, Sulfur (ASI397: SA, 1993): 
G250 0.12,0.50, 0.Q3, 0.035 
0300,0350 0.30,1.60,0.10, 0.Q35 
G450, 0500, 0550 0.20, 1.20, 0.04, 0.030 
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As seen in Table 1, the standards do not specify the modulus of elasticity (E) or Poisson's 
ratio for any grade of steel. They have been conveniently assumed to be 200 GPa and 0.3 in 
many design and research projects. These values were initially obtained for thicker mild steel 
plates of Grade 250 or less. A number of text books in this field suggest that these elastic 
properties of steel are practically the same for all grades of steel (see Figure 2 from Davis et 
aI., 1982). The well-known text book by Gere and Timoshenko (1991) gives a range of 190 to 
210 GPa for the modulus of elasticity of steel E. However, researchers have often measured 
higher E values for thinner, higher strength steels. This has been often attributed to inaccurate 
testing procedures. But there is a possibility that the manufacturing processes and thin steels 
which increase the yield stress of steel do increase the E values as well. This project therefore 
investigated this problem using tension tests of steel sheets manufactured according to 
AS 1397 (SA, 1993), and the results are presented in this paper. 
0.012 
Strain 
Figure 2. Idealised Stress-Strain Curves for Steel (From Davis et aI., 1982) 
2. Modulus of Elasticity 
This investigation is aimed at determining whether the modulus of elasticity (E) is constant 
for all grades and thicknesses of steel using laboratory experiments of tensile steel specimens. 
Table 2 presents the reported results on E values in recent research papers. Some of the 
reports do not indicate whether the base metal thickness (bmt) or the total coated thickness 
(tct) was used in their strength calculations or whether coating was removed from tensile 
specimens before testing. However, Table 2 shows that there is a variation in E values within 
the range of 190 to 230 GPa. 
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Table 2. Reported Modulus of Elasticity Values for Steel 
Minimum Measured Nominal Modulus of Reference 
Yield Stress Yield Stress Thickness Elasticity E (GPa) 
(MPa) (MPa) (mm) bmt tct bmt or tct 
550 653 0.6 230 220 Bernard et aL (1992) 
550 670 0.75 218 Mahendran (1995) 
350 392 6.0 208 Sully and Hancock 
(1994) 
324 2.5 206.7 Chen et al. (1994) 
- 420 1.3 190 Davies et aL (1994 
Stress-strain curves can be obtained directly frOl11 standard tensile tests carried out according 
to AS1391 (SA, 1991). The slope of the linear region of these curves will then give the 
required modulus of elasticity (E). However, this procedure may not give aceurate answers. 
Therefore this investigation used tensile coupons which were strain gauged on both sides. 
Tensile tests were caITied out on different grades (G250, G450, G500 and G550) and 
thicknesses (0.42 to 1.6 mm) of steel using the procedure given in AS 1391 (SA, 1991). 
Tensile coupons were 25 mm wide and 300 mm long. Sinee the main objective was to 
determine E values instead of yield stress, a eonstant width specimen was used. Figure 3 
shows a tensile coupon being tested on the Tinius Olsen Testing Machine. A special 
clamping device was used because of the thin steel specimens. Although there are other 
methods such as ultrasonic and resonance test methods to determine the E value of thin steel, 
the method of using strain gauged tensile specimens was used in this investigation because of 
simplicity of test method and unavailability of specialist equipment. 
Figure 3. Tensile Test Set-up 
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For each steel grade and thickness, tensile tests were carried out at a rate of 0.1 to 03 rom / 
minute to 80% of yield stress levels on specimens with and without coating. For the latter 
case, the zinc or aluminiumlzinc coating was removed from the middle of the specimen using 
Hydrochloric acid before installing the strain gauges. As tensile loading was increased strain 
gauge readings from both sides of specimens were reeorded at regular intervals to give a 
minimum of 10 readings in each case. Average strain values and measured stresses based on 
base metal thickness (bmt) were then entered into the Microsoft Excel program and the 
modulus of elasticity E was calculatcd using the LlNEST function based on the method of 
least squares. For each specimen, loading was repeated at least once and the modulus of 
elasticity values obtained were avcraged. In most cases, the difference in E values was 
small, which gave confidcnce in the rcsults obtained. Table 3 presents the results from these 



















Table 3. Results of Tensile Testing 
Thickness (mm) Modulus of Elasticity E (GPa) 
Spec tct bmt Transv. Transv. Long!. Long!. 
(I) (2) (3) UC/bmt Clbmt UClbmt Clbmt 
0.4 0.44 0.39 215 230 211 220 
0.6 0.59 0.54 215 224 208 218 
1.0 0.98 0.93 212 217 206,203x 216 
1.2 1.17 1.13 216 - 211 
1.6 1.56 1.51 209 211 - 210 
1.6 1.65 1.60 220 224 210 222 
1.2 1.20 1.15 230 241 217,224' 226 
o~ 246 225 239 O. 240 228 235 
0.95 0.99 0.95 230 235 220 226 
+: Steel grade or minimum yield stress (measured yield stress) 
Spec. : Specificd thickness in mm 
UC / bmt : bmt was used for Uncoated specimen test results 













x: Results based on a different method of loading the specimens 
using standard weights 
Est.Diff. : Estimated difference in E values for coated and uncoated specimens 
It is international practice to test zinc or aluminium/zinc coated sheet with the coating intact, 
but to calculate the strength on base metal thickness (ASI397: SA, 1993). This is despite the 
fact that aluminium/zinc coating will add to the strength. However, it is used because the 
coating also reduces the ductility parameters and these values must be obtained with the 
coating intact (ASI397: SA, 1993). Despite these, the current practice of using coated 
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specimens and base metal thickness for strength calculations is questionable. However, it is 
believed that the effect of coating will be accounted for in the quoted strength values provided 
the calculations for the design of steel structures are also based on base metal thickness. 
Therefore the E values in Table 3 are based on bmt for both coated and uncoated specimens. 
This practice gives higher stresses (thus higher E values), particularly for thinner coated steels 
of 0.6 mm or less. Based on the current practice, the results from coated specimens cut in the 
longitudinal direction should be used for design purposes. 
The tests on uncoated specimens can be considered to give the E values of bare steel whereas 
those on coated specimens give the E values of the coated steel. Using simple mechanics and 
an approximate E value for aluminium/zinc coating (Ec) of 60 GPa, the difference between 
the two E values mentioned above can bc estimated using (tct/bmt-l) x Ec. The estimated 
difference in E values is included in Table 3 for each case and appears to agree reasonably 
well with the corresponding value from the experiments (column 8 - column 7 value and 
column 6 column 5 value in Table 3). 
Tensile specimens were cut in both longitudinal and transverse directions due to an error in 
the workshop. AS 1397 (1993) stipulates that tensile test pieces shall be cut parallel to the 
direction of rolling for structural grades G250 to G550. However, tensile tests were 
conducted on specimens cut in both longitudinal and transverse directions. The E value in the 
transverse direction was higher than that in the longitudinal direction which is similar to the 
observation on yield and tensile strengths. The difference between these E values was in the 
range of 5 to 15 GPa for the steels tested in this investigation. 
Table 3 results show that E values are much larger than expected for thinner, low alloy steels 
used in this investigation. These results contradict the common belief that a large amount of 
alloy addition is needed to cause a to the E value of steel. Table 3 results also indicate 
the increase in the modulus of elasticity both with the decreasing thickness and increasing 
steel grade. It is believed that these observations may be due to the thinness of steel (0.4 to 
1.6 mm). The plane stress problem for thin steel and the associated change of failure mode 
(shear failure) are considered the possible reasons for the observed higher values of E. 
However, further studies are needed to investigate this problem. 
For the conventional design assumptions, only the results in the last column of Table 3 are 
needed, and are used in the following discussion. When the thickness was decreased from 
about 1 mm to 0.4 mm, all grades of steels had an increase in E value by 5 to 13 GPa whereas 
it was 10 to 19 GPa for all thicknesses when the grade of steel was increased from 250 to 550. 
It may not be correct to assume that the modulus of elasticity E is constant for all grades and 
thicknesses of steel and is equal to 200 GPa. This assumption may mean an error of 20%, and 
thus may also mean the corresponding buckling loads can be in error by similar magnitudes. 
Although this error leads to a conservative design, it may be appropriate to use exact values of 
E. The manufacturers may be able to recommend an E value for each grade and thickness 
steel in a similar manner to yield stress. If not, testing may have to be conducted to determine 
the E values in each case. This may be essential in research projects where accurate 
predictions of failure loads are needed. On the other hand a simple formula is more useful to 
designers and researchers. Therefore attempts were made to develop a simple formula to 
determine E as a function of bmt (t in mm) and yield stress (Fy in MPa) using the results in 
the last column of Table 3. Equations (1 a) and (1 b) were thus developed to give the modulus 
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of elasticity of the steel sheet in the direction of rolling using coated steel and bmt in strength 
calculations. The former was developed based on measured thickness and yield stress values 








It is to be noted that the above equations are only applicable to structural steel grades 
manufactured according to AS 1397 (1993). The equations are approximate. They were 
derived using a simple method of fitting the best curve for the data (Table 3) obtained from 
the limited number of experiments from this investigation. Exact E values can only be 
obtained by accurate tensile testing of steel. 
3. Conclusions 
With the increasing use of a range of cold-formed high strength and thin steels in the building 
and construction industry, a good knowledge of the basic mechanical properties of these 
steels, namely, the yield and tensile strengths, the modulus of elasticity and ductility 
parameters is needed. This paper has eoncentrated on the topic of modulus of elasticity of 
steels. Tensile tests of steels with different grade and thickness revealed that the current 
practice of assuming the same modulus of elasticity value of 200 GPa for all grades and 
thicknesses of steel may be inaccurate. An approximate formula has been developed in terms 
of thickness and yield stress of steel. 
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GEOMETRIC IMPERFECTIONS AND RESIDUAL STRESSES FOR USE IN THE 
ANALYTICAL MODELING OF COLD-FoRMED STEEL MEMBERS 
Benjamin Schafer! & Teoman Pekoz2 
ABSTRACT 
Geometric imperfections and residual stresses influence the behavior and ultimate strength 
of cold-formed steel members. Advanced analytical models (i.e. nonlinear finite element 
models) must reflect this by including appropriate geometric imperfections and residual 
stresses. To date, little has been done to summarize the existing literature on these topics. 
As a result, no consensus exists for what magnitudes or distributions should be used when 
including geometric imperfections and residual stresses in the analysis. In this paper 
existing literature is reviewed and a new series of measurements carried out with the goal 
of providing basic guidelines for the use of geometric imperfections and residual stresses 
in analytical models. The study results in promising methods for the measurement of 
imperfections, and shows that the existing literature can be used to at least partially realize 
the goal of using "practical inputs" in advanced analytical models. 
1 INTRODUCTION 
Finite element modeling of cold-formed steel members can be a daunting task. When 
loaded to ultimate strength cold-formed steel members typically exhibit a large post-
buckling regime which is difficult to predict due to its sensitivity to input parameters and 
its relatively high degree of nonlinearity. Element selection, mesh discretization, boundary 
conditions, type of loading, geometric imperfections, residual stresses, and material 
models all influence the final results obtained by the analyst. The goal here is to examine 
two of these inputs: geometric imperfections, and residual stresses. Accurate modeling of 
geometric imperfections and residual stresses is important because they influence the 
ultimate load, and how that load is carried by the member. 
IGraduate Research Assistant, Department of Civil and Environmental Engineering, 
Cornell University, Ithaca, New York 
2Professor, Department of Civil and Environmental Engineering, Cornell University, 
Ithaca, New York 
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Despite the fact that many now seem to be undertaking finite element studies of cold-
formed steel, little consensus has been reached as to what reasonable inputs are for the 
models. Given the power the analyst has, consistency across the field in the inputs would 
allow other researchers and practitioners to have more faith in the results. The goal here is. 
to examine existing experimental data as wel1 as perform additional experiments in order 
to make a first proposal on guidelines for analytical modeling of some aspects of cold-
formed steel members. 
2 GEOMETRIC IMPERFECTIONS 
Geometric imperfections in cold-formed steel members refer to the deviations of an actual 
member from a "perfect" geometry. These imperfections include bowing, warping, or 
twisting of a member, as well as local imperfections such as dents, and plate waviness. It is 
not practical, nor is it generally required, to have a detailed understanding of the complete 
imperfection pattern existing in the member. The strength of a given cold-formed steel 
member is particularly sensitive to imperfections in the shape of its eigenmodes. If the 
amplitude of imperfections in the lowest eigenmodes is known, that infonnation is 
sufficient to adequately characterize the most influential geometric imperfections. To this 
end, existing experimental data is gathered, and new experiments are conducted to make 
conclusions about what magnitude of imperfection analysts should be using. 
2.1 Existing Experimental Data on Imperfections 
A large number of researchers have investigated geometric imperfections of cold-formed 
steel members. Data was collected from experimental work completed by Bernard (1993), 
Dat and Pekoz (1980), Ingvarsson (1977). Kwon (1992), Lau (1988), Mulligan (1983). 
and Thomasson (1978). Despite these investigations of geometric imperfections no 
attempt has been made to find any general characterization of geometric imperfections. In 
particular, much is left to be understood about the variation of plate imperfections along 
the length. An additional drawback to the cited research is that almost all of the data is for 
press-braked sections. Only the four deck sections tested by Bernard are roll-formed. In 
fact, the vast majority of the data is from lipped C-sections. However, all the researchers 
reported the maximum imperfections. Therefore, despite the limitations of the data one 
can get an overall view of the maximum geometric imperfections in cold-formed steel 
members. 
2.1.1 Maximum Geometric Imperfections 
As mentioned, the analyst is generally most concerned with imperfections that correspond 
to the eigenmodes of the member. Maximum imperfections can be used to provide 
conservative upper bounds for imperfection magnitudes of the eigenmodes of the member. 
These upper bound imperfection magnitudes can be used to determine lower bound 
strength predictions by the analyst. While it is true that larger imperfections do not always 
mean lower strength, if the maximum imperfections are used only for the magnitude of the 
lowest eigenmodes, the strength decreases as the magnitude of the imperfection increases. 
Of course, this use of the maximum imperfections is a simplification. In fact, since the 
maximum imperfections are not periodic along the length, using the maximum 
imperfection as a magnitude for the buckling shapes is quite conservative. Despite these 
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drawbacks, the maximum imperfections provide a reasonable criteria for a lower bound 
strength analysis. 
For members in bending or compression two common buckling modes of importance are 
local buckling and distortional buckling; see for example: Kwon and Hancock (1992). The 
existing data on geometric imperfections from Bernard (1993), Dat and Pekoz (1980), 
Ingvarsson (1977), Kwon (1992), Lau (1988), Mulligan (1983), and Thomasson (1978) is 
sorted in to two categories: (type I) maximum local imperfection in a stiffened element, 
and (type 2) maximum deviation from straightness for a lip stiffened or unstiffened flange. 
The two imperfection types are illustrated in Figure I. The data corresponding to the type 
1 imperfection may be conservatively used as the imperfection magnitude for the local 
buckling mode. The type 2 measurements may be conservatively used as the imperfection 
magnitude for the distortional buckling mode. These approximations provide upper bound 
imperfection magnitudes for these two modes. 
2 
Figure 1 Definitioll of Geometric Imperfections 
2.1.2 Predicting Type 1 Imperfections 
The data for the type I imperfections in a stiffened element (as illustrated in Figure 1) is 
gathered and plotted in Figure 2 and Figure 3. The imperfection (d,) is normalized by the 
plate thickness (t). In Figure 2, the imperfections are plotted against the plate slenderness -
width divided by thickness (wit). It is possible that due to the local nature of impelfections 
the dependence of the imperfection is due to the material thickness alone. This relationship 
is investigated in Figure 3. Neither Figure 2 nor Figure 3 provide a definitive explanation 






mean (dlt) = 0.50 
std. dey. (dlt) = 0.66 
x (dlt)=0.0058(w/t)+O.03 
200 30n 400 
wit 
50{) 
Figure 2 Element Slenderness vs. Normalized 
Type 1 Imperfection 
d = (6t)e ·2, 
t(millimcten.) 
Figure 3 Material Thickness vs. Normalized 
Type 1 Imperfection 
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In order to provide some guidance on predicting the imperfection magnitudes simple 
equations based on the plots have been generated. In Figure 2, a best fit (least-squares) 
linear regression line is reported for the data. Simplifying that equation slightly, a coarse 
first approximation for the maximum imperfection based on Figure 2 is: 
d l ""O.006w Eq i 
Figure 3 shows an exponential curve that approximates the trend of the data. Based on 
this curve a second equation for predicting the maximum imperfection is proposed: 
(d/ and t in millimeters) Eq 2 
d l I 52Ate-
50S
! (dl and t in inches) Eq3 
2.1.3 Predicting Type 2 Imperfections 
The type 2 imperfections in a unstiffened or lip-stiffened element (as illustrated in Figure 
I) are examined in a manner similar to the type I imperfections. However, a plot for the 
material thickness versus the imperfection magnitude is excluded, because no trend exists 
in this plot for the type 2 imperfection. Figure 4 shows the element slenderness vs. the 
normalized type 2 imperfection. In Figure 4, Mulligan's results are circled to show the 
scatter found by one researcher for approximately the same slenderness. The tight group 
of results at a slenderness of 80 are all for another researcher: Kwon. This indicates that 
this imperfection is influenced largely by the manufacturer and not by the slenderness of 
the element. As a simple rule of thumb, the maximum deviation from straight, for elements 
with slenderness less than 80, is approximately equal to the plate thickness (dlt = I). If one 
ignores any dependence on width or thickness and simply uses the average of the data, 
then the imperfection is approximately 1.8 millimeters or 0.07 inches. 
mean (dll) = 1.29 
std. dey. (dll) = 1.06 




Figure 4 Element Sielldemess vs. Normalized 
Type 2 imp"feclioll 
2.1.4 Treating Maximum Geometric Imperfections as Random Variables 
Another approach is to use the collected data and assume imperfections are random 
variables (see Schafer, Grigoriu, and Pekoz 1996). This treatment ignores any dependence 
on the slenderness of the plate but allows one to more fully examine the influence of the 
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large variation that exists in imperfection data. Figure 5 shows the histogram for the type 1 
imperfection and Figure 6 shows the histogram for the type 2 imperfection. The figures 
may also be used to select more conservative values for the imperfection magnitudes, 





F.g.lre 5 Histogram oINormaUzed Maximum 
Type 2 fmperfec/iolls 
Figure 6 Histogram of Maximum Normalized 
Type 2 fmperjectiollS 
2.2 Measurement of Imperfections on a Typical Roll-Formed Member 
The experimental data for geometric imperfections mentioned so far has distinct 
limitations. While the maximum deviation is of some interest as an upper bound, or 
perhaps as a descriptor of the worst "dents" in the member, they tell little about the 
average, or expected member imperfections. Also, since only a small amount of 
information is known about the deviation of the imperfections along the length - the 
existing data does not give a direct indication of the buckling modes which the 
imperfections might trigger. The existing data is also limiting, because no attempt has been 
made to imperfection patterns - rather the imperfections of a particular member 
are always studied alone. In order to examine what if any periodicity exists in the 
imperfeetion of real cold-fOlmed steel members an experimental program is undertaken for 
measuring these small magnitude imperfections. A method for carrying out this work is 
determined, and demonstrated on a roll-formed section used in practice. 
2.2.1 Experimental Measurement of Local Geometric Imperfections 
As an example, eleven nominally identical specimens are selected for study. The geometry 
of the specimens is shown in Figure 7. The thiekness of the members (t 0.9mm or 20 
gauge) is relatively small, therefore these specimens are expected 
to exhibit measurable local geometric imperfections. Figure 8 
illustrates the experimental setup that is used for the measurement 
of the local imperfections. The specimen is mounted on the table 
91,"," of a milling machine. This is done by laying the member flat on the 
milling table and then using vice grips to attach the section to two 
premounted angles. The milling table provides a flat reference 
surface for the measurement of the imperfections. The actual 
measurement is carried out by replacing the dJili bit of the milling 
machine with a DCDT. This forms the basic mechanism for 
Figure 7 Nominal Geometry measuring the local imperfections. The procedure is automated 
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through the use of the motor which drives the x direction motion of the milling table, and 
by gathering the data in a PC. The DCDT measurements are turned on and recorded in the 
computer at a constant rate. The milling table motor is then engaged. The table moves at a 
constant rate for a specified distance. Thus, since the sampling rate is constant, and the 
distance is known, then the distance between measurements is also known. This procedure 
is carried out on the top flange of 11 nominally identical specimens. For instance, the first 
plot of Figure 9 shows the imperfection deviation that was found along Specimen 3. 
mounting angle 
Figure 8 Experimelllai Setup 
-, .L-________ ~~--~----~~--------~~--------~~ 
-, .L-________ ~~--------~~--------~~----------~ 
x location (mm) 
Figure 9 Imper/ectioll Data for Specimen 3 
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2.2.2 Determination of Periodicity in the Imperfection "Signal" 
The primary purpose of the experiment is to determine the local imperfections along the 
length of the member. This information allows any periodicity that exists in those 
imperfections to be investigated. Periodicity is important, because the eigenmodes of the 
member are characterized by certain wavelengths, or frequencies. In order to examine the 
periodicity of the imperfections a Fourier transform is used. The Fourier transform works 
on the principle that any function can be expressed as a summation of sine terms with an 
appropriate amplitude, frequency, and phase shift. To understand how the Fourier 
transform is used, an example is helpful. Assume that the third plot of Figure 10 
corresponds to the imperfections along the length of some plate. This example 
imperfection is specially constructed as a superposition of two sine curves, as shown in the 
first two plots of Figure 10. A Fourier transform is performed on the imperfection "signal" 
and the result is the final plot of Figure 10. This plot has two distinct peaks, corresponding 
to the original two sine curves used to generate the imperfection. The transform reveals 
both the amplitude and frequency of the underlying sine curves. For an arbitrary 
imperfection pattern, peaks in the transform plot correspond to dominant sine waves in the 










~ 11190 imperfection frequency (1Imm) 
Figure 10 Example of Ihe use of FOllrier Trallsform 
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Signal Transform 
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Figure J J Impel/eelioll Sigllal and Fourier Trallsform of J 1 Specimens 
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2.2.3 Examination of Local Imperfection Experimental Results 
In order to prepare the raw experimental data for comparisons, and for the Fourier 
transform, some post-processing is required. 9 shows the post-processing of the 
data (in this case for Specimen 3) that is typical for this experiment. The imperfection 
quantity of interest is the deviation from perfect geometry. This deviation is found by 
determining a best-fit (least-squares) linear regression line for the raw data, and then 
subtracting this line from the raw data. The normalized data (the difference between the 
raw data and the regression line) is shown in the second plot of Figure 9. Further post-
processing is required for the Fourier transform. It is desirable that the spacing of the 
measurements be equal for the 11 specimens. This insures that when comparing the 
Fourier transforms the same frequencies are compared from member to member. Since the 
original experimental data is sampled at slightly different rates, interpolation is needed to 
create an imperfection signal which is sampled at the same rate for all 11 specimens. The 
largest sampling rate used for the 11 specimens governs the sampling rate that is used in 
generating the Fourier transform. The final plot of Figure 9 again shows the normalized 
data, and in addition shows the same data sampled at the rate used in the transform, offset 
slightly from the original data for the purposes of comparison only. 
In order to examine the periodicity of the data, Fourier transforms of the imperfection 
signals are completed. These transforms plot the imperfection frequency versus the 
impelfection amplitude. For instance, an imperfection frequency of O.01mm- 1 corresponds 
to an imperfection with a wavelength of 110.01 or lOOmm (half-wavelength of 50mm). 
Figure 11 shows the imperfection signal and Fourier transform for all 11 specimens. 
Figure 11 readily allows comparison from specimen to specimen and from signal to 
transform. In examining the signals the spikes in specimens 6, 8 and 10 are most evident. 
These spikes correspond to visible dents in the top flange of those specimens. Except for 
the spikes, the imperfection signal is always within ±Imm. The Fourier transform of the II 
specimens more directly reveals the underlying structure. Despite the difference in the 
signals, the transforms all have relatively similar graphs: one or two low frequency peaks 
followed by little or no content after 0.OO5mm- l . This figure dramatically shows that 
periodicity does exist in the local imperfections of these members. 
2.2.4 Characterizing Imperfections of Roll-Formed Specimens 
The results of Figure II show the need for categorizing a general imperfection amplitude 
spectra for local imperfections of cold-formed steel members. As a first attempt at such an 
idea, the 11 transforms are averaged and used to create Figure 12. Figure 11 is an example 
of a curve that could be used to find the expected imperfection magnitude in any mode, or 
even generate a complete imperfection pattern, How would the spectra be used? For 
instance, sayan elastic finite strip analysis (or any buckling analysis for that matter) 
indicates a sensitivity to modes with a half-wavelength of 500mm. This corresponds to an 
imperfection frequency of [(500)(2)r l = O.OOlmm'l. Examination of the inset of Figure 12 
indicates an expected imperfection magnitude of approximately O.llmm. Thus analytical 
modeling of the specimen should include the buckling mode with a 500mm half-
wavelength at an amplitude of approximately 0.11 mm. Of course this is only for the 
specimens analyzed, but the power of such a method is evident. Analytical models could 
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use imperfection patterns that are simple and realistic, thus improving the state of the art. 
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Figure 12 Average Imperfectioll Spectra 
2.3 Proposed Guidelines for Modeling Imperfections 
0.015 
Up to this point the primary advice for imperfection magnitudes has been to use the value 
O.1t (1 % of the thickness). This value is thought to be large enough to avoid numerical 
problems that arise if imperfections are ignored, but small enough to allow other modes to 
contribute in the nonlinear analysis. In some regard this is still a reasonable guideline. 
However, a more practical approach for modeling imperfections is to use the bounds that 
the existing experimental data suggest. An eigenvalue analysis can be used to determine 
the imperfection distribution and the existing experimental data can be used to determine 
its magnitude. Of course, complete imperfection patterns such as Figure 12 suggests 
would be better, but they are still some time in coming. Thus if a limited amount of 
analysis is to be done, then for the imperfections, it is reasonable to get a lower bound 
strength by using the upper bound maximum imperfections only. More ambitious analysts 
may try to use the spectra of Figure 12 or treat the imperfections as random variables and 
conduct a Monte Carlo simulation using the data of Figure 5 and Figure 6. 
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Suggested Conservative Analysis - Distribution and Magnitudes: 
Distribution: Use a shape which is dominated by the lowest buckling mode. 
Magnitude: Use equations appropriate for the lowest mode. 
Local Buckling: d , '" 6te-21 (dJ and tin mm) or d] '" 0.00611' 
Distortional Buckling: d2 /t = 0.014 w/t + 0.5 or d2 = 1.8mm 
Additional Analysis - ImpeliecliQn Magnitude and Distribution: 
1. Use 12, or generate other imperfection spectra to 
a) find the imperfection magnitude in critical modes or 
b) generate a complete imperfection distribution. 
2. Conduct a Monte Carlo simulation for imperfections. 
3 RESIDUAL STRESSES 
The topic of residual stresses in cold-formed steel is particularly troublesome for the 
analyst. Inclusion of residual stresses in the model can be complicated. In addition, 
selecting an appropriate magnitude for the residual stresses is difficult due to a lack of 
data. As a result, residual stresses are often excluded from the model altogether, or the 
stress-strain diagram of the material is modified in an attempt to model the effect of 
residual stresses. Whi,e in some cases these approaches may be the only viable solution, it 
excludes an important behavioral aspect of cold-formed steel members. Cold-formed 
members are dominated by the tlexuraI or through thickness variation of the residual 
stress. This variation of residual stresses leads to early yielding on the faces of cold-
formed steel elements. This important aspect of the load carrying behavior of cold-formed 
material is completely lost without the inclusion of residual stresses. 
3.1 Existing Experimental Data on Residual Stresses 
In order to determine what distribution and magnitude of residual stresses should be used 
in modeling cold-formed steel, the work of Batista and Rodrigues (1992), Bernard (1993), 
Dat and Pekoz (1980), Ingvarsson (1977), Key and Hancock (1993), Kwon (1992), and 
Weng (1987) are gathered and examined. The body of work covers both press-braked 
(PB) and roll-formed (RF) specimens. Table I shows the researchers and the type of 
specimens they examined. 
Table J Summary oj S{Jecimell Type Jor Researchers 
Researcher RF PB 
Batista and Rodrigues 2 1 
Bernard 3 3 
Dat 2 2 
Ingvarsson 0 2 
Key 1 0 
Kwon 0 2 
Weng 8 3 
16 13 
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The data is further broken down into the different elements where the residual stresses are 
measured. The four selected areas are: corners, edge stiffened element (Le. flange of a 
"C"), lips (Le. the edge stiffener itself), and stiffened elements (Le. web of a "C", flange of 
a "hat"). Table 2 shows the number of measurements at each location and what forming 
method was used to make the specimens. 
Table 2 Locatioll of Residual Siress Measuremenls 
Researcher RF PH 
Corners 24 15 
Edge stiffened element 36 71 
Lip 8 4 
Stiffened element 83 55 
151 148 
The residual stresses themselves are broken down into two types: flexural and membrane. 
Figure 13 shows the types of residual stresses considered. This breakdown can be 
misleading because analytical models usually have more complex distributions, but since 
the only experimental measurements are at the faces, the breakdown seems reasonable, if 
not wholly justified. The data for residual stresses is presented either as a percentage of 
the yield stress (%Fy) or as a ratio of residual stress to yield stress (FrlFy). With the data 
thus organized a proper investigation of residual stresses in cold-formed steel members 
can be made. 
in 
bending/flexural membrane out 
Figure J 3 Definition of Flexural alld Membrane Residual Siress 
3.1.1 Membrane Residual Stresses 
In order to examine the data on membrane residual stresses, histograms and a statistical 
summary are provided. Figure 14 and Figure 15 show histograms of the collected data for 
the membrane residual stress in roll-formed and press-braked members respectively. Table 
3 shows the results for the membrane residual stress as a %Fy broken down by location in 
the cross-section. At first glance the histograms seem to indicate that the membrane 
residual stress is essentially zero. Examination of Table 3 shows this to be only partially 
true. The membrane residual stress for corners, and for lips of roll-formed members, 
appear significant. In addition, the membrane residual stresses are more prevalent in the 
roll-formed members. Thus analysis which ignores all membrane residual stresses may be 
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Figure 14 RF Membrane Residual Stress (FrIFy) Figure 15 PB Membrane Residual Siress (FrIFy) 
Table 3 Membrane Residual Slress as %Fy 
RF PB 
mean variance mean 1'''' tt"''-'' 
Corners 6.76 1.06 5.24 0.44 
Edge Stiffened 3.87 1.02 0.90 1.03 
Lip 7.86 1.50 0.25 0.28 
Stiffened -1.7 1.24 0.88 0.14 
3.1.2 Flexural Residual Stress 
Flexural, or bending, residual stresses are the most important component of the residual 
stress. They introduce the through thickness variation of residual stress in the material that 
proves significant in the analysis. In addition, the magnitude of the flexural residual 
stresses can be quite large, measured residual stresses equal to 50%Fy are not uncommon. 
In addition to large magnitude, the measured flexural residual stresses show a large 
amount of variation. The calculated mean and variance for the flexural residual stress 
broken down by location in the cross-section is reported in Table 4. The histograms of the 
flexural residual stress are shown in Figure 17. Figure 17 clearly shows the difficulty in 
characterizing residual stress by its mean alone. For edge stiffened elements the mean of 
the data is a relevant statistic, but what about for the corners? Despite these shortcomings, 
an analyst can not generally afford to do a series of analyses with different residual 
stresses, so one is left with the averages. Average values for both roll-formed and press-
braked sections are shown graphically in Figure 16. The figure highlights the differences 
between roll-formed and press-braked sections, as well as showing the variation around 
the section. For a more conservative approximation of the residual stresses, the histograms 

















Figure 16 Average Bending Residual Siress as %Fy 
Table 4 Flexural Residual Stress as %Fy 
RF PB 
mean variance mean variance 
Corners 26.84 5.00 32.71 3.30 
Edge Stiffened 23.47 1.00 8.05 2.47 
Up 6.72 6.38 55.95* 11.65 
Stiffened 38.92 6.21 16.89 4.48 
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Figure 17 HistogramsJor Flexural Residual Stress 
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3.1.3 Press-Braked versus RoH-Formed 
Due to the nature of residual stresses it seems quite reasonable to assume that press-
braked sections and roll-formed sections have different residual stresses. This assumption 
is borne out by the collected data. Table 5 presents the mean and variance for all the 
collected data for roll-formed and press-braked specimens, It is clear. that residual stresses 
are significantly higher in roll-formed members. 
Table 5 Summary Statistics RF "~So PB 
mean 
variance 









3.2 Proposed Guidelines for Modeling Residual Stresses 
Figure 17 demonstrates that even in the cases where a fair amount of existing data can be 
found, a deterministic value for residual stress magnitudes is difficult to determine. A few 
points one can make with certaiuty are: that residual stresses are larger in roll-formed 
members, and that membrane residual stresses are quite small. These are not new 
conclusions; rather, the tests have borne out the assumptions most already make. Thus the 
analyst is left to treat residual stresses in a rather crude manner. Using Figure 16 and 
assuming that the membrane residual stresses are zero is a reasonable assumption if only 
one analysis is to be conducted. The histograms on Figure 17 could be used to select more 
conservative values for the residual stress magnitude. 
Suggested Analysis· Residual Str<!J.$Mqgnitlide and Distribution: 
Distribution: Assume flexural residual stress only, 
Magnitude: Use the appropriate values from Figure 16. 
Additional Conservative Analysis· Residual Stres~.M(lgni.wde and Distribution: 
Distribution: Include a composition of flexural and membrane residual stress. 
Magnitude: Use Figure 17 to select conservati ve values. 
4 CONCLUSIONS 
A great deal of complexity is required for the analytical modeling of the ultimate strength 
of cold-formed steel members, Comparison of results among analysts, as well as the 
usefulness of the analytical results requires a greater consensus on the inputs used in the 
modeling process. To this end, geometric imperfections and residual stresses are examined 
with the hope of determining practical distributions and magnitudes for their use in cold-
formed steel modeling. Conservative bounds for imperfection magnitudes are established 
through an examination of the existing literature. The resulting equations for the 
imperfection magnitudes are limited, but do provide some characterization of imperfection 
magnitudes. A better approach is demonstrated experimentally. Eleven nominally identical 
specimens are shown to have periodicity in the local imperfections measured on the top 
flange. This method shows that characterizing geometric imperfections by an imperfection 
spectra may be a useful tool for future analysts and researchers. Examination of existing 
data on residual stresses once again demonstrates the difficulty in understanding the 
magnitude and distribution of residual stresses. Nonetheless, it is possible to provide some 
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insight into what values should be selected. The average flexural residual stresses are 
suggested for normal use in modeling residual stresses. While it is certainly true that much 
more needs to be done in this area, the authors hope that this paper will begin a discussion 
on more accurate and consistent inputs used in the analysis of cold-formed steel members. 
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COLD-FORMED STEEL SECTIONS EXPERIMENTAL DAT A BASE 
Dan Dubina (1) Mircea Georgescu (2) Dorina Goina (3) 
Viorel Ungureanu (4) Emilian Iorgovan (4) 
Thin-walled cold-formed member critical load in the coupling point of overall/local buckling modes 
is defined, together with critical load erosion factor (1jI). A calibration method for (1jI) using an 
experimental database called DATACOST is presented. 
1. Introduction: The ECBL Approach for Interactive Buckling of Cold-Formed Thin-walled 
Steel Members 
Cold-formed thin-walled members are prone to local instability. Following thin walls buckling, 
cross-section area (A) is reduced to (Aerr). The reducing factor of area (Q) may be defined as: 
Q == A'/f I A .On the basis of Erosion of Critical Bifurcation Load ( ECBL ) theory, for coupled 
instability modes [Gioncu, 1992], in [Dubina et ai, 1995] a new approach was proposed of overall-
local interactive buckling assuming the two theoretical simple instability modes that couple, in thin-
walled compression members, are the Euler bar instability mode, 11 if. (X = relative reduced 
member slenderness) and the local instability mode eN L ) described by means of the reducing factor 
of area, N L Q . The resulting eroded curve describing coupled instability mode is NCX, Q, 1jI) (see 
Fig. I). 
Critical load maximum erosion (due to both imperfections and coupling effect) occurs in instability 
modes interaction point M (X 11 JQ)where the erosion factor (1jI) is defined as: 
IjI=NM =NL-N=Q--N (I) 
where N eX = II JQ, Q, 1jI) is the relative interactive buckling load. 
(I) Professor of Structural Mechanics, Technical University of Timisoara, CMMC Department, Str. 
Stadion 1, RO-1900 Timisoara, Romania 
(2) Senior Lecturer of Steel Structures, Technical University of Tim is oar a, CMMC Department, Str. 
Stadion 1, RO-1900 Timisoara, Romania 
(3) Research Assistant, Romanian Academy, Timisoara Division, Bd. M. Viteazul 24, RO-\900 
Timisoara, Romania 
(4) Assistant Professor, Technical Univcrsity of Timisoara, Department of Architecture, str. Traian 
Lalescu 2A, RO-\900 Timisoara, Romania 
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It must be underlined that Q is not precisely the theoretical local buckling curve, but it can be 
assumed (in a simplified manner, of course) as a level of the cross-section local buckling mode. 
However, Winter formula for computing effective width and Q is not a theoretical one because it 
was obtained in a semi-empirical way, modifying the theoretical formula given by Von Karman on 
the basis of experimental tests. On the other hand it is nevertheless evident that, even using Winter 
formula in Q computing, the fact of not considering at all the interaction between component walls 
of the cross-section, causes an under evaluation of the short member strength. 
The Ayrton-Perry equations used to plot European buckling curves for hot-rolled members may be 
quite easily adapted for thin-walled cold-formed members [Dubina et ai, 1995]. Dubina has shown 
that the following relations exist between the solutions of adapted Ayrton-Perry equations and the 
values of eroded coupling load, either in compression or in bending (see also fig. I): 
Compression members 
- -2 
- l+a(A-O.2)+QA 1 ~ - -22-2 
N =2~--::::::r [1 + a(1.. - 0.2) +Q1.. ] -4QA =(I-lV)Q 
2A 21.. 
Bent Members 
In upper formulas, the following transformations may be operated: 
Compression members 
A lIJQ 





This represents the new formula of "a" imperfection coefficient which should be introduced in 
European buckling curves in order to adapt these curves to overall-local buckling. 
2. Experimental Approach for the Evaluation of \If Erosion Factor 
There are three distinct approaches that can be used to evaluate \If Erosion Factor: 
I. the analytical approach, that can be developed in the frame of the general theory of elastic 
stability, having as main goal to compute the low of axial rigidity of the related colunm in the 
vicinity of critical bifurcation point; 
2. the numerical approach based on Finite Element (FEM) or Finite Strip (FSM) non-linear analysis 
of the behaviour of thin-walled columns in the vicinity of critical bifurcation point; 
3. the experimental approach that is involving a statistical analysis of a representative series of 
column test results corresponding to specified cross-section shape which are characterised by 





:;: = 11 JQ (see 2 and 3). 
Due to the complexity of the first two approaches, the experimental approach seems to be the most 
appropriate way to evaluate the erosion factor. 
This approach is performing a statistical analysis on a representative series of column test results. 
Specific cross-section shapes are used (characterised by means of Q factor) included in a 
slenderness range close to the interactive buckling point M. This range is defined by :;: = 11 -JiJ ± I:; 
(see fig. 2 and 3). 
If n tested memhers are available, and M"", are defined as experimentally measured i 
member strengths, while N ",I and M"p, plastic i member strengths in compression and bending 
respectively. 











In figures 2 and 3 mexl> represents the mean value of reduced member strength n tested specimen 
within the interactive buckling slenderness range and sexp is the standard deviation of these 
experimental values. 
The experimental approach for (1f) evaluation includes the following steps: 
1. Compute the individual erosion for the i column specimen: 
Compression Bending 
'Vi Qi -Ni,exp \V i QLT,j - lvt,e:\"p (8) 
2. Compute the mean value of 'I' erosion factor for all n columns with the same cross-section shape, 
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fli· ... ·j • 
(9) 
3. The experimental results that lead to excessively distant results from former mean value should 
be eliminated. 
Reduced specimen series results introducing new boundaries by means of an imposed scattering for 
the experimental value, A: 
%A 11f-'Vmh'm·IQO (10) 
A 50% to 70% scattering of eX'Perimental values is quite usual in stmctural cngineering. 
N=NiNpl 
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Fig. 3 - Evaluation ofWLT Erosion Factor by means of expcrimental tests 
Only the experimental values included within this scattering limited range will be used to compute 
Wd factor. 
4. A new (\1/,.) value is computed using the resulting number of n, :0; n specimens. as well as the 
related standard deviation (S,p)' 
5. The design value of the erosion factor (\jId) results as: 
\jI d = \jim + 2sy (11) 
3. Cold-formed Steel Sections Experimental Database 
Current design experience has led to the observation that European buckling curves used at present 
for hot-rolled steel profiles are not entirely suitable for thin-walled cold-formed ones. In the same 
time, plotting new buckling curves by a similar cxperimental campaign to the one performed in 
Europe in the years 1970, is a difficult and expcnsive task. Thus, thc idea has appeared of collecting 
all available experimental data from the ficld of thin-walled cold-formed (TWCF) mcmbers in the 
frame of a database. Using this database, together with ECBL theory and appropriate statistical 
processing of relcvant test series, new values of the imperfection factor (a:) from the European 
buckling curves can be obtained, adapting these curves to TWCF members. 
The DATACOST package was designed within MICROSOFT ACCESS medium, taking into 
account the facilities offered by this software. DA T ACOST is including experimental data files (in 
the form of database tables), computation procedures for various statistical processing of stored test 
results, as EUROCODE 3-Part 1,3 and AISI-LRFD/1990 Design Codes. A general flow chart of 
DAT ACOST package is shown in figure 4. 
At the present stage, DATACOST user should follow the next sequence: 
I) Select from the Main Panel of DA T ACOST the problem type (Fig. 5); 
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3) Experimental data file corresponding to selected specimen series is displayed. The data files may be 
selected following the research source or the author. The computation procedure according to ECBL, 
to EC3 or AISI-1990 Design Codes may be also selected (Fig. 7); 
4) Gross cross-section properties obtained by processing are displayed; 
5) Effective cross-section properties obtained by processing are displayed; 
6) Theoretically predicted ultimate load and the ratio between theoretical and experimental ultimate 
load, together with the failure modes are given 8); 
7) Statistical experimental/theoretical results analysis and graphs using MICROSOFT EXCEL may 
be optionally requested. 
4. Numerical Examples 
The experimental results for columns obtained in the MSM Laboratory of the University of Liege 
[Batista 1987], [Rondal 1992] and at Cornell University [Weng & Pekoz, 1990] will be used in 
order to evidence the experimental approach for IjI factor evaluation. 
In order to study erosion coefficient IjId change, several interaction ranges (II.JQ ± E), as well as 
scattering values were proposed. Corresponding results are presented in tables I to 4. 
Table I-Erosion coefficient .Specimen series: 49 channel section tested in Liege [Batista, 1987] 
Scattering -I). 30% I 50% 70% 
Interaction range IjIm sl;J lI'd I IjIm S" IjId IjIm S" 
IIQv. ± 0.15 0.249 0.043 O~ 0.261 0.080 0.421 0.247 0.089 
lIQ .. ± 0.20= 0.193 0.038 O. 0.208 0.068 0.344 0.208 0.068 
lIQu ± 0.25 0.193 0.038 O. 0.185 0.062 0309 0.198 0.069 
Table 2-Erosion coefficient. Specimen series: 100 lipped channel section tested in Liege 
[Batista, 1987] 
Scattering-I). 30% 50% 70% 
Interaction rangc IjIm s", IjId IjIm S, IjId IjIm S" 
lIQ'o± 0.15 0.236 0.039 0.314 0.234 0.072 • 0.378 0.232 0.099 
l/Q'J±0.20 0.242 0.041 0.324 0.248 0.069 0.386 0.239 0.097 









Table 3-Erosion coefficient. Specimen series: 71 lipped channel section tested at Cornell U 
[Weng&Pekoz, 1990) 
Scattering-I). 30% 50% 70% 
Interaction range IjIm 8\1 IjId IjIm Sllf IjId IjIm S,' IjId 
I 
I 
l/Q" ±0.15 0.325 0.060 0.445 0.319 0.084 0.487 0.303 0.096 0.495 • 
IIQv,± 0.20 0.335 0.061 0.457 0.329 0.097 0.523 0.316 0.105 0.526 
l/Q'u± 0.25 0.336 0.058 0.452 0.310 0.097 0.504 0.311 0.110 0.531 
! 
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Table 4-Erosion coefficient. Specimen series: 216 hollow section tested in Liege [Rondal, 1992]. 
Scattering 30% 50% 70% 
Interaction range 
'I'm S\jl lJ1d lJ1m s,v lJ1d lJ1m SIjI lJ1d 
IIQ . ± 0.15 0.288 0.033 0.354 0.286 0.072 0.430 0.296 0.091 0.478 
I/Q .. ± 0.20 0.281 0.035 0.351 0.281 0.066 0.413 0.274 0.094 0.462 
l/Qv '± 0.25 0.277 0.043 0.363 0.268 0.067 0.402 0.266 0.087 0.440 
It is evident from upper tables that in case of compressed members, lJ1d erosion coefficient is few 
sensitive in respect with interaction range (11 JQ ± t:) changes, but considerably influenced by 
scattering change (raising with scattering increase). 
Studying experimental ultimate load Nexp relation to the theoretically predicted load Nth (computed 
by using ECBL method and lJ1d values extracted from tables 1-4) leads us to a good correlation in 
case of plain channel sections tested in Liege (p>0.9) respectively to a satisfactory one in case of 
lipped channel section tested at Cornell University and hollow section tested in Liege (0.8< p <0.9) 
as evident from Figures 9 to II. 
A good safety level (m-2s) results for plain channel and hollow section tested in Liege and for 
lipped channel section tested at the Cornell University. 
In case of bent members, the experimental data carried out at the University of Salford [Lovell, 
1985J and University of Strathclyde, in Glasgow [Rhodes & Harvey, 1970], [Seah, 1989], included 
in DATACOST, are used to evaluate lJ1LT' 
In case of bent members the values of the erosion factor, for both lipped channel and ehannel 
section, calculated for different interaction ranges € and scattering ~ are presented in Tables 5 and 6, 
respectively. 
Table 5 Values of Erosion Faetor for Lipped Channel Section Beams 
Rhodes Lipped Chaanel Section (41 Tests) 
Scattering ~ 30% 50% 70% 
Inter. rallge lJ1m Sl:J lJ1~ lJ1m Sw lJ1d lJ1m s'v lJ1d 
IIQVJ ±O.IS 0.309 0.035 0.379 0.305 0.036 0.376 0.302 0.034 0.371 
IIQv.J ±0.20 0.309 0.D35 0.379 0.314 0.046 0.407 0.320 0.052 0.424 
IIQu" ±0.25 0.291 0.068 0.428 0.299 0.072 0.442 0.308 0.071 0.450 
Lovell's Lipped Channel Seetion (27 Tests) 
lIQv. ±0.15 0.233 0.039 0.311 0.233 0.039 0.311 0.224 0.037 0.297 
lIQv ±0.20 0.238 0.078 0.394 0.211 0.055 0.321 0.231 0.072 0.374 
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Figure 11 - Relation between Nexp and Nth - Hollow Section Liege/Belgium 
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Studying experimental ultimate bending moment Mexp relation to the theoretically predicted 
ultimate bending moment Mlh (computed by using ECBL method and 'I'd values extracted from 
table 5), leads us to good correlation, respectively to good security levels in case of lipped channel 
sections tested at Salford University, as evident from figures 12 and 13. 
Tables 6 and 7 give comparatively the two series of a values to be used for cold-formed lipped 
channel section columns corresponding to EC3 and ECBL approach. 
TABLE 6 - Values of a imperfection factor to be used in interactive buckling of Cold-formed 
Lipped Channel Section Columns 
TABLE 7 - Values of aLT imperfection factor to be used in interactive buckling of Cold-formed 
Channel Section Beams 
,--''-'----
Typical buckling curves plotted using ECBL method, for compression channel and hollow sections 
and for bent channel and lipped channel sections are presented in figures 14 to 17. A comparison is 
made with the corresponding buckling curves plotted using European code EUROCODE 3-Part 1.3 
and also with experimental values. 
5. Concluding Remarks 
I. Only database fundamental principles and some illustrating examples have been given in the 
present paper, since its building is still an ongoing process. 
2. On authors' opinion, such a database (in connection with ECBL method) could solve in a very 
economic way the buckling curves problem for thin-walled cold-formed profiles. 
3. Concerning ECBL method generality, as distorsional buckling mode is modelled at the present 
time by a conventional equivalent width, the method seems to apply on the coupling between 
overall (member) buckling and distorsional buckling also. 
4. From the very beginning, DATACOST was intended to be an open expert system and a 
continuously developing one, especially concerning the following topics: data acquisition; 
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Fig. 17 - EC3 and ECBL Buckling Curves: Channel Section Beams 
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However, the purpose of building such a complex expert system cannot be reached by a single 
research team only, mainly concerning the acquisition of experimental data. We are thus inviting all 
interested research teams to join us in the frame 0/ an international co-operation by providing us their 
experimental results in the field o/TWCF steel members. All participating teams in this international 
co-operation willfi·eely benefit o/the product lise. 
Though initially built as a logistic support in plotting specific buckling curves for TWCF steel 
members based on ECBL theory, DAT ACOST has much larger possibilities as: 
-the benefit of a large accumulated volume of experimental data; 
-theoretical prediction of compressionlbent member strength according either to EUROCODE 3-Part 
1.3 or to AISI LFRD Design Codes; 
-various numerical comparisons and statistical processing of included data. 
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gross cross-section area 
effectivc cross-section area 
relative axial load 
axial load 
Euler critical buckling load 
relative Euler critical buckling load 
experimental member strength in compression 
full plastic resistance of the column 
relative experimental member strength in compression 
local buekling load 
relative local buekling load 
theoretically predicted value of ultimate load 
the elastic critical moment for lateral torsional buckling for the gross cross-
section 
experimental member strength in bending 
full plastic moment 
relative experimental member strength in bending 
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theoretically predicted value of ultimate moment 
the mean value ofNex/Nth ratios or Mex/M'h ratios 
reducing factor of area in interactive local-overall buckling 
reducing factor of section modulus in interactive local-lateral torsional 
buckling 
the standard deviation related to NexplN'h ratios or Mex/M'h ratios, 
re specti vely 
the standard deviation related to IVi and IVm values 
coefficient of variation related to NexplN'h and McxiMth ratios respectively 
section modulus of the effective cross-section when subject only to moment 
about relevant axis 
the full plastic section modulus of the cross-section 
imperfection coefficient for compression members 
imperfection coefficient for bent members 
scattering of experimental results 
interaction range 
partial safety factor 
reduccd relative member slenderness for compression members 
reduced relative member slenderness for bent members 
correlation factor between experimental and theoretical results 
erosion factor for compression members 
erosion factor for bent members 
the mean value of IV erosion factor for a given series of experimental data 
design value of erosion factor 
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COLD·FORMED STEEL DESIGN BY SPREADSHEET PROGRAM 
by Scott A. Burns :I< 
This paper demonstrates how to use advanced features of a spreadsheet program to design cold-
formed steel members efficiently. The example presented in the paper concerns a hat section in 
flexure which is to be designed for maximum bending strength with a restriction on the total 
amount of steel that can be used. The nature of the formulas and data entered into the spreadsheet 
program are presented. 
1. Introduction 
Today's spreadsheet programs have features that go beyond standard "what-if' type analysis. 
Microsoft Excel3 for example has a "Solver" module that will automatically adjust the values of 
specified cells in order to achieve a desired condition, such as producing a minimum or 
maximum value in another celL This module can easily be applied to the design of cold-formed 
steel members to achieve efficient designs. 
Cold-formed steel structural members are used in a wide variety of ways, such as in 
building wall systems and automobile frames. Relatively simple forming operations (brake 
pressing, stamping, or roll forming) can produce a wide variety of structural shapes and sizes. 
Cold-formed sections can be very economical, particularly if production costs can be spread over 
a large number of identical units manufactured. 
The design of light-gage cold-formed members involves considerations such as local 
buckling and post-buckling behavior that can make the design process somewhat complicated 
and iterative in nature. The automated goal-seeking features of the spreadsheet program can 
assist in finding section dimensions that satisfy all design requirements, relieving the designer of 
the more tedious aspects of light gage steel design. 
In this paper, we focus on the selection of the cross-sectional dimensions of a hat section 
loaded in flexure. Previously, Seaburg and Salmon have investigated the minimum weight design 
of cold-formed flexural members.4 Here, we approach the somewhat different problem of sizing 
the cross section to make the bending strength as large as possible while maintaining a fixed 
upper limit on volume of steel and depth of section. The techniques presented here are 
extendable to other section types, member types, or even to entire structural systems. 
2. Problem Statement 
The Illustrative Examples section of the AlSI Cold-Formed Steel Design Manual1 presents the 
steps that one would take to analyze a hat section in flexure (see Figure 1 in this paper or 
Example 5 in the Design Manual). This example provides us with a good starting point for 
redesign by spreadsheet. Thus, our goal will be to optimize this hat section to maximize the 
allowable bending moment that it can safely support while maintaining the existing cross-
sectional area (1.43 in2 or 921. mm2) and overall section depth (4 in or 102. mm). 




The problem will be posed in the fonn of an optimization statement known as a "mathematical 
program." It will treat key dimensions of the hat section (e.g., flange width, web height, sheet 
thickness, etc.) explicitly as design variables that will appear within constraint expressions that 
reflect the rules of the AISI specification.2 An objective junction that expresses the bending 
strength in tenns of the design variables completes the fonnulation. 
Since optimization is typically an iterative procedure that requires the selection of a starting 
point, the cross-sectional dimensions provided in the AISI example will be used to initiate the 
solution process. The mathematical program will be solved using Microsoft Excel, and the 
solution will be compared to the original section to assess the increase in moment capacity 
achieved by the optimization process. 
4. Formulation 
One of the most difficult aspects of designing cold-fonned steel beams is how to properly treat 
the effects of local buckling. Light-gage steel members are very likely to have compression 
elements with large width-to-thickness ratios that are susceptible to local buckling. In many 
cases, the local buckling of a compression element does not cause global failure. If the element is 
stiffened, then the section can sometimes carry additional load beyond that causing first 
buckling. The local buckling causes a redistribution of stress toward the stiffeners, and overall 
failure does not occur. This phenomenon is known as "post-buckling strength." 
The AISI specification treats local buckling by eliminating a portion from the center of 
each stiffened compression element in the modeled cross section. Each resulting compression 
element has an "effective width" that is used instead of the actual width for calculating the 
section properties. Figure 2 shows the modeled cross section of the hat section, where both the 
compression flange and the compression portion of the webs have been modified to account for 
local buckling. The magnitude of the effective width of each element depends on several factors, 
including the actual stress level in the element. This can make the design process tricky, since 
calculating the actual stress in the element requires knowing the section properties, but the 
section properties are dependent upon the effective widths of the compression elements, which in 
turn depend on the actual stress in the elements. Thus, a simple analysis of a given cross section 
can sometimes require an iterative process. 
4.1 Design Variables 
Figure 2 shows the five independent design variables: 
w, the flat width of the compression flange; 
h, the flat height of the web; 
t, the nominal thickness; 
w l' the flat width of each tension flange; 
hl , the flat height of the lip. 
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The inside bend radius, R, is not an independent variable since it usually depends on the sheet 
thickness. It will be specified to be twice the sheet thickness through an equality constraint in the 
fonnulation. Likewise, the effective width of the compression flange, b, the overall depth, d, and 
the distance from the neutral axis to the extreme compression fiber, y c' are also dependent 
variables that will be specified as functions of the five independent variables in the fonnulation. 
Other dependent variables will be introduced later to simplify the constraint expressions in the 
fonnulation. 
Five quantities will be specified as "design parameters." These quantities will be assigned 
fixed values during the optimization process, yet will be represented explicitly in the constraint 
expressions. They are: 
m. the inside bend radius multiplier; 
Amax. the maximum cross-sectional area; 
dmax, the maximum overall depth of the section; 
E, the modulus of elasticity; 
F y' the yield strength. 
By representing these parameters explicitly in the fonnulation, we are able to extend the 
applicability of the formulation to a wider range of specific cases more easily. For example, by 
solving the optimization problem with a series of different maximum overall depth values, we 
may observe how the maximum depth requirement impacts the optimal design. 
4.2 Section Properties 
The AISI Design Manual recommends a tabular procedure to calculate the section 
properties, based on a line idealization of the cross section. The table contains six columns, as 
shown in Table I. This table presents the section properties for the AISI example problem shown 
in Figure 1. Note that the length of element 5, the compression flange, has been given a reduced, 
effective length instead of its actual length in this table to account for local buckling. Section 4.3 
will discuss how the effective length is calculated. Also note that the web is assumed to be fully 
effective (no portion is removed for local buckling effects). This assumption must, of course, be 
checked at the end of the design process to assure that it was justified. The distance from the 
neutral axis to the extreme compression fiber is calculated as the ratio of two column totals: y c = 
1:(Ly)/1:(L) = 43.54/17.70 2.46 in (62.5 mm). The moment of inertia is also found from the 
column totals using the parallel axis theorem: Ix t [L(Ly2) + 1:(11) - L(L)Yc2] = 0.06 [141.4 + 
8.43 - 17.7 (2.46)2] = 2.56 in4. (107. cm4). 
To pose a mathematical program that reflects the effect that the design variables have on 
the behavior of the beam, the section properties must be expressed in terms of these design 
variables. Table 2 presents the modified section properties table. To simplify the expressions, 
five new dependent variables have been defined (d1 through ds). The following set of equations 
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d j t/2+r+h-hJ2 
d2 t/2 + r + h + C 
d3 t/2 + h + 2r 
d4 t/2 + r + h/2 
ds r + t/2 c 
l:(L) '" 2ht + 6u + 2wt + 2h + b 
l:(Ly) 2h td j + 4ud2 + 2wtd3 + 2hd4 + bt/2 + 2uds 
l:(Ly2) = 2htd j 2 + 4udl + 2wtdl + 2hd/ + be/4 + 2uds2 
Yc l:(Ly)/.E(L) 
Ix t [l:(Ly2) + 2h t 3/12 + 2h3/12 - .E(L)Ye2] 
Note that by introducing the dependent variables (R, r, u, c, dl • ~,d3, d4• ds • .E(L). L(Ly), 
.E(Ly2), b, Yc' and Ix), we increase the dimensionality of the problem, but minimize the algebraic 
manipulations that we must perform. Imagine how complex the moment of inertia equation 
would be if dependent variables were not used! We reduce the chance of making algebraic errors 
and make the problem easier to formulate at the expense of Shifting more of the computational 
effort to the optimization computer program. 
4.3 Effective Width 
The effective width of the compression flange, b, is the only quantity in the preceding set of 
equations which has not yet been defmed in terms of the independent variables, w. h, t, Wt. and 
ht. If the wIt ratio of the compression flange is small enough, then the effective width equals the 
actual width because local buckling will not occur. In this case. the compression flange is termed 
"fully effective." The maximum value of w/t for which the flange is fully effective is expressed 
through a quantity called A in the AISI specification: 
If A ::;; 0.673, then p = l. 
IfA > 0.673, then p = (l-O.22/A)A. 
b pw 
The value of k in this case is 4. The quantity fe is defmed as the actual stress in the compression 
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flange when the section frrst yields. Since the first yielding can occur in the tension flange, fc 
might be less than Fy. Normally, fc is initially assumed to equal Fy. and once the analysis of the 
section is complete, this assumption is checked. When this assumption is used and the tension 
flange yields frrst, then fc must be adjusted, which leads to an iterative, trial-and-error procedure. 
We can avoid this iteration in our mathematical program if we define another dependent variable, 
Mn, the nominal bending moment which causes first yield of the section. Then fc can be defined 
as fc := ~y JIx using an additional equality constraint in the mathematical program. This allows 
us to use fc directly in the expression for A without the need for iteration. The constraints 
establishing the dependent variable Mn will be developed in the following section. 
4.4 Inequality Constraints 
The beam is designed so that the nominal bending moment causes first yielding at one of the 
extreme fibers of the section. The allowable bending moment results from dividing the nominal 
bending moment by a factor of safety (=1.67 for the AISI specifications). We may determine the 
nominal bending moment in terms of two inequality constraints, one for the compression side 
and the other for the tension side: 
Here, we define Yt = d Yc' where d h + 2r + t. Since our objective is to maximize the allowable 
bending moment, Mn/1.67, one of the two inequality constraints will be forced to become active 
(become a strict equality) during the optimization process. We need not be concerned with which 
flange yields first; this will automatically be established by the optimization process. 
The original problem statement was to maximize allowable bending moment while 
maintaining the same cross-sectional area and section depth of the AISI illustrative example. 
This leads to two additional inequality constraints: 
t(2h t + 6u + 2wt + 2h + w) SAm"" 
d Sdmax. 
4.5 Complete Formulation 
The design parameters for this example, which are fixed during the optimization process, are: 
=2, 
= 1.43 in2 (921. mm2), 
= 4.00 inches (102. mm), 
29,000 ksi (200,000 MPa), 
= 50 ksi (345. MPa), 
The design variables are: 
the inside bend radius multiplier; 
the maximum cross-sectional area; 
the maximum overall depth of the section; 
the modulus of elasticity; 
the yield strength. 
686 
w flat width of the compression flange (independent); 
h flat height of the web (independent); 



















flat width of each tension flange (independent); 
flat height of the lip (independent); 
inside bend radius; 
effective width of the compression flange; 
overall section depth; 
distance from the neutral axis to the extreme fiber in compression flange; 
distance from the center of radius of the bend to the centerline of the bend; 
length of the bend centerline arc; 
distance from the center of radius to the center of gravity of the bend; 
distance from top fiber to c.g. of lip; 
distance from top fiber to c.g. of lower bends; 
distance from top fiber to c.g. of tension flanges; 
distance from top fiber to c.g. of webs; 
distance from top fiber to c.g. of upper bends; 
sum of column 2 of Table 2; 
sum of column 4 of Table 2; 
sum of column 5 of Table 2; 
moment of inertia of the section; 
effective width cutoff parameter; 
effective width multiplier; 
actual stress in compression flange when first yielding occurs on either flange; 
nominal bending moment causing first yielding; 
distance from the neutral axis to the extreme fiber in tension flange. 








d1 t/2 + r + h - hJ2 
d2 t/2 + r + h + C 
d3 t/2 + h + 2r 
d4 t/2+r+h/2 
ds r + t/2 - c 
:E(L) 2h[ + 6u + 2w[ + 2h + b 
L(Ly) '" 2h[d1 + 4ud2 + 2wtd3 + 2hd4 + bt12 + 2uds 
L(Ly2) '" 2h[d12 + 4udl + 2wtdl + 2hd/ + bt2/4 + 2uds2 
Yc :E(Ly)/L(L) 
1,. t [:E(Ly2) + 2h//12 + 2h3/12 - :E(L)Yc2] 
A. 1.052 (w) f!; Jk tVE 





d - Yc 
h + 2r + t 
t(2h t + 6u + 2w t + 2h + w) S Amax 
d S dmax. 
S. Spreadsheet Implementation and Solution 
Figure 3 presents this problem as it might appear in spreadsheet form. The sheet has been divided 
into five regions, containing the independent variables, the parameters, the dependent variables, 
the objective function, and the constraints. The format is a matter of style: at a minimum, only 
the objective function value and independent variable values need to appear in the spreadsheet. 
The names, symbols, units shown in Figure 3 are provided to improve the readability of the 
spreadsheet. 
Figure 4 shows the formulas that were entered into the cells. There are four sets of formulas 
defined. The first set comprises the dependent variable definitions in cells C20 through C39. 
Symbolic references to other cells have been defined to make formula entry easier. For example, 
typing "ht" into a formula would refer to the value in cell D7. The objective function value is 
also a formula, referring to the value of the nominal bending moment appearing in cell D9. 
The graph of the section appearing in the sheet is produced by defining an X-Y plot using 
the values defined in cells F31 through 044. This diagram will change to reflect the new cross 
section as the optimization takes place. 
Another set of formulas appear in the constraints portion of the sheet. Two formulas are 
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defined for each constraint. and are associated with one another through either an equality or an 
inequality!elationship. The equal sign or inequality sign appearing in column C is purely 
cosmetic. The relationship is established formally in Figure 5, when the "Solver" dialog is 
invoked in Excel (under the Tools menu). In this dialog. the objective function cell is identified, 
the independent variables are identified. and the constraints are dermed. When the "Solve" 
button is pressed. Excel performs the optimization and returns the values listed below in the 
"Optimal Section" column: 
Variable Starting Value Optimal Section Final Solution 
w 8.69 in (221. rnm) 3.04 in (77.3 rnm) 2.62 in (66.5 rnm) 
h 3.69 in (93.8 rnm) 3.41 in (86.6 rnm) 3.37 in (85.7 mm) 
0.06 in (1.52 rnm) 0.0987 in (2.51 rnm) 0.1046 in (2.66 mm) 
WI 2.69 in (68.3 mm) 1.15 in (29.2 rnm) 0.918 in (23.3 rnm) 
ht 0.596 in (15.1 rnm) 0.00 in (0.00 rnm) 0.00 in (0.00 rnm) 
R 0.0938 in (2.38 mm) 0.197 in (5.00 rnm) 0.209 in (5.31 rnm) 
b 2.57 in (65.3 mm) 3.04 in (77.2 mm) 2.62 in (66.5 rnm) 
d 4.00 in (102. mm) 4.00 in (102. rnm) 4.00 in (102. rnm) 
Yc 2.46 in (62.5 mrn) 2.00 in (50.8 rnm) 2.00 in (50.8 rnm) 
r 0.124 in (3.15 rnm) 0.247 in (6.27 rnm) 0.262 in (6.65 rnm) 
u 0.195 in (4.95 rnm) 0.387 in (9.83 rnm) 0.411 in (10.4 rnm) 
c 0.079 in (2.01 rnm) 0.157 in (3.99 rnm) 0.167 in (4.24 rnm) 
d1 3.55 in (90.2 mm) 3.70 in (94.0 rnm) 3.69 in (93.7 mm) 
d2 3.93 in (99.8 rnm) 3.86 in (98.0 rnm) 3.85 in (97.8 rnm) 
d3 3.97 in (101. mm) 3.95 in (100. mm) 3.95 in (100. rnm) 
d4 2.00 in (50.8 rnm) 2.00 in (50.8 rnm) 2.00 in (50.8 mm) 
ds 0.075 in (1.91 mm) 0.139 in (3.53 rnm) 0.147 in (3.73 mm) 
l:(L) 17.7 in (450. mm) 14.5 in (368. rnm) 13.7 in (348. mm) 
l:(Ly) 43.5 in2 (281. cm2) 29.0 in2 (187. cm2) 27.3 in2 (176. cm2) 
l:(Ly2) 141. in3 (2311. cm3) 86.3 in3 (1414. cm3) 80.0 in3 (1311. cm3) 
Ix 2.56 in4 (107. cm4) 3.45 in4 (144. cm4) 3.32 in4 (138. cm4) 
A 3.14 0.673 0.547 
P 0.296 1.000 1.00 
fo 50.0 ksi (345 MPa) 50.0 ksi (345 MPa) 50.0 ksi (345 MPa) 
Mn 52.0 in·k (5.88 kN m) 86.3 in·k (9.75 kN m) 83.0 in·k (9.38 kN m) 
Yt 1.54 in (39.1 rnm) 2.00 in (50.8 rnm) 2.00 in (50.8 rnm) 
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The allowable bending moment was increased 66% from the initial starting design without an 
increase in volume of steel nor depth of section. Note that the optimized section has simultaneous 
yielding in both flanges at M". Also the compression flange is as slender as it can be without 
having to sacrifice material to a reduced effective width. The lip has disappeared in the optimal 
design. 
The optimal design specifies a sheet thickness that does not match a standard gage of 
available sheets. To remedy this, the variable t was set equal to the nearest standard value (12 
gage or 0.1046 in or 2.66 mm), and the optimization process was repeated. The final solution is 
shown above and is presented in Figure 6. Note that the variables change considerably to 
simultaneously accommodate the new sheet thickness and the maximum permitted cross-
sectional area. The compression flange moves away from the slenderness cutoff value (A = 
0.673) in order to take full advantage of the maximum permissible section depth. The flanges 
still yield simultaneously at failure. The nominal bending moment decreases 4% as a result of the 
additional restriction placed on the problem (the forced sheet thickness). 
There are a number of final checks that must be made. It was assumed that the web would 
be fully effective. Checking section B2.3 of the AISI specification confirms that the optimal 
design maintains a fully-effective web. Other check!. that must be performed include maximum 
width-to-thickness ratios of each flange element (AISI section B 1.1), maximum width-to-
thickness ratios of each web (AISI section B 1.2), maximum allowable shearing force (AISI 
section C3.2), web crippling (AISI section C3.4), and combined bending and web crippling 
(AISI section C3.5). The optimal solution passes all of these checks. 
6. Summary and Discussion 
A spreadsheet program has been programmed to design a cold-formed steel beam to maximize its 
bending strength while maintaining a fixed volume of steel and section depth. A mathematical 
program was formulated and solved using the Solver module in Microsoft Excel. The 
formulation was posed for a general hat section, so it can be re-used for a variety of different 
applications (Le., different steel strength, allowable section depth. allowable cross-sectional area, 
etc.) With very little modification, the formulation could be changed to minimize volume of steel 
for a given applied bending moment, or to maximize or minimize any other quantity that can be 
expressed in terms of the variables. Other design considerations could be added to the 
formulation to customize it for specific applications, such as constraints that determine and limit 
the maximum displacement of the beam. By producing a series of optimal designs for a range of 
parameter values, sets of efficient standardized sections could be developed. 
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Appendix-Notation 
Am"" maximum cross-sectional area; 
b effective width; 
c bend center of gravity location; 
d overall depth; 
d; dependent variables; 
dmax maximum overall depth of the section; 
E modulus of elasticity; 
fc maximum compression at first yield; 
F y yield strength; 
h flat height of the web; 
ht flat height of the lip; 
Ix moment of inertia; 
A slenderness factor; 
m inside bend radius multiplier; 
Mn nominal bending moment; 
r mid surface bend radius; 
R inside bend radius; 
p reduction factor 
nominal thickness; 
u arc length of bend; 
w flat width of the compression flange; 
w t flat width of each tension flange; 
Yc distance from neutral axis to extreme compression fiber; 
Yl distance from neutral axis to extreme tension fiber. 
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Effective Distance from 
Element Length. L (in*) top fiber. y. (in) 
1 1.192 3.548 
2 0.780 I 3.925 
3 5.384 3.970 
4 7.384 2.000 





Yc = 43.540 /17.70 = 2.46 in 
I. 0.06 [ 141.418 + 8.423 - 17.70 (2.46)2] = 2.56 in4 










Table 1. Section properties table for the example in Figure 1. 
Effective Distance from 
Element Length.L top fiber. y Ly Ly2 
1 2 ht t/2+r+h-h,/2 (=d l ) 2h,dJ 2h,dJ2 
~ 4u 1/2+r+h+c (= dz) 4ud2 4udi 2wt 1/2+h+2r (= d3) 2w,d3 2wt<ll 2h t/2+r+h/2 (= d.J 2hd4 2hd42 b 1/2 bt/2 b12/4 
6 2u r+I/2-c (= dS> 2uds 2uds2 
sum I:(L) I:(Ly) I:(Ly2) 
Yc I:(Ly) / I:(L) 
Ix = t [I(Ly2) + 2h,3/12 + 2h3/12 - l:(L) yc2] 
Table 2. Section properties table for mathematical program. 
It' about its 

















1"--------- 9.000 in 
1-------- 8.692 in --~------__I 
l~ 






Figure 1. ExampJe #5 of the Illustrative Examples section of the AISI Cold-Formed Steel Design Manual. 




typical 90' bend 
Figure 2. Effective section with shaded areas removed to account for local buckling. 
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I A B C 0 E F G 
1 HatSectfon Scott Burns 4/5/96 I 
2 Independent Variable. name I LB svmbol value UB units 
3 flat width of , flance w 1.6! 
4 ftat helcht of web h 1.6! 
5 nominal !hickness t 1,0< 
6 flat width of each tension flange WI ',6! 
7 flat wid!h 01 lip ht >,5! 
8 effecflve width 0 b :,5; 20 in 
9 nominal ~nding moment 0 MIl 53,000 500 In,k 
10 
11 name symbol value unIts 
12 insid~ bend ra~J1us multi !Jar m 2 none 
* 
maximum cross~ssctionaJ area Amax i.428 in'2 
=-" maxln:.um overall section dE?pth .. dmax 4 in 
'is mOdulus 01 elasticity E 29000_ ksl 
16 yield strength Fy 50 ksl 10 
17 
18 un~ 8 19 Dependent Varlabl •• neme- symbol eqn 6 
20 Inside bend radius R 0,120 in 
21 height 01 bend tb 0,150 In 4 
22 jltC length of bend ub 0.236 in 2 
23 centroid 01 bend cb 0,096 in 
24 location of lip centroid i d_ 3.574 In 0 
25 location of lower d_2 3.9138 In 
26 location of tension d_3 4,022 in 
-2 0 2 4 6 8 10 12 14 l mt location d_4 2.026 In localion of uEeer bend oontroi~ 0_5 0,084 in sum of effective lengthsl sumL 17,946 in first moment of effective lengths sumly 44,729 loA2 
31 second moment of effectiYe leng!h. sumLy2 147.466 InA3 0.746 
32 neutral axis w,r.1. lOp fiber yc 2.492 in 0.15 
33 moment of inertia Ix 2.664 In'4 0," 0 
,34 total depl ,of •• ctlon d 4,052 in 2,8~ 0 
35 neulral axis w,r: bottom fiber Vi L560 In 2,99: 0,15 
36 @ first Yield max oempr stress, Ie 49,581 ksl 2,99: 3,642 
37 max tens sires, @firstYield It 31.024 ksl 3,14: 3.992 
38 slenderness factor lambda 3,15' none 1,834 3,992 
39 1 reduction factor rho 0,295 none 1,964 3.642 
40 1.984 0,15 
41 12.134 
42 Ob active Function name symbol egn un lis 14.826 
~ ___ .. __ .. momentcapac1ty~_~,ooo In,k 14,976 0,15 44 
Cons!ralnls name I valualeqn '~ 14,976 ',746 45 . valueieqn name 
r-# .. aUecflve wld!h, ~ 2.573 = 2,58608024 ,rho' w 
r-U- ~. maxocmpr ~ess @!lrs!yleld! 49,5813404 .. 50 Iyield stress . ..~ 48 max tens stress@B!L0243691 .. 50 Iyield stress . ..._ 
~ -'-----"oss2s:~~~17~:~~---i~~1 .. .428 allow~~e ~~ ____ ~-+_"". ______ 
.50 < 4 max deplh 
Figure 3. Spreadsheet structure and starting point for design, 
A B 
1 HetSection 
2 Independent Vatili.i~S name LB 
r+ flat width of come(e~~ion flan e 0 4 flat height of web 0 
5 nominal thickness,Q 
6 flat wid1h of each teliSion flange 0 
7 flat wid1h olli 0 
8 effective width 0 
9 nominal bending moment 0 
10 
11 Parame.rs name svmbol 
12 inside bend radiu~_f!:I~I~(er m 
13 mm:ilTll.lm cross-sectional area Am"" 
14 maximum overall section deoU; omax 
15 modulus of elastici E 
16 yield strength I Fy 
17 
18 
19 Dependent Variables namo symbol 
20 inside bend radius', R 
21 heiQht o(bOnd rb 
22 arc leng1h of bend ub 
23 centroid of bend cb 
24 location 'Of lip centroid d 
25 location Oof lower bend centroid d_2 
26 location of tension flanoo centroid d 3 
27 loCallon of web centro,d d_4 
...g. localion of uooer beno centroid d2 
29 sum 01 sumL 
30 fitst moment of effective lengths sumLy 
31 second moment of effective 1e!'!9.~ sumLv2 
32 neutra! axis w.o. top fiber yc 
33 moment of inertia Ix 
r# IOtal de!>1h of section d 35 neutral axis w.r.t. bottom fiber yt 
36 max compr stress @ first yield Ie 
37 max tens stress @ first leld ft 
36 slenderness factor lambda--
39 effective width reduction factor. rho 
40 
4\ 
42 Objective Function nome symbol 
43 moment capacity Mn 
44 
45 Constrolnts name VaJue/eQn 
46 effective width, b .b 
47 max c:ompr stress @ first yiekl .fe 
46 max tens S~$$ @ first yield ·ft 
49 cross-sectional area • sumL-h+W)'1 
























•• II2HI>+h+Ob in 
.1I2.h.2·rb in 
... tI2+rb+hJ2 in 
.rb+II2-eb in 
.2·hl+6"ub+2·wt+2·h.b in 
.Z·hrd 1+4'ub'd 2.2·wro_3.2'h·o 4.b"V2+2·ub·d 5 if)~ 
",,2'N"'d 1"2+4*ub-d 2-'2+2"wrd 3 .... 2+Z·h·d 4"2+b·t"212:+2~~~~"2 in'S 






.1.052" wln'SORT AIlS IclE))12 none 





= .. rho"w 
< .Fy 
< .Fy 
< .. Amax 
< .. dmax 
figure 4. Spreadsheet fonnulas corresponding to Figure 3. 
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Figure 5. Objective function and constraint definitions. 
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Figure 6. Final optimized section. (Bending moment capacity = 83.0 in-k; 
cross-sectional area = 1.43 in2; overall depth = 4 in.) 
